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PREFACE TO VOLUME TWO 


In the construction of all our modern buildings of any prominence, and 
indeed even in some of our simpler structures, the mind trained in engineer- 
ing principles works in close harmony with the mind evolving the archi- 
tecturally serviceable and beautiful. In our more pretentious buildings, 
involving the use of complicated designs in wood, steel or concrete, the 
architect relies almost entirely upon the engineer for all structural advice. 
A sympathetic knowledge of the principles underlying the other’s field 
by each party to this partnership is indispensable, not only from the 
viewpoint of economy and serviceability, but also because of the broad- 
ening influence which such a knowledge lends each in appreciating both 
the architectural and structural limitations in juxtaposition. 

The architect who aims to become reasonably well- versed in the funda- 
mental principles of structural design and detail will not so arrange a plan 
as to i>enalize the construction, but will be able to sense the usual economic 
principles and govern his layout accordingly. Likewise, the engineer 
should become as well versed in the general practice of the architect as 
possible, in order that lie may wisely guide those features of the design 
which seriously affect his efforts toward economy, without any .sacrifice 
in the beauty or serviceability of the building. 

It is with the object of bringing about this closer cooperation that this 
volume is written. An attempt has been made to outline in a simple 
fashion those features of engineering which an architect might well com- 
mand as a part of his general knowledge. In presenting these, they 
have been closely tied into correct architectural and engineering practice, 
so that not only the architect but also the engineer may profit thereby. 

The volume has been subdivided into five books, as follows: 

♦ 

Book One — Wood Construction 

Book Two — Steel Construction 

Book Three — Concrete Construction 

Book Four — Walls and Foundations 

Book Five — The Mechanics of Structural Design. 

The reasons for so dividing the volume arc undoubtedly obvious. Each 
of these phases of engineering practice are often specialties and with this 
in mind the authors have made each a separate entity. Combined, it is 
hoped they will reflect a composite of the modern practice of structui$.l 
engineering as applied to Architectural Construction. 

The authors have striven diligently to emulate the latest and best 
practice in actual construction and have included as many recent examples 
of such practice as possible for the purpose of illustration. In all cases 
each principle of structural design has been analyzed so that its practical 
application, and therefore its incident interest to the architect and en- 
gineer would be self-evident. The relation of this principle to the entire 
building and to those architectural and structural details which control 
it has been studiously considered. This principle has been brought to 
the mind of the reader by practical illustrations so that he might analyze 
it and so that its fundamental, theoretical conditions might be clear. 

v 
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Each step has been covered by illustrative problems and followed by 
correlative problems for solution. The principle has then been tied into 
the major body of structural design and detail in its proper chronological 
order, so that it then might serve as a basis for the study of the next step. 

In attempting a subject so laden with mathematical data and symbols, 
it would be fortunate indeed if no errors were made. The present status 
of engineering opinion shows many different ) joints of view. The authors 
have humbly expressed their opinion, based upon their best knowledge 
and judgment. Again, they lay no claim to have exhausted so com- 
prehensive and so ever-changing a field. They will be glad to receive 
criticisms from any source, of possible errors, which may tend to make 
future editions of the volume more useful to the profession. 

Tilt* authors wish to take this opportunity to express their gratitude, 
and sincere appreciation to Messrs. Leonard K. Goguen and Carl M. 
Stiles for their faithfulness and skill in aiding in the preparation of illus- 
trative matter. Our gratitude is due also to several architects, engineers, 
and product* companies, who have loaned photographs and drawings 
for purposes of illustration. These arc acknowledged at various points 
throughout the volume. 


PREFACE TO BOOK TWO 

This subdivision of Volume Two, called Book Two, deals with the 
principles and practice of design and detail in structural steel. It is 
assumed that the reader has a working knowledge of structural mechanics. 
Many other materials, necessary in the steel frame, are of necessity in- 
cluded and are discussed from the point of view of load delivery in as 
practical a way as possible. 

This book, then, deals primarily with the problems which confront the 

designer of huilriincrs whinh urn frnmoH pRRpniiflllv with atnwfural 
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PLATE 1 TOP — A BESSEMER CONVERTOR IN ACTION 
BOTTOM — POURING A HEAT 
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Courtesy of the United States Steel Corporation 
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PLATE 3 A typical STOCK yard Courtesy of the New England Structural Company 



Eastern Bridge & Structural Co. 



PLATE 4 A TYPICAL SHEET OF BEAM DETAILS Courtesy of the Eastern Bridge and Structural Company 
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plate 5 typical, template shop Courtesy of the Sew England Structural Company 





PLATE 6 typical beam FABRICATING SHOP Courtesy of the Mete England Structural Company 
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CHAPTER 1 


STRUCTURAL STEEL SHAPES 


1. Manufacture of Iron and Steel.* 

The manufacture of iron and steel is accom- 
plished in two definite steps, the first of which is 
that of extracting the metal from its ore, and the 
second is a treatment of the metal by adding vary- 
ing proportions of different elements to give it the 
desired qualities. The origin of cast iron, wrought 
iron and steel, in their various grades, is iron 
ore (hematite principally), which is essentially a 
combination of about one-half iron and one-half 
“ ganguc ” material (usually silica, clay, etc.). 
About four-fifths of the annual tonnage of this ore 
is mined from open pits in the Lake Superior region. 
It is shipped to the centers where fuel is cheap, 
principally in the Pittsburgh district, which is also 
the important center of the steel industry. Usually 
no preliminary treatment of the ore is made, al- 
though in special cases it may be washed or roasted 
to remove certain ingredients. 

The first step in the manufacture is that, of 
smelting the ore in a blast furnace. This is a 
process of reducing the metal from its chemical 
combination with the mineral, by fusing the iron 
with its gangue material to a slag, so that the metal 
may be recovered. Coke is the common fuel used, 
and by its carbon content it serves as a reducing 
agent for the oxides in the iron ore. A flux, usually 
limestone, is added to the charge already contain- 
ing the fuel and the ore, to insure fluidity. This 
also aids in drawing off the extraneous materials, 
forming the slag. The furnace is charged at the top 
and is run as a continuous operation. The molten 
metal flows by the action of gravity down to the 
bottom of the furnace, where it is tapped off every 
six hours, and it is cast into moulds which form bars 
weighing about 100 pounds each. The metal at 
this stage is called pig iron. It may be of different 
grades, depending upon the use to which it is to be 
put. Pig iron contains 3 to 4% carbon, 1 to 3% 
silicon, 0.03 to 0.12% sulphur, 0.05 to 1.0% phos- 
phorus, and 0.5 to 1.0% manganese, the amounts 
depending upon the grade of the metal. For 
economic reasons, practically all iron ore is first 

* For a more detailed study, see Johnson's " Materials of Construction." 
and Mills' Materials of Construction " — John Wiley d t Sons, Inc. 


reduced to pig iron, but the requirements of refined 
iron and steel call for reducing the elements men- 
tioned above, particularly the carbon, silicon and 
phosphorus, to lower limits. 

Cast iron is made by remelting pig iron, scrap iron, and a 
small amount of flux in a cupola furnace. Little change is 
made in the proportion of the elements, and the molten metal 
is [toured into moulds of varying sizes and shape. Cast iron 
is of two kinds, namely gray and white. The kind is deter- 
mined by the rate of cooling and by the varying amounts of the 
elements contained. Gray cast iron has the larger contents 
of carbon, silicon and sulphur. It forms the bulk of the 
east iron made, while white cast iron is used for special 
instances and also as a base for malleable cast iron. The 
use of cast iron in the building industry is now much less 
than that- of former years, because of the reliability of steel, 
and its use is limited to some types of column bases and caps, 
pipe, and occasional lintels and columns. 

Wrought iron is made by heating pig iron with an oxide 
of iron and a flux in a revert loratorv furnace until it solidifies 
into a pasty moss which is called a puddle ball. The latter 
is heated to a welding temperature and the fluid slag is re- 
moved by a squeezer, after which the remainder is welded 
into a bloom. "Phis is then sent through a train of roughing 
rolls and converted into flat muck bars al>out 2" to 4" thick. 
A large proportion of the wrought iron made in this country 
is made, not. by refining pig iron, but by heating and rolling 
scrap iron. Thin is called (1 ) busheled iron, from which 
sheets are made, (2) fagoted iron, and (3) charcoal iron, which 
is the base for crucible steel, depending upon the amount 
of scrap added. Muck burs are reheated, welded under a 
hammer, and then rolled into sheets and merchant bars. 
The result is wrought iron. Structural shajK\s were once 
rolled from this material but this practice has been discon- 
tinued. In present practice, welded pipe, sheet metal, black- 
smith stock, bolts and fastenings, and so oil, are often made 
of wrought iron, and this material is also a base for high- 
grade tool steels. (See also Art. H50, Vol. 1.) 

Steel is made by two common processes. These 
are identified as: 

Acid 1 

Bessemer (Pneumatic) Basic (Thomas- and 

Gilchrist) J 

Open-hearth (Siemens-Martin) j j 

The processes differ principally in the type of 
apparatus used to make the conversion. The acid 
and basic metals, which may be made by either 
process, differ principally in the chemical reactions 
set up by the lining used in the furnace. The 
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acid lining does not remove the phosphorus from the 
metal, while the basic lining does. Since an excess 
amount of phosphorus is undesirable in the usual 
kinds of steel, the basic steel is the most common. 
It is now generally conceded that bessemer steel is 
inferior in quality and less reliable than open- 
hearth steel, so that a large proportion of the steel 
employed in present practice is made by the basic 
open-hearth method. 

SPECIFICATION CLAUSES* 

Process (a) Structural steel, except os noted in par. 

(0), may bo made by the bessemer or the open- 
hcarth process. 

(h) Rivet steel, and steel for plates or angles 
over J inch in thickness which are to lie punched, 
shall be made by the open-hearth process. 

Describing the open-hearth process in general, the 
pig iron is charged into a furnace with a shallow 
hearth, along with iron ore, steel scrap and lime- 
stone, and a hot air blast is passed over it to form 
a gas. The purpose of the limestone as a flux is to 
form a blanket to prevent the oxygen in the air 
from uniting except as desired. The impurities in 
the irgn become oxidized by the iron ore which in 
turn receives new oxygen from the air. In this 
manner the percentages of carbon and phosphorus 
arc reduced so that the metal becomes more work- 
able. The amounts of carbon, phosphorus and 
sulphur are very important in the manufacture of 
steel, and it is by scientific control that this material 
is made so dependable. Thus, steel is classified 
into three general grades by the amounts of the 
carbon content — namely, soft or mild, intermedi- 
ate or medium, and high carbon or hard. Two per 
cent of carbon marks the theoretical dividing line 
between steel and cast iron, but all steel generally 
contains less than 0.9% of carbon. Any increase 
in carlxMi content increases the strength of the steel, 
but it decreases the ductility, softness and resist- 
ance to shocks. The percentages of carbon which 
are established for the various kinds of steel arc 
the results of experience, and they are controlled 
according to the commercial use of the metal. 
Thus in structural steel, an increase of strength is 
desirable but with not too great a loss in ductility 
(for rolling) ana softness (for fabrication). Rivet 
steel has less carbon content so that the rivets may 
be soft and thus easily driven, while rail steel has a 
higher carbon content than structural steel, as 
little fabrication is required and considerable resist- 
ance to shocks and wear is desirable. Table 1 
gives the approximate carbon content for the more 
imjK)rtant steels used in construction. Excess 
amounts of phosphorus and sulphur are injurious 
to the steel: 

* American Society for Testing Materials, Standard Specifications for 
Structural Steel fur Buildings, Serial Designation, AO-14. 


Cold Short “ Phosphorus tends to cause the formation of 
coarse, crystalline structure during cooling of 
steel. Because of this, or for other reasons, the 
cooled steel, although its static strength may be 
somewhat increased, yields more easily to shocks 
and is unsafe as structural material, that is, it 
is 1 cold short.* ”f 

Red Short 11 Sulphur makes steel ' red short ’ ; that is, 
it causes it to crack when rolled hot. It also 
makes welding difficult. It certainly would be 
desirable to specify sulphur os low as possible 
without hardship to the steel manufacturer.’’! 


TABLE 

PROPERTIES OF VARIOUS STEELS 


CluMnificalion Butted on 


Usago 


Rivet 

Tubing and 
pressed motnl 
Screw stock . 

Boiler plate 

Structural .. . 

Structural 

Machine . . 
Rail 

Tire 

Tool 


Hardnoss 


Extra soft 
Extra soft 
Mild 

I or 

I Soft 

Medium 

Medium 

Hurd 

Hard 

Hurd 



Per Cent 
Carbon 

Tensile 

Strength 

Per Cent 
Elongation 

Manu- 

facture 

in 


(lb/in. s ) 

8 in. 

2 in 

o. n. 

0 OK-O 15 

45- 55.000 

30 


O. IT. 

0 08 0 15 

45- 55,000 

30 


ro. n 

0 10-0 20 

55- 05,000 

25 


l Bean. 
O. II. 

0 10-0 20 

55 ■ 05,000 

25 


ro. h. 

1 Bess. 
O. H. 

0 1(H) 20 

0 20-0 35 

55- 05,000 
05- 75,000 

22 


O. If. 

() 20 0 30 

00 70,000 

23 


/O. II. 

0 40-0 75 

85-125, 000 


10-15 

1 Bess. 

o. H. 

0 50-0 80 

110-130,000 


10 

O. 11. 

0 85 -1 25 

110 130,000 


8 


For the above reasons, the amounts of phosphorus 
and sulphur are limited. Thus for structural steel 
the following specification is used: 


SPECIFICATION CLAUSE* 


Chemical 

Composition 


The steel shall conform to the following re- 
quirements as to chemical composition: 

Structural Steel Rivet Steel 
f Bessemer not over 


Phosphorus 


0 . 10 % 

Open-hearth not over 
0 . 06 % 


not over 
0 . 00 % 


Sulphur 


not over 
0 . 045 % 


The molten steel is run off from the furnace and 
cast into ingots which arc usually from 12" to 
20" square and about 6'-0" long. The steel in this 
form is mild steel, which is the grade of the majority 
of structural steel. It may be reheated and re- 
carhonizcd by adding the proper percentages of 
carbon to make higher grades of steel. By intro- 
ducing other elements such as chromium, nickel, 

t From “ Materials of Machines ” by A. W. Smith — John Wiley A 
Sons, Inc. 

t From p. 021, Johnson's “ Matcriala of Construction,” John Wiley A 
Sons, I nr. 
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vanadium, and so on, alloy steels 
are made. Variations in the manu- 
facture are also made with duplex, 
crucible, or electric furnaces. T able 
2 is given to make a brief sum- 
mary of the industry. 

2. Rolling the Shapes. 

After the molten steel, as it 
comes from the convertor, is cast 
into ingots (Art. 1), it may l>e 
rolled into definite shapes which 
arc used in the construction in- 
dustry. When the cast-iron moulds 
are stripped, the ingots cannot be 
rolled immediately because the 
temperatures of the outside and 
inside portions are not the same. 
If they were rolled directly after 
the stripping, the fluid metal inside 
would be forced out of place, while 
ingots which were cooled so that 
the inside had solidified, would have 
their exteriors too hard for rolling. 
Consequently the ingots aVe first 
put into soaking pits, which are a 
form of gas-fired furnace, and re- 
heated to a temperature which will 
facilitate easy rolling. They arc 
then passed through a series of 
blooming (or cogging) rolls and the 
cross-section is reduced to about 
one-half the size of the original 
ingot. Figure 1 shows Three- 
High I Beam Rolls. Those above 
are called roughing rolls; and those 
below, finishing rolls. The beam 
passes through a set of rolls be- 
tween these which is called an in- 
termediate roll stand. The general 
method of rolling is that of draw- 
ing the ingot through two revolv- 
ing rolls in the direction of their 
rotation. An upward pressure, a 
downward pressure, and a pull are 
thus exerted on t$ie ingot, and the 
section is reduced to a thickness 
equal to the distance between the 
rolls, is increased in width slightly 
due to bulging, and is greatly in- 
creased in length. This is then rolled 
on edge, and a square section results, 
the sides of which arc equal to the 
distance between the rolls. These 
operations are repeated with de- 
creasing distances between the rolls 
until the desired section is obtained. 
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The number of steps, called passes, are scientifically 
determined so that the reduction is made with the 
maximum s|)ccd and efficiency, but also to shape 
the section uniformly on all sides, so that the ad- 
vantages resulting from the mechanical treatment 
of the molecules will be obtained. The resulting 
sha))es are called blooms or billets. 



Fia. 1 


Sections of the desired dimensions arc made from 
the billets by a continuation of the rolling. For 
example, billets are rolled into thick rectangular 
sections which are called slabs. These may be re- 
heated and rolled by successive passes into plates. 
After cooling, tly. latter may be straightened and 
sheared to size. Certain sizes of plates are made 
in universal mills which have, in addition to the 
usual horizontal rolls, a set of small rolls with their 
axes vertical. Such plates are rolled to their exact 
widths. Billets are also reduced by a series of 
rollings to flat bars (flats), square bars, and round 
rods, and by special equipment, deformed bars are 
made.* Round rods may be pickled in a solution 
of sulphuric acid to remove the scale, washed, and 

* Many apodal sections are included in these, such as square edge, 
nut steel, and round edge flats, akelp, and round cornered squares, half 
rounds, hexagons, and octagons. Seo Carnegie Pocket Companion. 


then cold drawn through a series of dies and an- , 
nealed, to produce wire. Sheets are produced in a 
manner similar to plates in that the billets are first 
rolled into sheet bars about X 8" and then cut 
to a length equal to the width of sheet desired. 
These trimmed sheet bars are then heated and 
rolled separately in pairs on a two-high mill until 
quite a reduction has been effected. The two pieces 
are then rolled together until the loss of heat makes 
it impossible to further reduce them. Four sheets 
arc then doubled in a pack and stamped flat. After re- 
heating, the eight 
leaves are rolled 
to gauge and later 
trimmed and an- 
nealed. They arc 
then ready for 
the commercial 
surface coating 
desired. Billets 
may also be 
rolled to a round 
shape, pierced, 
and then drawn 
over a mandrel. 

The resulting 
material is made 
into pipe and 
tubing. 

The so-called 
structural shapes 
are made from 
the billets by a 
series of rolls 
that have special 
grooves in them 
which vary ac- 
cording to the 
type of the prod- 
uct (Fig. 1). 

They are first 
sent through 
roughing rolls to 
approximate 1 the 
shape, then 
through inter- 
mediate roll stands, and finally through the finish- 
ing rolls to obtain the exact dimensions. Mgtire 
2 shows the changes in shape during the rolling 
of (a), a 100 / rail section, and (b) t a lj"Xl angle. 
Figure 3 shows some of the structural shapes 
rolled, together with the usual trade names of the 
parts. Other shapes that are rolled include ship 
building channels, bulb angles and bulb tees; car 
building bulb angles, railroad construction ties, 
rails, splices and so on; sheet piling, trough, cor- 

t Adapted from the Iron Age, Vol. 92, pp. 968 and 1037. 


No. Area of 

of Shape Second- 
Pass 



(a) 


( 6 ) 


Fio. 2t 
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rugatcd and checkered plates. 41 The common 
Shapes which are used in building construction are 
I beams, channels, plates and angles. Tecs are 
also used to some extent in stair and roof framing 





(a) I Beam 


(6) H Beam 
(not commonly used) 


(c) Channel 


(d) Ar«le 
Unequal Legged 



(e) Angle 
Equal Legged 


(a) T « 

Unequal 
Fig. 3 


(h) Zee 

(not commonly used) 


upon which other sizes of the same nominal depth 
are based. The latter are obtained by spreading 
the rolls to increase the section areas and weights, 
as illustrated in Fig. 4. “ The cross-hatched 

portions represent the minimum sections and the 
blank portions the added areas. In the case of 
Channels, I Beams and Bulb Beams, the enlarge- 
ment of the section adds an equal amount to the 
thickness of the web and the width of the flanges. 
In the case of Angles and Zees, the effect of spread- 
ing the rolls is slightly to increase the length of the 
legs. Many of the sizes, however, are rolled in 
finishing passes, whereby the exact dimensions are 
maintained for different thicknesses. Inasmuch, 
however, as these passes are modified in the wear 
of the rolls, it is impracticable to state what the 
exact dimensions will l>e, except in the case of the 
minimum weight sections. Designers and dotailers 
of structural work should, therefore, arrange for 
ample clearances.”* Table 3 summarizes the main 
steps in reducing the ingots to commercial forms. 


TABLE 3 


ROLLING OF SHAPES 




Flat rolled and sheared 


Universal Mill 


.Square edged 
.Nut Bteel 
.Round edged 
•Skclp (pipe) 


.-►Regular 
”"L* Round ec 
r» Regular- 
U-lIalf-rou 


•Round** 
•Hexagons 
. Octagons 
•Deformed 


8 rolled thin, then I doubled 
in pack and stamped flat, 
rolled to gauge, trimmed 
and annealed 


alar 

nd edged ( Pickled, waahed ) 

ular < cold-drawn through v* Wl re 

f-rounda f dies & annealed J ■ — 


Round 

Pierced, drawn 

Billets 

over mandrels 


Roughing RoIIb 
I ntermediate 
Finishing Rolls 


Tubing | w 


H I Beams 
Channels 
Angles 
Tecs 
Zees 

Miscellaneous 


details, while zees which were once common in 
column work are now seldom used, as the methods 
of making up columns have changed. 

For structural shapes, there is a minimum section 


3. I Beams. 

I beams, the most commonly URed of the structural 
shapes, are classed as standard and Bethlehem! 

* Sec Carnegie Pocket Companion. 
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The so-called standard beams arc those established 
by the Association of American Steel Manufacturers 
and they are rolled by several mills. The use of 
the word standard here does not mean “ accepted ” 
in the sense that the other beams are not satis- 
factory. Bethlehem beams arc* so named as they 
are a product of the Bethlehem Steel Company. 
They are rolled in a different type of mill which is 


caused by unequal deformations in rolling by the 
ordinary methods. Figure 5 (d) shows the method 
of spreading the rolls to increase a section to one 
larger than the minimum. 

Each of the two types of beams has its advantages 
according to the requirements of each particular 
case. By contrast, any particular Bethlehem sec- 
tion has a wider flange, and since its weight is about 





b a 

I '■ 

n 

Ml 

H 

© ] 

i— i 


j — a 

i » 

p a 

“ r 

n 



Position 

of 

Rolls 


(o) 


Finishing 

Rolls 


( 6 ) 




Ingot from the 
roughing rolls 
compared with 
the finished 
section. 

(C) 




Increased Sections 

(d) 

Fig. 5 


called the Grey ^Universal. In a standard beam 
mill, the rolls form the web principally, while the 
ends of the rolls simply press against the flanges, 
with the outsides of the flanges acting as station- 
ary guides. Since there is a limit to forcing 
the metal out without actually rolling at such 
points, the material may not l>e as dense there as 
that in the web. The Grey Universal mill has both 
horizontal and vertical rolls, as indicated in Fig. 
5 (a), which form the web and flanges coincident- 
ally. It is claimed that this uniform reduction of 
the ingot eliminates the condition of internal stress 


the same as the standard section which is com- 
parable with it, it has a thinner web. The wide 
flange is convenient when it is desired to carry a 
wall or column, whereas the standard section, with 
its narrower flange, is easier to conceal in partitions 
if necessary. Since the web of the Bethlehem sec- 
tion is thinner, shear and buckling stresses ’may 
more often control here, but wide flanges require 
less lateral support. The Bethlehem section also 
distributes a greater portion of its steel where it 
will be of most flexural value. 

Figure fl (a) shows the established proportions 
of a typical standard section, and (b) the scale for 
the minimum sections. It should be noted that the 
depths range from 3" to 24" inclusive. The 6" 
depth is usually the smallest employed for a struc- 
tural beam, and in heavy framing, the 8" beam is 
often made a minimum. The smaller depths, 
namely 3", 4" and 5", are usually employed in the 
fabrication of ornamental iron work and framing 
for special equipment. A rolled steel beam is de- 
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> scribed by its depth (in inches) and its weight per 
lineal foot (in pounds), as for example: 

12 I 31.8 X 14'-3", 

2-6 11s 12* X 6'-8", 

24 I 79.9 X lT-QiV, etc. 

Table 4 gives the properties of the common stand- 


found in the structural handbooks. As a rule, the 

* # 

minimum weights of a given depth are the most 
commonly found in stock in the average structural 
companies, and they are also the easiest to obtain 
from the mills, since they are the product of more 
frequent rollings. It is unwise, therefore, for the 
designer to call for an “ odd ” beam when the 
chances are that it will be substituted for in the 
subsequent steps of planning the frame. The prop- 
erties of the sections are established by using the 
methods established by the fundamental principles 
of mechanics relating to moment of inertia, section 
modulus, and so on. 

Illustrative Prob. 3a. Calculate the elements of a 24 1 79.9 
about the 1-1 axis (see Fig. 7). 

Area 


£7 X 0.6 + 


0.54 X 3.25 


Moment of Inertia I 

7'b.rf* 

Flange rectangle 


X 2 4- 11.4 X 

Io + A • f P 
7 X (0.60) * 

12 


0.5 J 


X 2 - 23.320" 


A •</* = (7 X 0.60) X (11.7)* 


Flange triangles 


b • /t* 3.25 X (0.54)* 


30 


36 


X 2 


0.22 

575. 

0.03 


A-d* = 7 ^ ~ 2 ' ° 54 ) X 2 X 01.22)* = 221. 


1 \ 

n— minimum web—t \ 

R-. m inimum web+0.10 \^_ 


Wt./Ft.-Areax3.4 

b-f+3- 


796.25 

2 

1592.5 


Web rectangle 


b • d * 0.5 X (22.8)* 


12 


12 


494.7 


7(1-1) *2087.2" 

TABLE 4 

ELEMENTS OF COMMON STANDARD BEAMS 


Depth 

of 

Ileum 

Wt. 

Area 

of 

Width 

of 

F lunge 

Tlnck- 

II OSH (if 

Wob 

Axih 1-1 

Axil* 2-2 

Sec- 

tion 

/ 

r 

/ 

r 

I 

r 

l 

r 

In. 


LIm. 

In.* 

In. 

In. 

In. 4 

In. 

In » 

In. 4 

In. 

In.* 



105.0 

30 08 

7.875 

0.025 

2811 5 

9 53 

884.8 

78.9 

1.60 

20 0 

M 


100.0 

20 41 

7.254 

0 754 

2379.6 

0 00 

188.8 

48 6 

1 28 

13 4 


90.0 

20 47 

7.131 

0.031 

2238 4 

9 20 

188.5 

45.7 

1 31 

12.8 



79.9 

23 32 

7 000 

0 5(H) 

2087 2 

9 40 

178.8 

42 9 

1.30 

12.3 

J 


80.0 

23 73 

7.000 

0 600 

1400 3 

7 80 

146.6 

45.8 

1 39 

13 1 



85.4 

10 08 

0.250 

0 500 

1 169 5 

7 83 

117.0 

27.9 

121 

8 9 



78.0 

22 05 

7.000 

0 5G2 

1141.3 

7 19 

116.8 

46.2 

1 45 

13 2 

“i 











54.7 

15.03 

0 000 

0.460 

795.6 

7 07 

88.4 

21 2 

1*15 

7 1 

»f 

1 

60.0 

17 07 

0 000 

0 590 

609 0 

5 87 

81.8 

20 0 

1 21 

8 7 

42.9 

12 48 

5 500 

II 410 

441.8 

5 95 

68.9 

14 0 

1 (!8 

5 3 

12 


40.8 

11 84 

5.250 

0 400 

209 0 

4 77 

44.8 

13 8 

1 08 

5 3 


81.8 

0 20 

5 000 

0 350 

215.8 

4 83 

86.0 

0 5 

1 01 

3 8 

10 

26.4 

7 37 

4.600 

0 310 

122 1 

4 07 

84.4 

6 9 

0.97 

3 0 

0 


21.8 

0.31 

4.330 

0 290 

84 9 

3 67 

18.8 

5 2 

0 90 

2 4 

8 


184 

5 33 

4 000 

0 270 

50.9 

3 27 

14.8 

3.8 

0 84 

1 9 

7 


18.8 

4 42 

3 000 

0 250 

36 2 

2 80 

10.4 

2 7 

0 7K 

1.5 

6 


12.5 

3.61 

3 330 

0 230 

21 8 

2 40 

7.8 

1 9 

0 72 

1.1 



r— a /io minimum web n , „ 

*Slope of Flange. 1:6— 9 27 42 

(a) 
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DIAGRAM FOR MINIMUM STANDARD BEAMS* 
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* This relation is one which in convenient to estahlinh a flange width 
when no handbook iA available. Thus for al5I.6~~+3 ,B > 5.5". 
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DESIGN OF BEAMS 


The majority of the new editions of structural handbooks 
list the minimum weights of beams to the nearest 0.1 of a 
pound, replacing the well established custom of giving the 
weight to the nearest one-half pound. The reason for so 
doing is said to be that the old weights, as were given, never 
had shown the true weight of the beam, and, in estimates, the 
difference might make an appreciable error for a large amount 
of steel, and more particularly, the price of the beam would 
be in error. The authors agree that these new weights should 
be well known to estimators, but they do not see the need for 
calling for the beam’s exact weight in all instances, such as 
on structural plans. In timber work, plans may call for a 
G" X 10", when the designer knows full well that he will 
obtain a beam smaller than these nominal dimensions and 
accordingly, he makes allowances for this variation. The use 
of what may Ixj termed nominal weights for steel work has 
heretofore been satisfactory and the indication of a beam as a 
12 I 31 i would call for a weight of 31.8# when the plan is 
estimated. The prof»erties have not l>een changed by what 
seems to Ijc an increase in weight, which evidently proves that 
the 12131} always weighed 31.8# or thereabouts. The 
authors also believe that the weights for the oversize beams are 
similarly in error but these have not been changed, inasmuch 
as they are not commonly used. It is a well known fact that 
beams will vary in weight at the start of a rolling from 
the weight at the close of the rolling, as new rolls cause 
a slight underweight and old rolls an overweight. More- 
over, steel is sold at the mill by scale weight and is estimated 
for contract purjjoses by the weight jxjr foot. 


TABLE 5 

PROPERTIES OF COMMON BETHLEHEM GIRDER 
BEAMS 


Nominal Depth 
of Beam, In. 

Weight, Lbs. per 

Foot 

1 

1- 

•Sj? 

t 

"o . 

s- 

*» 

Width of Flange 

In 

Axis 1-1 

Axis 2-2 

^ Moment of 
Inertia 

1§ 

£ £ 

■sP 

Sa.C' 

r 

ll 

*3 

/ 

f 

^ Moment of 
Inertia 

,, Radius of 

Gyration 

0 J 

.23 

II 

1 

c 

SO 

200.0 

68.52 

76 

15 04 

9118 8 

12 50 

607.6 

028.5 

552 0 

3.28 

83.6 

181.0 

52 82 

09 

14 97 

8181 0 

12 45 

647.6 

3 23 

73 7 

28 

168.0 

48 19 

.00 

14 25 

0577.0 

11.68 

466.9 

402 8 

3.10 

05.0 

26 

151.0 

44 16 

03 

13 75 

5237 1 

10 89 

402.2 

402 7 


58 0 

24 

141.0 

41 02 

01 

1.1 25 

4174 2 

10 09 

347.2 

356 4 

2 95 

53 8 












121.0 

.15.30 

.54 

12.25 

3585 3 

10.08 

298.8 

250.9 

2.70 

41.9 

20 

142.0 

41 31 

00 


2932 3 

8 43 

298.2 



50 0 

112.0 

32.90 

^50 


2340 2 

8 43 

284.0 

IIIJB 


40 1 

18 

• 3.0 

27.14 

48 

11.50 

1503 4 

7 60 

177.0 

185.1 

2 01 

32 2 


141.0 

40 80 

80 

11 75 

1577 7 

0 21 

210.4 


ED 

55 9 

18 

106.0 

30 45 

60 

11.25 

1218.2 

6.32 

162.4 

BI 

a 

38 1 


74.0 

21 55 

.44 

10 75 

883.8 

6 40 

117.6 

128.9 

2 45 

24 0 

12 

70.6 

20 57 

.47 

10 25 

538 4 

5.12 

86.7 

119 7 

2.41 

23 4 












66.6 

16.21 

.38 

10.00 

431 8 

5.16 

72.0 

84 9 

2 29 

17.0 


Conforming to revised catalogue of Oct. 1. 1922. 

For other aisee, see catalogue of Bethlehem Steel Co. 


The maximum lengths of beams obtainable is. 
dependent upon the particular mill, but they 
average 

75'-0" for 24" to 12" I’s, 

70'-0" for 10" to 5" I’s, and 
50'-0" for 4" and 3" I’s. 

Bethlehem beams are classed in two definite 
groups, namely, Bethlehem I Beams, and Bethlehem 
Girder Beams. The former are rolled in depths 
from 8" to 30", and the latter in the same depths 
but with thicker metal. Girder beams can be used 
when plate girders or other built-up sections might 
otherwise be necessary, and hence considerable 
fabrication may be eliminated. In order to dis- 
criminate Bethlehem beams from standard beams, 
and also to discriminate the Bethlehem learns from 
the Bethlehem girder beams, the following practice 
is generally followed: 

12 B! 36 X 14'-0", 

20 BI 59 X 17'-0", 

26 BG 150 X 22'-8j", 

30 BG 200 X 47'-6", etc. 


TABLE 6 

PROPERTIES OF COMMON BETHLEHEM I BEAMS 


6 

1. 

•8*2 

A 

i 

Weight. Lbs. per 

Foot 

Area of Section, 

Sq. In. 

if. 

3« 

H 

Width of Flange. 

In. 

Axis 1-1 

Axis 2-2 

k* Moment of 

Inert ia 

11 

le 

r 

11 

*3 

l 

r 

°.s 

2S 

J- 2 

1 

If 

■0 E 

r 

c g 

.s| 

4 

7 

c 

80 

121.0 

35 30 

540 



12 18 

349 .S 

105 0 


31 4 

28 


30 88 

500 

10.000 

4014 1 

11.40 

286.7 

131 5 

2 00 

20.3 

26 

jyW 

26 49 

400 

9 500 


10.60 

229.0 


m 

21 3 

24 

78.6 

21.47 

390 

9.000 

2001 0 

9 87 

174.6 

74.4 

1 8*J 

10.5 

20 

78.0 

21.37 

430 


■ 

8 28 


75.9 

1.88 

17.3 

69.6 

17 30 

m 

8.000 


8 22 

117.6 

48 3 

1 00 

12 1 

18 

16 

49.0 

14 25 

320 



7 48 

86.7 

30.2 

1 i9 

9 00 

64.6 

15.88 

410 


■ 

1 

6.20 

81.8 

38.3 

m 

10 0 

wm 

11.27 

290 

0 000 

442.6 

6.27 

69.0 

23 4 

1.44 

1 

12 

62.0 

0.44 

.335 

0.205 

228.5 

4.92 

86.1 



5 14 

□ 

8.42 

.250 



5 07 

u 

15 3 

1.35 

4.98 

10 




5 990 

134 6 


a 

12.1 

1 21 

4.05 

22.6 


250 

5 850 

122.9 

4.21 

24.6 

11.2 

1.27 

3.83 


Conforming to revised catalogue of Oot. 1, 1022. 

For other sixes, see catalogue of Bethlehom Steel Co. 
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Table 5 gives the properties of common Bethlehem 
1 beams and Table 6 those of Bethlehem girder 
beams which are usually carried in stock. The 8 ", 
9" and 10" girder beams and the 8" and 9" beams 
are not commonly used, and standard sections are 
generally employed for such members instead. 

Prob. Sb. Calculate the elements of a 24 1 79.9 about the 
2-2 axis. See Fig. 7. Check against tables. 

Prob. Sc. Calculate the elements of a 30 BG 200 about 
the 1-1 axis. Refer to handbook for dimensions. Check 
against table. 

•L Structural Channels. 

Structural channels are similar to I beams except 
that the flange projects to one side only. Figure 
8 (a) gives the standard proportions of a typical 
section, and ( b ) the scale of dimensions. There has 
lieen some discussion* which favors the making of 
the ship-building and the structural channels the 
same standard sections, but at present this is not 
in effect, and the ship-building channel should not 
be confused with the structural channel. The chan- 
nel is identified by its depth (in inches) and the 
weight per lineal foot (in pounds) as for example, 

15C33 X 13'-0H", 

9 C 13i X 17'-10j", etc. 


Table 7 gives the properties of the more usual 
stock of channels, which range in depth from 3" to 
15", although the 3", 4" and 5" channels are used 


TABLE 7f 

ELEMENTS OF COMMON STRUCTURAL CHANNELS 


Depth 

Weight 

Area 

of 

Width 

Thick- 
ness of 
Web 

Axis 1-1 

Axis 2-2 

of 

Beam 

& r t 

Sec- 

tion 

of 

Flange 

/ 

r 

/ 

e 

/ 

r 

I 

e 

%a 

In. 

Lbs. 

In.* 

In. 

In. 

In. 4 

In. 

In.* 

In. 4 

In. 

In. 4 

In 4 

18 

40.0 

11 70 

3.52 

0 52 

346.3 

5 44 

46.2 

9 3 

0 80 

3 4 

0 78 

88.9 

9.00 

3 40 

0 40 

312 6 

5 62 

41.7 

8 2 

0 01 

3 2 

0 70 

12 

80.0 

8.70 

3.17 

0 51 

161.2 

4 28 

26.9 

5 2 

0 77 

2 1 

0 68 

20.7 

6.03 

2 94 

0 28 

128 1 

4 61 

21.4 

3.9 

0 81 

1 7 

0 70 


10 

28.0 

6 86 

2.74 

0 38 

78 5 

3 66 

18.7 

2 8 

0 70 

1 3 

0 61 

18.8 

4 47 

2.60 

0.24 

66.9 

3 87 

18.4 

2.3 

0 72 

1 2 

0 64 

• 

18.4 

3 89 

2.43 

0 23 

47 3 

3 40 

10.6 

1 8 

0 67 

0 0 

0 61 

8 

11.6 

3 36 

2.26 

0 22 

32 3 

3 10 

8.1 

1 3 

0 63 

0 70 

0 58 

7 

9.8 

2 85 

2 09 

0 21 

21 1 

2 72 

8.0 

0 9 

0 50 

0 63 

0 55 

6 

8.9 

2.30 

1.92 

0.20 

13 0 

2 34 

4.8 

0.7 

0 54 

0 50 

0 52 


f STRUCTURAL CHANNELS 


t 


JkL 




WL/PL-Areax3.4 


n»mlnlmum web— t 
R— minimum web+0.10 



<&) 
Fig. 8 


The shape may be listed on bills and indicated on 
plans so that its final position in the structure is 
evident. For example: 

flanges up, web horizontal u, 
flanges facing left 3, 

flanges facing right c. 

* “ Proposals Formulated by the Sectional Committee on Steel Shapes 
under the Auspices of the American Standards Committee for Submission 
to its Sponsor Organizations, to the American Engineering Standards 
Committee and to the British Engineering Standards Association as a 
Basis for Common Anglo-American Standards.” Proo. A.S.C.E., August, 
1920, and Pamphlet B.E.S.A., C.L. 7777, London, Nov., 1918. 


in ornamental iron work principally. For the prop- 
erties of the sizes not shown in Table 7, any structural 
handbook may be consulted. The maximum lengths 
of channels rolled average 

75'-0" for 15" and 12" depths, 

70'-0" for 10" to 5" depths, and 
50'-0" for 4" and 3" depths. 

The properties may be calculated in a manner 
similar to that used in the case of the I beams. 

f For other sizes, see ” Pocket Companion,” Carnegie Steel Co. 
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DESIGN OF BEAMS 


Prob. 4a. Calculate the value of /i-i for a 15 [_ 33.9. 
Refer to structural tables (Carnegie Pocket Companion) for 
dimensions. 


6. Structural Angles. 

Structural angles are rolled in two distinct groups, 
namely, equal legged, and unequal legged, there 
lieing eight base sizes for the former and nine for the 
latter. An angle is described by giving the dimen- 
sions of the two legs and the thickness of the metal 
as 

3X3 XiLX 4'-0", 

0 X 3£ X l L X l2'-0", etc. 


In the case of unequal legged angles, the longer leg 
is always written first. The base sizes are increased 
by the rolls as shown in Fig. 4, and Fig. 9 
shows the standard proportions. In the method of 
rolling, angles (except minimum sizes) are subject 
to over-run unless they are passed through finish- 


-w 




Jet t down to 0 frj\ 


inc/uJtny -4 
-k>min. t, 3 "ar> 

as i rr 

t 3 ' 




t 


Pm. 9 


T" 

a v 

j r 


k*' 


^ i 

hong toff} 

Kjr 


5/je o/troys mertf/ontj 
ox ant 


ing rolls, which is not common for the majority of 
sizes. The over-run in each leg is equal to the 
amount the rolls are opened above the minimum 
requirement, except for slight variations such as 
those caused by the wearing of the rolls. For the 
three angles listed below, the over-run is as follows: 

Nominal Size 3X3X1 (Min.) 3X3XA 3x3x? 

Over-run Size 

(Actual) 3X3Xi 3AX3AXA 3JX3JXi 

The maximum commercial lengths of angles avail- 
able vary from GO'-O" to 80'-0". Tables 8 and 9 
give the properties of the common sizes of angles 
employed. The properties of other sizes may be 
found in the usual structural handbooks. They are 
calculated by employing the same general principles 
as described for the I beams. 

i 

Prob. 5a. Calculate the elements of a 6 X 6 X I angle. 

6. Structural Tees and Zees. 

Structural tecs are rolled in two groups similar 
to angles, namely equal and unequal, such as shown 
in Fig. 10 (a) and (b). Special tees are also rolled 
but these are used for particular instances. Because 
of the varying thickness of the metal in any given 
section, the sizes arc defined by 

Flange width X depth X weight per foot, 


as a 4 X 3 X 9.2# T, and a symbol, T or ±, indi- 
cates the position of the member in place. Table 
10 gives only the properties of tees commonly used. 
These are generally limited to a very few small 
sizes in practice.* 

Figure 10 (c) shows a typical zee. These are 
very seldom used in present practice. Table 11 


00 (*) ft) 

Via. 10 

TABLE 8* 


ELEMENTS OF COMMON EQUAL ANGLES 


Size 

Weijjht 

& r t 

Aron 

of 

Section 

Axis 1-1 and Axis 2-2 

Axis 3-3 

/ 

r 

1 

X 

r min. 

In. 

T.h». 

In.-’ 

Tn. 4 

In. 

In.* 

Tn. 

Tn. 


i 

33 l 

9 73 

31 9 

1 81 

7 fl 

1 82 

1 17 


i 

28 7 

8 44 

28 2 

1 83 

6 7 

1 78 

1 17 

6 Xfl 

1 

24 2 

7 11 

24 2 

1 84 

5 7 

1 73 

1 17 


1 

10 6 

5 75 

10 0 

1 86 

4 6 

1 08 

1 18 


1 

14 » 

4 36 

15 4 

1 88 

3 5 

1 64 

1 19 


1 

12 8 

3 75 

5 6 

1 22 

2 0 

1 18 

0 78 

4X4 

1 

tt 8 

2 86 

4 4 

1 23 

1 5 

1 14 

0 70 


A 

8 2 

2 40 

3 7 

1 24 

1 3 

1 12 

0 79 



11 1 

3 25 

3 6 

1 06 

1.5 

1 06 

0 68 

3} X 3* 

1 

8 5 

2 48 

2 0 

1 07 

1 2 

1 01 

0 69 

A 

7 2 

2.00 

2 5 

1 08 

0 08 

0 09 

0.69 


i 

5.8 

1 60 

2 0 

1 00 

0 79 

0 97 

0 69 


t 

7 2 

2 11 

18 

0.01 

0.83 

0 80 

0 58 

3X3 

A 

6.1 

1.78 

1 5 

0.02 

0 71 

0 87 

0 59 


i 

4 0 

1.44 

1 2 

0.03 

0 58 

0 84 

0 59 



5 0 

1 73 

0 98 

0.75 

0 57 

0 70 

0 48 

2J X 2J 

A 

6 0 

1.47 

0 85 

0.76 

0 48 

0 74 

0.49 


» 

4 1 

1 19 

0.70 

0 77 

0 39 

0.72 

0.49 


* For other data, see Carnegie Pocket Companion. 





STRUCTURAL STEEL SHAPES 


19 


TABLE 9* 

ELEMENTS OP COMMON UNEQUAL ANGLES 


TABLE 10* 

ELEMENTS OP COMMON BQUAL TEES 
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DESIGN OF BEAMS 


the limiting maximum width being 4" or 6", depend- 
ing upon local practice. Plates in general are either 

“ fiat rolled and sheared ” or rolled in a Universal 


TABLE 11 

ELEMENTS OP COMMON ZEES 


Size 

... 

... 

Area 

Axis 1-1 

Axis 2-2 

Axis 

3-3 

Depth 

Flan- 

ges 

Thick- 

ness 


Sec- 

tion 

/ 

r 

J 

r 

I 

r 

l 

e 

r 

min. 

In. 

In. 

In. 

Lbs 

In.* 

In. 4 

in. 

In. 1 

In. 4 

In. 

In.* 

In. 

0 

3* 

a 

4 

211 4 

S 03 

42 1 

2 21 

14.0 

15 4 

1 34 

1 

0 81 

0 

31 

A 

22 8 

0 08 

34 6 

2 28 

11 5 

12 6 

1 37 

ED 

0 81 

0 

31 

1 

15 7 

4 09 

25 3 

2 35 

8,4 

9 1 

1 41 

2 8 

0 83 

5 

31 

ti 

23 7 

0 00 

23 7 

1 84 

9 5 

11 4 

1 28 

3 0 

0 73 

5 


\ 

17 0 

5 2.i 

19 2 

1 91 

7 7 

9 1 

1 31 

3 0 

0 74 

5 

31 

A 

11 0 

3 40 

13 4 

1 08 

5 3 

m 

1 35 

2 0 

0 75 

4 

3* 

% 

S 

IK 9 

5 50 

12 l 

1 48 

6 1 

8 7 

1 25 

3 2 

0 00 

4 

3,V 

A 

13 K 

4 05 

0 7 

1 55 

B 

0 7 


2 4 

0 00 

4 

3iV 

1 

K 2 

2 41 

0 3 

1 02 

* 

3 1 

4 2 

1 33 

1 4 

0 07 

3 

311 

1 

12 0 

3 09 

4 0 

1 12 

3 1 

4 9 

1 15 

2 0 

0 53 


— — - 

- — 

^ . _ 

- - , 

„ w 







3 

2 It 

1 

0 S 

2 86 

3 9 

1 10 

2 0 

3 9 

1 17 

1 0 

0 54 

3 

211 

1 

0 7 

1 97 

2 0 

1 21 

1.0 

2 8 

1 19 


0.55 


For other sixes, boo '* Pockot Companion,” Carnegie Steel Co. 


Mill (Art,. 2).* In the former, the plates must 
be straightened after rolling and the uneven edges 
sheared off, while in the latter, the edges arc rolled 
to uniform dimensions. By the nature of the latter 
process, Universal Mill (U. M.) plates arc limited 
to thicknesses of \" and greater, and to widths of 
48" and less. Plates may be sheared to any width 
desired, but the common sizes which may be obtained 
as Universal Mill material are limited to 
widths < 4" — by \" increments 
widths > 4" — by 2" increments up to 48". 

The usual sizes of “ flat rolled and sheared ” plates, 
although varying with the particular mill and the 
demaud, are as follows: 


Widths 

11J1.2 

2|, 3 

3|, 4" to 10" by 1" increments 
12" up, by 2" increments to 
132", with variations of ± J" 


Thicknesses 

is and Jt 

1" to 2|" maximum 


* Plates may also be bought in circular shapes. For checkered plates, 
see Index. For a full discussion of such products, sec Part Xll, ” Build- 
ing Materials,” Vol. I. 

t In very heavy work, plates an* some times designated by their weight 
per sq. ft., as plates are slightly thicker in the middle than at the edges, 
due to the springing of the rolls. 


Table 12 gives the maximum lengths obtainable. 
The variation in lengths is ±|". Although plates' 

TABLE 12 

DATA FOR STEEL PLATES 

RECTANGULAR UNIVERSAL PLATES — Carbon Steel Universal 


Mill Plates, One-Fourth Inch end Over, Extreme Sizes 


s 

s 

Q 

& 

■go* 

Widths and tatiglhs in Inches 


1 

■a? 












h 

h 

48-40 

45-41 


35-31 

3(1-20 

25-20 

10-17 

10-15 

14-12 

11 

I0 6i 



10 20 






1020 

gig 

1 

m 

540 

540 



12 75 

■Turn 


1140 

■ 

1320 

1320 


:,v. 

■Try 

600 

000 



15 30 

1200 


1320 

1380 

1380 

1380 


22 

1122 

000 

840 

A 


17 85 

1320 


■Mil 

1380 

1380 

1380 

B ft 'iTi 1 

(TO 

■nW 

900 

840 



20 40 

1380 

1 380 

■Mil 

1380 

1380 

1380 

WHO 

ujTi 

■fM 

1020 

840 



22 05 

1380 

1380 

1380 

1380 

1380 

1380 

■ iTO 

flyf 

■fM 

EMD 

840 



25 50 

1380 

■Mil 

1380 

1380 

1380 

1380 

■ bjtl 

22 

■Mi 

1020 

840 



30 00 

1353 

1357 

1363 

1372 

1380 

1380 

■ Wa 

22 

EM 

liiV 

840 



35 70 

■mri 

1103 

1160 

1177 

1188 

■Mil 

■ ftyf 

22 

■fify 


840 



40 80 

■nTti 

1018 

1023 

1030 

1030 

1052 

■ »TO 

22 

jfft? 

153 

840 



45 90 


905 

010 

016 

024 

030 

■ jvf 

22 

Etl]y 

840 

840 



51.00 

812 

814 

818 

824 

832 

842 

■ JT] 

E 

irifft 

840 

840 



50 10 

738 

740 

744 

740 

750 

700 

073 


■f|W| 

840 

840 



01 20 

677 

070 

082 

087 

693 


1 

22 

■ [ify 

840 

840 



60 30 

025 

620 

629 

034 

040 

048 

in 

E 

■fjly 

840 

Ena 



71 40 

580 

581 

584 

588 

594 

001 

■ri'iM 

02 

1038 

720 

720 

l 


70 50 

541 

543 

545 

540 

554 

561 

714 

847 

008 

BED 

720 

2 


81 60 

507 


511 

515 

510 

526 

069 

794 

907 

600 

720 


Plater* of greater dimensions than shown in above table may he submitted 
for spocial consideration. 


RECTANGULAR AND CIRCULAR PLATES — Carbon Steel 
Sheared Plates, One-Fourth Inch and Over, Extreme Sizes 


Thick- 

VVoight, 

Widths and Lengths in Inches 

Dim hi., 

Inches 

Sq/ ft* 

132 

126 

12ft 

114 

108 

102 

06 

90 

84 

78 

Inches 

i 

10.20 




175 

250 

280 

300 

330 

375 

400 

115 

A 

12 75 



240 

270 

320 

300 

380 

420 

410 

400 

120 

i 

16 30 

180 

240 

270 

320 

305 

380 

410 

450 

500 

550 

132 

A 

17.85 

200 

270 

300 

360 

370 

410 

430 

400 

510 

550 

132 

i 

20.40 

240 

270 

320 

365 

400 

450 

480 

510 

550 

580 

134 

A 

22.95 

240 

270 

330 

373 

420 

470 

500 

530 

570 

600 

134 

t 

25 50 

240 

300 

350 

390 

450 

500 

520 

540 

600 

020 

134 

it 

28 05 

240 

300 

300 

420 

450 

500 

520 

540 

000 

620 

134 


30.00 

240 

300 

300 

400 

450 

400 

52(1 

540 

000 

620 

134 

il 

33 15 

240 

300 

340 

385 

440 

490 

510 

530 

600 

620 

134 


35 70 

240 

3(H) 

330 

375 

440 

480 

510 

530 

000 

620 

134 

i 

40 80 

240 

3(H) 

300 

340 

440 

400 

500 

530 

580 

000 

134 

U 

45 90 

240 

3(H) 

3(H) 

330 

410 

440 

450 

500 

550 

580 

132 

11 

51 00 

230 

270 

300 

310 

380 

4(H) 

420 

490 

530 

550 

132 

n 

01 20 

210 

230 

260 

280 

330 

320 

340 

420 

440 

480 

132 

i\ 

71 40 

200 

2(H) 

220 

240 

280 

270 

300 

38(1 

380 

410 

132 

2 

81 00 

180 

180 

100 

210 

240 

240 

200 

320 

330 

300 

132 

21 

91 80 

132 

100 

170 

100 

210 

210 

230 

280 

205 

320 

132 

Thick- 

Weight, 












ness, 

Lbs. per 

72 

00 

00 

54 

50 

48 

42 

30 

30 

24 

Diam., 

Inches 

Sq. Ft. 











Inches 

1 

10 20 

430 

475 

525 

530 

530 

530 

530 

530 

530 

530 

115 

A 

12.75 

480 

500 

550 

550 

575 

575 

550 

550 

550 

580 

120 

} 

15.30 

000 

600 

620 

020 

020 

020 

600 

580 

000 

000 

132 

A 

17.85 

600 

030 

030 

040 

640 

040 

000 

580 

000 

600 

132 

.1 

20 40 

610 

030 

030 

040 

640 

040 

000 

580 

030 

000 

134 

A 

22.05 

620 

640 

640 

640 

040 

040 

600 

580 

030 

600 

134 

J 

25.50 

620 

640 

040 

040 

040 

040 

000 

580 

600 

600 

134 

H 

28 05 1 

020 

640 

640 

040 

040 

040 

600 

580 

600 

580 

134 

i 

30 60 

020 

040 

040 

040 

040 

040 

000 

580 

000 

580 

134 

tl 

33.15 

620 

040 

040 

040 

040 

040 

000 

580 

670 

550 

134 

I 

35 70 

020 

040 

040 

640 

040 

640 

600 

580 

550 

550 

134 

i 

40.80 

600 

030 

030 

640 

040 

040 

580 

580 

520 

530 

134 

if 

45 00 

580 

020 

020 

640 

040 

040 

580 

580 

520 

500 

132 

u 

51 00 

550 

600 

000 

600 

000 

600 

560 

500 

520 

450 

132 

i 

01.20 

530 

000 

600 

600 

600 

000 

540 

540 

470 

430 

132 

i! 

71 40 

450 

490 

550 

550 

550 

550 

540 

540 

i 430 

380 

132 

2 

81 00 

400 

440 

480 

500 

500 

500 

500 

500 

400 

350 

132 

21 

91 80 

350 

300 

420 

450 

450 

450 

450 

450 

300 

| 200 

132 


Plates 48 r wido and under may also be rollod on Universal Mills. 

For groator longth and Universal Mill Hisee, seo Universal Mill Plate Table. 
I lut os of groator dimensions than shown in above tables may be submit* 
tod for spocial consideration. 
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STRUCTURAL STEEL SHAPER 


are obtainable in a numl>er of small thicknesses as 
suggested above, a minimum thickness of J" is 
established for all structural work for practical 
reasons, and in many cases, ,V' or even %" is 
specified as the minimum, particularly when the 
metal is subject to corrosion. A plate is defined 
usually by its width by its thickness by its length 

as 2-20 X f Pis. X 24'-0", 

1-4X1 bar X l'-8J", etc. 

A structural designer in his work should be fa- 
miliar with costs of structural steel work in general, 
so that he may be able to estimate the costs in special 
cases when necessary. The cost of structural steel 
shapes is referred to base prices. Pittsburgh is the 
recognized center of the steel production and is 
the basing point for steel prices. The base at any 


other point is determined by adding the freight 
rate. The base price varies slightly from month 
to month, due to manufacturing conditions. 

To the cost of the raw material, must be added 
the costs of making shop details, templates, fabrica- 
tion, painting, sliipment and erection. Structural 
fabricating companies keep records of these costs 
so that they are able to arrive at costs of fabricated 
material erected. These vary from time to time 
naturally, but a designer may find out from local 
companies, approximate values for purposes of 
comparative designs. Such values will obviously 
depend upon whether the steel is simple beams, 
plate girders, truss work, or other complicated fram- 
ing. A value for average work may be established, 
however. At present (1926), average structural 
steel costs about $100 per ton in place. 



CHAPTER 2 


SIMPLE BEAMS 


8. Typical Design Example. 


In order to illuatrate the usual points which are 
investigated in, the design of a typical steel beam, 

I I I I I 



(*) 

Fio. 11 


the floor beam in Fig. 11 will be designed for the 
following data: 

Span - 20'-0" (c.c. bearings as is usual for steel beams) 

L. L. - 60#/d' 

Fin. Fir. - 3 a - 16,000#/o" 

Sub. Fir. - 3 q - 10,000#/d" 

2" Cinder Fill - 16 Maximum allowable deflec- 
4" Concrete Slab — 50 tion of the span. 

Suspended Ceil. - 15 Beam is laterally supported 

Floor T. L. - 147 by the floor slab. 

Random Partitions - 13 

T. L. - lflOf/o' 

The design work is carried along as follows: Load in #/ ft. 
from the floor — 6 X 160 « 800#/ft. Assume 12" beam. 
Haunch is then 8" X 12" below the slab (Fig. 11, section 
A-A). 


8 X 12 


X 150 - 100#/ft. for beam and haunch. 


T. L. per ft. - 800 + 100 « 900#/ft. 
M - 1.5 w ' L' - 1.5 X 900 X (20)* - 540,000"# 
I 540,000 

woo 

p _ «w><» _ 0000# _ 


V 0000 

976 X 035 - **UtTOX. 

10,000#/a" allowable. 

Limiting Bpan for safe deflection, L »2X 12 « 24 '-0" 
Actual span = 20'-0" Deflection O.K. 

Standard beam connections O.K. (Table 25). 


9. Flexure. 


In designing steel beams to resist bending, the 
general flexure formula is used, namely, 

M, = ~~ t in which (S-l) 

M r = the moment of resistance in inch-lbs., 
a * the maximum allowable fibre stress in #/□", 

I * the moment of inertia of the cross-section in (ins.) 4 , 
c = the distance of the extreme fibre from the neutral axis, 
in inches, and 

- * the section modulus in (ins.) 1 . 
c 

Structural steel is required to meet a standard test for 
its physical properties, particularly as to its strength, 
upon which s is based. 


SPECIFICATION CLAUSES* 


Tendon Testa 5. (a) The material shall conform to the 

following requirements as to tensile properties: 


Properties Considered 

Structural Steel 

Rivet Stool 

Tensile strength, lb. per sq. in. 
Yield point, min., lb. per sq. in. 

55,000-65,000 
0.5 tens. str. 

46,000-56,000 
0.5 tens. str. 

Elongation in 8 in., min., %. . 

1,400, 000 f 
tons. str. 

1,400,000 
tens. str. 

Elongation in 2 in., min., %. . 

22 



t See see. 0. 


(b) The yield point shall be determined by 
the d rop of the beam of the testing machine, i 
ModiBcatioas 6. (a) For structural steel over i inch in 
in Eloncation thickness, a deduction of 1 from the percentage 
of elongation in 8 inches specified *in sec. 5 (a) 

* American Society lor Testing Materiel*, Serial Designation Alfi-14. 
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shall be made for each increase of i inch in 
thickness above 1 inch to a minimum of .18 
per cent. 

(6) For structural steel under A inch in 
thickness, a deduction of 2.5 from the percentage 
of elongation in 8 inches specified in sec. 5 (a) 
shall be made for each decrease of A inch in 
thickness below A inch. 

Since the ultimate tensile strength given above 
varies, some working stress, s, had to be established, 
on the basis of a factor of safety of 4. Accordingly, 
the maximum allowable fibre stress is almost uni- 
versally taken as 16,000#/a".* If the maximum 
external bending moment in inch-pounds is divided 
by this stress, the required section modulus is found. 
Algebraically, 

M (ins.) (lbs.) (ins.) (lbs.) (ins.) 2 * * * /# v . I 

ObaT (IteO (in8,) = c 

(ins.) 2 


The section moduli of all the various structural 
shapes have been calculated. These are estab- 
lished in the customary way (Art. 3) and they are 
based upon the gross sections. All the values are 
listed in the structural handbooks, but, for con- 
venience, the values corresponding to the more com- 
monly used shapes are given in Chap. 1. 

/. 

When the required value of - is known, the object 

c 

of the design is to select a beam which meets this 
value. The principal feature is to select a beam of 
the least weight to carry the load. Other factors 
may control the selection, such as headroom, allow- 
able deflection, and the lack of lateral support; it 
may also be desirable to keep a given number of 
beams the same depth. When there are only slight 
differences in the section moduli required for seVferal 
beams, one size of beam which will suffice for all 
may be feasible for many reasons. The availability 
of certain sizes compared with others should also in- 
fluence the selection. Ordinarily, the minimum 
weights of any given depth are the sizes most com- 
monly found in stock (Art. 3). 


Illustrative Prob. 9a. Select an I beam to safely resist 
a maximum external bending moment of *330,000"#- Use 

a - i6,ooo#/a". 

M I 330,000 
• "c or 16,000 

(Refer to Table 4.) 


- 20 . 6 " 1 . 


Use a 10 I 25.4. 


I beams are by far the most commonly used for 
simple steel flexural members, as they are well 
balanced in the sense of having the metal properly 

distributed. Channels are not as economical in 
weight because the flanges extend only to one side, 

* Recently advocates of a fibre stress of 18,000^/D" have effected 
changes in some building oodes to correspond. As the usual elastio limit 

of steel is 3fi,000#/D", such a stress would reduce the real factor of safety 

to less than 2. The authors are very anxious to emphasise their objections 

to such practice where live loads approach actual conditions. 


and they requipb more lateral support. They are 
employed however in special cases such as in framing 
around openings when a clear face is desired on the 
opening side, or 'where it is desired to keep the 
flange width small so that it may be concealed in 
partitions, and so on. A single angle or a pair of 
angles may be used for short spans and light loads, 
such as for lintels. Tees and zees are occasionally 
used in stair landing work, and the like. 


Illustrative Prob. 9b. Select a channel to carry a load 
of 400#/ft. on a 12'-0" span. 


Load — 
Bm & Haunch — 

M I 
— — - or 


400 M - 1.5 L* - 1.5 X 460 X(12)* 
00 AT - 99,200" 

460#/ft. 

99,200 

ie!ooo" 6 - 2 "*- U « 8CI1A 

(Refer to Table 7.) 


If the required section modulus is great, no 
standard beam which is rolled may supply the 
need. Larger sized Bethlehem beams or Bethlehem 
girder beams may be used in such cases. For 
average loads, either standard or Bethlehem beams 
may be used, depending upon the circumstances 
(Art. 3). For a given job, one kind of beam 
(standard or Bethlehem) is generally used through- 
out. Occasionally plates are added to the top and 
bottom flanges of beams to increase the section 
modulus (riveted beam girders, Art. 34). If none 
of the former types of steel beams furnish the re- 
quired material, some other form of compound 
beam Chap. 4), or plate girder (Chap. 5) will have 
to be used. 


Illustrative Prob. 9c. Select a steel I beam to span 40'-0" 
and carry a load of 2000#/ft. 

Load-2000 M — 1.5t/> • L* — 1.5 X2200 X (40) f 

Bm <fe Haunch - J200 - 5,280,000"# 

2200#/ft. 

M I 5,280,000 _ _ , , . 

— - - - — Vft ' wvT “ 330" 1 . No standard beam is avatl- 

s c 16,000 

able (Table 4). 

Use 30 B1 121. 

(Refer to Table 5. i 

Prob. 9d. Select an I beam to carry a load of 8000# 
concentrated at the middle of a 16'-0" span. 

Prob. 9e. What size of I beam is required for a load of 
1100#/ft. on a 14'-0" span? 

Prob. 9f. Select a channel to carry two loads of 4000# 
each, applied at the third-points of a 15'-0" span. 

Prob. 9g. What size of taam is required to carry a 
load of 2100#/ft. on a 42'-0" span? 

Prob. 9h. Select a 5X3} angle to carry a load of 
300#/ft. on a G'-O" span. What thickness of 2-3 i X 2$ angles 
(long legs vertical) may be used? What size of a T-iron 
may be used? Substitute for the T with a Z-bar. 


10. Weakening Effect of Flange Holes. ^ 

Holes are often punched or drilled in .the flanges* 
of beams, and when they occur at or near the point 
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of ma ximum moment, their effect ipon the strength 
of a beam should be considered. The sectional 
are a of the beam lost by punching the holes lessens 
tEe section modulus. A hide in the tension flange 
reduces the tensile strength because the net area 
is less and the rivet or bolt does not form a con- 
tinuity for stress. The strength of the flange in 
Fig. 12 (b) would be less than that of (a), for the 
metal could pull away from the fastenings and tear 
across the holes, as shown by the heavy lines. The 
effect of a hole in the compression flange is different. 
In Fig. 12 (c), the more the compression, the more 
the metal would tend to push on the rivet or bolt 
If the bolt were a tight fit, the safe compressive 



strength of the flange would be unaffected. It is, 
however, better practice to consider both the com- 
pression and tension flanges on the basis of net area 
for the following reasons: 

/ (1) The bolt or rivet may not be a tight fit. 

(2) The shearing strength of a bolt is less than 

its compressive strength. 

(3) The quality of metal in bolts is often not 

equal to that in steel beams. 

Holes in flanges should be located preferably at 
a sufficient distance away from the point of maxi- 
mum moment so that their weakening effect may 
be neglected. The usual beam is so designed. The 
actual section modulus supplied is generally some- 
what above that required, so that a certain amount 
of protection is afforded in the usual case. When 
this cannot be done, the provision for reduced 



area must be considered. Figure 13 (a) illustrates 
the limits within which provision should be made 
for this contingency. Figure 13 (b) shows the 
usual cause for tension flange holes. It may more 


often rest with the detailer than with the designer 
to check these cases. Table 13 shows the reduction* 
of strength for various sections under varying con- 
ditions of flange punching. Figure 14 gives a dia- 
gram by which any condition may be checked. 


TABLE 18* 

REDUCTION OF STRENGTH IN BEAM SECTIONS SUE 
TO HOLES IN FLANGES 


Beams 

or 

Channols 

Aetual 
Diam- 
eter of 
Bolt, 

In. 

Aetual 
Diam- 
eter of 
Hole, 
In. 

Percent- 
age of 
Reduc- 
tion, One 
Hole in 
Flange 

Percent- 
age ol 
Reduc- 
tion, Two 
Holes in 
One 
Flange 

Percent- 
age of 
Reduc- 
tion, One 
Hole in 
Each 
Flange 

Percent- 
age of 
Reduc- 
tion, Two 
Holes in 
Each 
Flange 

Beams 

In. I.b 







6 X 12.25 

* 

H 

15 9 

31.5 

18.1 

36 1 

7 X 15 

! 

B 

14 4 

28 l 

16 1 

32 2 

8 X 18 

1 

« 

14 0 

30.0 

17 5 

35 0 

9 X 21 

I 

H 

13 9 

27 7 

16 1 

32.3 

10 X 25 

! 

B 

12 5 

25.1 

14 7 

29.5 

12 X 31 5 

1 

B 

11 3 

22 6 

13 4 

28.7 

15 X 42 

\ 

B 

9 8 

19 ft 

11.8 

23.6 

18 X 55 

i 

B 

10 0 

20 0 

12.2 

24.4 

20 X 65 

l 

B 

9 6 

19.2 

11.7 

23 4 

24 X 80 

Channols 

i 

B 

8 6 

| 

17 2 

10.4 

20.8 

8 X 8 

2 

B 

23.2 


28 2 


7 X 0 75 

1 

H 

21.5 


26 3 


8 X 11 15 


B 

23.5 


28 6 


9 X 13.25 

1 

B 

20.1 


24.7 


10 X 15 

1 

B 

20.1 


25 0 


12 X 20 5 

i 

B 

19 8 


24 4 


15 X 33 

1 

B 

10 0 


20 1 



Illustrative Prob. 10a. An 18 1 55 carries a total uni- 
formly distributed load of 47,100# on a 20'-0" span. This 
will produce a fibre stress of 16,000#/a" at the center of 
span. Suppose it is desired to take two holes out of the 
tension flange at a distance of 4'-8" from the center. Will 
this be safe? 

In Fig. 14 (a), follow the curve under the Rketch indicating 
two holes out of one flange of an I beam until it intersects 
the horizontal line indicating an 18" beam. Project verti- 
cally downward from this point to the curve for load uni- 
formly distributed in (5). Then project across to the left 
and note the corresponding percentage of span length. This 
is 0.23. 

0.23 X 20 = 4.6'. 

This is less than 4'-8" so that two holes may be taken out 
as planned. 

For any other condition of loading than those 
indicated in Fig. 14, the values may be approx- 
imated without undue error. If the beam in 
question is one other than the minimum weight of 
a given depth, the percentage may be obtained by 

* Article by R. Fleming of the American Bridge Co., p. 1040, Engineering 
News Record, March 27, 1020. Only minimum weights of sections are 
given and the corresponding maximum diameters of bolts allowable. The 
diameters of the holes deducted are greater than the diameters of the 
bolts in these calculations. The areas for deduction are based on the 
grips of the bolts. 
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inverse proportion to the gross section moduli*, of 
this beam and that of the minimum weight beam 
of the same depth. Thus 

Gross ^ of Beam in Question 
Proportion Corresponding to Minimum Weight ~ 


Gross -of Minimum Section 

c 

Proportion Desired 



Proportionate Reduction of Gross Section Modulus (a) 



Fig. 14$ 

Illustrative Prob. 10b. Find the t>ernentagc of the spun 
length for a 15 I 50 with one hole out of one flange. Uniform 
Load. » 


Prob. 10c. A 15 I 42.7 carries a total uniformly dis- 
tributed load of 36,000# on a 16'-0" span. It is desired to 
take two holes out of the tension flange at a distance of 
3'-0" from mid-span'. Will this be safe? 

Prob. lOd. A 12 I 31.8 has a load of 11,000# concen- 
trated at the middle of a 13'-0" span. Can two holes be 
taken out of the top and bottom flanges at a distance of 2'-0" 
from the center-line of span? 


11. Beams Unsupported Laterally. 

If a beam does not have its top flange supported 
laterally, it will tend to bend in a sidewise direction. 
Such action will induce stress in addition to that 
caused by the vertical bending, and therefore the 
maximum allowable fibre stress in such a case should 
be reduced. As the top flange is in compression, it 
acts more or less like a column. The most logical 
manner to reduce the allowable stress is hence 
that of employing a column formula. Since there 
are many column formulas, there arc, correspond- 
ingly, many formulas for the allowable stresses 
in unstayed beams. The most commonly used 
formula for this work is: 

l 

p = 16,000 — 70- , in which 
r 

p = the maximum allowable compressive stress 
in #/□", 

l = the unsupported length of the member in 
inches, and 

r = the minimum radius of gyration of the cross- 
section in inches. 


A column will tend to bend in the direction of its 
least dimension. The great majority of the fibre 
stress is carried by the flange, so that for simplicity 
it will be assumed that it is all carried by this part 
of the beam. Assuming that the flange is a rec- 
tangle of any length, x , as in Fig. 15, 


I 

r 2 

r 


x • 5 s 
12~ 


and A 


x • 6. 


_7 

A ~ 
b 

3.46 


x • V b 2 

~V2~ + x - b — jg, and 

(Therefore independent of x). 


I/c (gross) for 15 1 42.9 * 58.9"* 

I/c (gross) for 15 I 50 - 64.5"* 

% from Fig. 14 (a) for 15 1 42, one hole out of one 
flange = 0.097 

64.5 58.9 

.097 “ x 
x - .088. 

Tracing through the diagram as before, 


1 



* dny ienoth x J 



3? y^'Xh'rection of 
^ sidewise bendiry 

f sf/ange cannot bend 
in this direction due 
to web action. 


Fig. 15 


Proportion =* 0.15. 

* Gross section modulus is defined as that of the whole section. Net 
section modulus is that of the section with the effect of holes considered, 
t This is true within small limits. 

t Article by U. Kerch er of King Bridge Co., p. 790, Engineering 
News Record, May 12, 1921. ^ 


Substituting in the column formula, 
701 

p « 16,000 g-- 

£46 
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Let p in this case be called the maximum allow- 
able fibre stress when the beam is laterally unsup- 
ported. Then 

s, = 16,000 - 242^. 

It is generally agreed that the coefficient 242 is un- 
necessarily severe in the majority of cases for the 
following reasons: 

(1) on account of the assumptions previously 
made, 

(2) the maximum stress occurs only at the 
outer fibres of the flange, 

(3) the maximum stress usually occurs at 
one point along the length only, and 

(4) on account of the strengthening action 
of the web. 

Accordingly, this coefficient is reduced to 200. 
Therefore, 

l * 

s* = 16,000 - 200 -• (S- 2) 


Illustrative Prob. 11a. What is the maximum allowable 
stress for a 12 1 31.8 on a 14'-0" spun if it is laterally un- 
supported? 


I 

l 

b 


14 X 12 « 108" 



s u - 16,000 - 200 X 33.6 


b = 5" (Table 4) 


* 9240#/n". 


Another formula used is that developed from 

l t 

p = 19,000 - 100- • 1 

r 

100 l 

As before, p = 19,000 — 

ZM 

l 

s u = 19,000 — 289 £ , or in round figures 
l 

s* = 19,000 - 300^ • 

When 

^ = 10, Su = 19,000 - 300 (10) = 16,000#/p". 


This value is the same as the usual allowable fibre 
stress. Consequently no reduction of stress is made 
when the ratio of span length to flange width is 10 
or less. This value is taken for many of the for- 
mulas. A limiting value of l/b = 40 is often as- 

* If a beam is under a constant moment for a portion of its length, as 
some loading conditions produoo, the formula a M - 16,000 - 242 £ should 

be used. Soo Bull Univ. of 111. #68 and Engineering Newt Record, May 
6, 1016. 

t American Bridge Co. column formula. 


sunied. Beyond such a ratio, no economical design 
could result. 


SPECIFICATION CLAUSE 

Limiting If the ratio of the unbraced length of a beam 

Ratios or girder to its flange width exceeds 10, the 
maximum allowable fibre stress shall be reduced 
from the usual by a standard reduction formula. 
In no cose shall the ratio exceed 40. 


Still another formula which may be used is developed from 


V 



(The Kankine column 
formula). 


18,000#/ □" is used for S because only a portion of the 
flange is stressed to the maximum. The constant, q , is taken 

as , that for a fixed end column. 

3o,UUU 

« i 18,000 

Substituting, p - — 


1 + 36,000 r* 
18,000 


+ 

or, 


1 + 


6* 

5,000- 


18, OCX) 


1+7 


3000 6* 


If the maximum value of s u is to he 16,000 #/d", then 


16,000 


16,000 + 


16,000 l* 
3000 b* 
16,000 P 


b a 


l l 

b* 

l 

b 


18,000 
l 2 

1 + 3000 b 2 
18,000 

6 , 000,000 

6,000,000 

16, (XX) 3=375 

19.4. 


The Cambria specification therefore requires no reduction 
of stress when j - 20 or less. This specification also sets 
the maximum ratio at 110. 


Various building codes and specifications state the 
limiting ratios for l/b and often the formula upon 
which the stresses shall be reduced. Table 14 is 
given as an illustration. 

Unless otherwise specified, the first fonnula 
given in Table 14 is recommended for determining 
the allowable stresses in laterally unsupported 
beams. A point of inconsistency arises when a 
designer uses one formula to design columns 
and a formula to calculate allowable stresses for 
beams laterally unsupported, based upon some other 

X Rahkine column fonnula used by Cambria Steel Co. 



SIMPLE BEAMS 


27 


column formula. To be consistent, the same column Prob. lie. Select a channel to carry two loads of 4000# 
‘'formula should be basic to all calculations. each, concentrated at the third-points of a 12'-0" span, if it is 

not braced in a sidewise direction. 


TABLE 14 

MAXIMUM ALLOWABLE UNIT FIBRE STRESSES FOR 
BEAMS WITHOUT LATERAL SUPPORT 


Ratio 

l 

6 

A.R.E.A. 
15,000 — 

Fleming 
19,000 — 

5 

15,000 

15,000 

10 

14,000 

16,000 

15 

13,000 

15,250 

20 

12,000 

14,000 

25 

11,000 

12,750 

30 

10,000 

11,500 

35 

9,000 

10,250 

40 

8,000 

9,000 


A.B. Co. 
Carnegie 
9,000 - 

aooi 

Cambria 

18,000 

Bethlehem 

1 H — — 

T 3000 5* 

16,000 

16,000 

10,000 

15,000 

15,000 

16,000 

14,500 

16,000 

16, (N)0 

13,000 

16,000 

16,000 

11,500 

14,900 


10,000 

13,850 

14,400 

8,500 

12,780 


7,000 

11,740* 

12,800t 


The design of beams which arc laterally unsup- 
ported must be carried along by a “ cut and try ” 
method because the width of the beam flange con- 
trols the maximum allowable fibre stress, whereas 
the flange width is not known exactly until the size 
of the beam required for flexure is established. A 
trial size may be obtained by selecting a size of 
beam which will carry the load safely on a span 
which is laterally supported, and then selecting a 
size somewhat larger than the first. The latter 
beam may then be checked to prove that the com- 
pressive stress at the extreme fibre is within the 
allowable and still reasonably near to it, in order to 
obtain an economical design. 


Illustrative Prob. 11b. What size of I beam is required 
to carry a load of 8000# concentrated at the center of a 
14'-0" span if the beam is laterally unsupported? 


M 


PL 
4 ~ 
M 330,000 
8 " 16,000 


8000 X 14 


28,000'# « 336,000"#. 


4 

— 21. 0" 3 A 10 I 26.4 would be sufficient if 
it were laterally supported (Table 4). 


Since the beam is unbraced, assume a 12 1 31.8 


b « 6.0" l - 14 X 12 


168 " i 


^ -33.6,<40O.K. 
o 


- 16,000 - 200 x 33.6 - 9240#/a" 
M 336,000 




9240 


» 36.4"* required 


- = 36.0"* actual 
c 


O.K. about 1% over- 
stressed. 

Use 12 1 31.8. 


Prob. 11c. What is the ratio of the span length to the 
flange width for a 16 I 42.9 on a 16'-0" span? Is the ratio 
within an allowable limit? What is the maximum allowable 
fibre stress if the beam is laterally unsupported? 

Prob. lid. Design a beam to carry n load of 1000#/ft. 
on a 15'-0" span if the beam is laterally unsupi)orted. 


* Continues l/b - 1 10. 

t Continues l/b » 70 — Bethlehem beams offer an advantage on account 
of their wide flanges. 


12. Internal Shear. 

Flexure is the usual controlling factor in the de- 
sign of steel beams, but when beams are of short 
span with heavy uniform Toads, or when there are 
large concentrations near a support, shear may con- 
trol the size of beam.J The average intensity of 
vertical shear may be calculated from the formula, 

V 

v = , m which 

v = the average intensity of vertical shear in 

#/□", 

V — the maximum external vertical shear in 
and 

A = the effective area of the cross-section in a". 

This shear is assumed to be taken by the area of 
web only, Aw- This area is the product of the 
depth of the beam, d } and the thickness of the 'web, 
t. Then 



The intensity of shear at any cross-section varies 
however, and uniform distribution is only an as- 
sumption. It has been shown that the shear is 0 at 
the outside fibres and maximum at the neutral 
plane, that it varies as the external shear varies, and 
that its intensity at any point in a cross-section 
depends upon the sectional area outside of that 
point. The intensity of vertical shear and that of 
horizontal shear at any point are equal. Therefore, 
to determine the intensity of vertical shear, the 
equal intensity of horizontal shear may be calculated. 
The general formula for this calculation is 

V-Q • u- u 
q = j , in which 

q = the intensity of horizontal shear in #/□", 

Q = the statical moment of the cross-section in 
(ins.) 8 , of the area outside of the plane at 
which q is to be calculated, and 
b = the width of the plane of the cross-section in 
ins., at which q is to be investigated. 

The maximum intensity of shear is naturally larger 
than the average value. In the usual case, the 
maximum intensity is the only value desired. The 
width of the beam at the neutral axis is the thick- 
ness of the web. The formula then becomes 

(S-4) 

t Mr. R. Fleming gives several instances of this kind in an article in 
the Engineering News Record, May 27, 1020. 
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Figure 16 shows the variation of stress in a typical 
cross-section. It is obviouB in (c) that the flanges 
do not take any appreciable amount of the shearing 
stress, — hence the reason for assuming that the web 
takes all of the shear. The exact solution involves 
the calculation of the statical moment of the cross- 
section. 



Fig. 16 


Illustrative Prob. 12a. What is the average intensity of 
vertical shear at the support for a 27 I 90 having a maximum 
end reaction of 120,000#? What is the maximum intensity 
of horizontal shear? 


V 

d-t 


120,000 

27 X 0.524 


8480#/cj". * 


Calculation of Q. The section should be split up into ele- 
mentary areas, such as rectangles and triangles, of which the 
centers of gravity are known. Figure 17 shows the cross- 
section of the 27 I 90, and the dimensions required, f 



Q for flange rectangle 

9 X 5.15 X 13.22 - 61.51"* 

Q for flange triangles 
4.24 X 0.38 


2 


X 12.86 X 2 


Q for web rectangle 

12.98 X 0.52 X 6.49 


20.93 


44.22 


Total Q « 126.66"* 
■ 2958.3"* t 


Q 


V Q 120,000 X 126.66 

I • / 0.524 X 2958.3 


9810#/a".* 


Since the maximum allowable shearing stress is 10,000#/a", 
the beam is satisfactory in this respect. 


The above solution is both exacting and laborious 
if repeated for many cases. Consequently approx- 
imate rules of thumb are often used. There are 
several of these approximations, such as dividing 
the maximum vertical shear by the area of the web 
between the flanges, and so on. 
Of these, probably the most 
accurate method is to divide the 
maximum vertical shear, V , by 
the area resulting from the prod- 
uct of the thickness of the web, 
f, and the tangent distance on 
the web, dt. The tangent dis- 
tance is that between the points 
of tangency of the fillets and the 

* The relative values of v and q should be noted. 

f See Elements of Sections, Carnegie Pocket Companion. 

X Tangent distances are given in the dimensions of rolled shapes in 
structural handbooks. 



*7190 
Fig. 18 


web,$ as in Fig. 18. Algebraically, 

The accuracy of such a solution varies, but the 
results are always on the safe side, the error averag- 
ing about 6%. 

For practical uses, the allowable shearing stress 
may be reduced 10% to allow for this variation 
and thus avoid the frequent references to special 
detail dimensions of rolled sections. 

Illustrative Prob. 12b. What is approximate value of 
the maximum horizontal shear for the data of Illustrative 
Prob. 12a? 

Figure 18 shows the resisting area cross hatched. 

V 120,000 
9 “ t ■ dt “ 0.624 X 21.69 
q - 10,620#/p" 
q - 9,810 (Prob. 12a) 

Difference «= 810#/a" 

„ „ 810 „ 

% Error - — = 8.3. 

In order to avoid approximate solutions, and the 
corresponding calculations, a table may be developed 
which can be used to investigate the maximum shear 
directly, and in addition, corresponds to an exact 
solution. Thus from 

V -Q 

9 ~ t-I ’ 

v=9 ~1T' {8 -*> 

The values t, I and Q are constant for any given 
I beam when referred to the neutral axis (the point 
where the shear is maximum). The above formula 
with the maximum allowable value of q substituted 
in it will therefore express the maximum allowable 
shear, V, or the end reaction, that a given beam 
can safely sustain. 

The ultimate shearing strength of structural 
steel averages about 40,000#/o". Based upon the 
usual factor of safety of 4, the working stress quite 
universally used is 10,000 #/q". Although the max- 
imum allowable horizontal shear, a function of 
the vertical shear, is often dependent upon the 
buckling resistance of the web for its value, the 
conditions surrounding the usual beam, such as 
fire-protection and other construction which stiffens 
the webs of beams, make it safe to assume the fixed 
value of 10,000#/o" on the web section in place 
of the lesser value derived by the buckling formulas 
(Art. 13). 

Referring to the data of Illustrative Prob. 12a 
for the 27 I 90, I = 2958.3"«, Q - 126.66"* and 
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t a 0.524", the m«rin»imi allowable shear oa the 
‘'above basis is 


V 


10,000 X 0.524 x 2958.3 
126.66 


122,400#. 


Table 15 gives the values of Q and V for various 
sizes of beams, calculated in the same manner as 
just illustrated. Use of this table is made by com- 
paring the maximum end reaction obtained in the 
calculations with the value of V listed which cor- 
responds to the size of beam as selected for flexure. 
If the reaction is less than the value of V given, the 
mi gimiim intensity of horizontal shearing stress is 
within allowable limits. If otherwise, a beam may 
be selected from the tabic to meet this requirement. 


TABLE 18 

MAXIM mi ALLOWABLE SHEARS* 


Bethlehem I Beams 


Bethlehem Girder Beams 


Size 

Q (in*0 J 

V (Ibn.) 

Size 

Q (ins.) 1 

V (lbs.) 

30-121.0 

200.19 

141,500 

30-200 

333.80 

208,000 

28-106.0 

162.90 

123,300 

181 

308.95 

182,500 

26- 91.0 

130.70 

109,900 

28-165 

264.74 

161,200 

24- 83.0 

108.16 

107,000 

26-151 

224.31 

145,000 

13.5 

107.32 

99,500 

24-121 

159.50 

121,400 

20- 69.0 

72.72 

90,700 

20-113 

131.50 

97,900 

64.5 

68.02 

80,800 

18- 93 

92.23 

76,500 

59.5 

64.92 

79,400 

15-141 

122.30 

104,300 

18- 59.0 

59.60 

76,600 

105 

98.93 

76,600 

54.5 

54.22 

63,700 

74 

65.46 

58,000 

52.0 

52.46 

54,700 

12- 70.5 

50.18 

48,700 

49.0 

50.10 

51,000 

55.5 

40.16 

39,800 

15- 46.0 

37.40 

55,500 

Structural Channels 

41.0 

33.73 

46,000 

15-33.9 

25.20 

49,900 

38.5 

33.12 

39,000 

12-20.7 

19.83 

39,600 

12- 36.5 

25.22 

33,100 

10-15.3 

7.91 

20,400 

32.0 

22.42 

34,000 

9-13.4 

6.21 

17,500 

28.5 

20.12 

26,800 

8-11.5 

4.77 

15,000 

10- 28.5 

15.48 

33,900 

7- 9.8 

3.56 

12,400 

23.5 

13.74 

24,000 

6- 8.2 

2.46 

10,800 


Standard I Beams 


27- 

90 

126.66 

122,400 

12-40.8 

26.09 

47,400 

24-100 

123.56 

142,900 

31.8 

26.75 

36,300 


79.9 

101 .39 

103,100 

10-25.4 

13.98 

27,000 

20- 

81.4 

88.71 

99,400 

9-21.8 

10.91 

22,600 


65.4 

68.41 

85,500 

8-18.4 

8.15 

18,800 

18- 

54.7 

52.11 

72,100 

7-15.3 

5.94 

15,200 

15- 

42.9 

34.29 

52,800 

6-12.5 

4.17 

12,000 


In special investigations it may be desirable to 
calculate the intensity of horizontal shear at points 
in a beam which are not in its neutral plane. The 
general shear formula, 


9 


VQ 

b ■ I ’ 


* Baaed upon a maximum allowable shearing itreaa of I0,000f/D \ 


is again applicable here, although it is generally 
used to obtain the maximum shearing stress. The 
value of Q in this, particular case is the statical 
moment of only that portion which lies outside of 
the plane where the shear is to be investigated. 
The value b is the breadth of the section at such a 
plane. 


Illustrative Prob. 12c. Calculate the intensity of hori- 
zontal shear at the plane o-a in Fig. 19 if V «* 70,000#. 

Flange rectangle 7 X 0.60 X 11.7 — 49.2 

•>25 yQ 549 

Flange triangles - — ^ — X 2 X 11.22 - 19.7 
Rectangle of part web 9.15 X 0.50 X 6.83 ■* 31.3 


7 


V-Q 70,000 X 100.2 
t J " 0.50 X 2087.2 


Q - 100.2"* 
6700#/a". 


Prob. 12d. Check the value of the statical moment, Q, 
of a 12 I 31.8 about its neutral axis, as shown in Table 15. 
Check the value of V . 

Prob. 12e. If a 15 1 42.9 
is subjected to a maximum 
external vertical shear of 
50,000#, what is the average 
intensity of vertical shear? 

Is the maximum intensity of 
horizontal shear safe? 

Prob. 12f. Design a beam 
to carry a load of 1200#/ft. 
on an 18'-0" span. Check 
the shear by the approximate 
method. 

Prob. 12g. What is the 
maximum intensity of hori- 
zontal shear at a plane 6" 
down from the top of a 15 C 
33.9 which is subjected to a shear of 21,000#? 



13. Buckling. 

If a large concentrated load or a heavy reac- 
tion is applied to a beam, the web may tend to 
bend sidewise, or 


buckle (called crip- 
pling of the web). 
In Fig. 20, the 
two beams shown 
have the same 
area of web, and 
each will carry a 
certain load as far 
as the shear is 
concerned. How- 
ever, the deeper 
beam has a greater 
tendency to crip- 
ple. This involves 
typical column 



Fig. 20 


action and therefore a formula for steel columns, 
expressed in a modified way, may be used to establish 
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safe working stresses for such web action. A column 
formula which is very often used is 

p * 16,000 - 70 1 -. (1) 

The flanges of an I beam are relatively wide and 
heavy compared with its web, and therefore they de- 
velop the tendency of a fixed end column. In such a 
member, the points of inflection are assumed to be 
at the quarter-points of the beam depth, as shown 
in Fig. 21. The length in which sidewise bend- 

d 

ing takes place is hence assumed as - • Substi- 
tuting I = | in (1), 

p = 16,000 (2) 


GaOvmn * 4 ’ 

(") 

Fio. 21 



The resisting section may be assumed to be any 
length, x . This value will not have any influence 
on the bending, as a column always tends to bend 
in the direction of its least dimension, and as shown 
below, it cancels in the calculations. The value of 
the radius of gyration, r, is evolved in the following 
manner: 


I = 

r 2 = 

r = 


x • t* A , 

-J2 - » A = x ’ l > 611(1 

I x • < a t * 

— = X ’ t = — . 

A 12 12' 

t 

3.46' 


or 


Substituting for r in (2), 

p = 16,000 - 


70 d (3.46) 
2 i 


( 3 ) 


Let p in this application be /», the maximum allow- 
able buckling stress in pounds per square inch. 
Then 

ft = 16,000 - 121 ; 5 - (4) 

or ft, = .16,000 — —j— (practically). (S-7) 


Since the values of the buckling stress are dependent^ 
upon some steel column formula other expressions may be 
developed for such allowable stresses if other column fonnulas 
were used. Thus, using 


V 

ft 

fb 


19,000 - 100 

19,000 - or 
l 

19,000 ~~Y~ (practically). 


(SS) 


Table 16 gives allowable values of ft for various 
beams, based upon the two above formulas. To 
be consistent, the designer should use a buckljng 
stress formula which corresponds to the column 
formula employed for the general design. Unless 
otherwise specified, formula (S- 7) is recommended. 

Buckling should be investigated at the critical 
points of loading, which are at the end supports of 
beams that have unrestrained webs, and at points 
where concentrated loads occur. If the stress is 


TABLE 16 

ALLOWABLE BUCKLING STRESSES 


Bethlehem 1 Beams 

Bethlehem Girder Beams 

Size 

a )/»#/□• 

(in/fti/cr* 

Size 

(1 )/*#/□■• 

(ii 

30-121.0 

9,340 

9,420 

30-200 

11,300 

12,200 

2H-106.0 

9,280 

10,300 

181 

10,800 

11,500 

26- 

91.0 

9,280 

10,300 

28-165 

10,900 

11,700 

24- 

83.0 

10,480 

11,030 

26-151 

11,000 

11,800 


73.5 

8,660 

8,330 

24-121 

10,700 

11,300 

20- 

69.0 

11,440 

12,420 

20-113 

11,700 

12,800 


64.5 

10,720 

11,380 

18- 93 

11,500 

12,500 


59.5 

9,640 

9,820 

15-141 

13,700 

15,800 

18- 

59.0 

11,680 

12,700 

105 

13,000 

14,670 


54.5 

10,720 

11,380 

74 

11,910 

13,100 


52.0 

10,240 

10,700 

12- 70.5 

12,930 

14,570 


49.0 

9,250 

10,200 

55.5 

12,210 

13,420 

15- 

46.0 

11,910 

13,100 

Structural Channels 


41.0 

10,710 

11,350 

15- 33.9 

11,440 

12,510 


38.5 

9,800 

10,050 

12- 20.7 

10,790 

11,570 

12- 

36.5 

11,3.50 

12,300 

10- 15.3 

10,960 

11,780 


32.0 

11,700 

12,750 

9- 13.4 

11,250 

12,220 


28.5 

10,250 

10,700 

8- 11.5 

8,580 

12,700 

10- 

28.5 

12,920 

14,550 

7- 9.8 

11,950 

13,230 


23.5 

11,300 

12,080 

6- 8.2 

12,360 

13,810 


Standard I Beams 


27- 

90 

9,830 

10,080 

12- 

40.8 

12,870 

14,480 

24-100 

12,140 

13,490 


31.8 

11,890 

13,060 


79.9 

10,250 

10,690 

10- 

25.4 

12,120 

13,410 

20- 

81.4 

12,000 

13,230 

9- 

21.8 

12,280 

13,620 


65.4 

11,200 

12,080 

&- 

18.4 

12,440 

13,870 

18- 

54.7 

11,310 

12,220 

7- 

15.3 

12,640 

14,150 

lfr- 

42.9 

11,110 

12,670 

6- 

12.5 

12,900 

14,480 


Illustrative Prob. 13a. What is the allowable buckling 
stress for a 12 I 31.8? 

d- 12" 0.35" (Table 4) 

ft - 16,000 - — ^^ - 1 - - 11,830#/d". 


• (I) values correspond to - 10,000 — 120 ^ - 
(II) values correspond ~ 19,000 — 170 j ■ 

t American Bridge Co. formula. 
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proven to be safe at the larger end reaction in such 
"a case, and under the largest concentrated load, the 
investigation will be complete for any given beam, 
there being no variation in the web. 

At end supports a common assumption in de- 
sign is that the effect of a vertical load spreads at 
ah angle of approximately 60° with the horizontal, 
as illustrated in Fig. 22. The distance ab is as- 
sumed as ^ . This will approximate a 60° angle as 
2 shown. The aver- 

age cross - section, 
A , shown shaded, 
is taken to be the 
effective resisting 
area. This assump- 
tion is reasonable 
because the great- 
est tendency toward 
sidewise bending of 
the web will occur 
there, as shown in 
Fig. 21 . The al- 
lowable resistance to the reaction is the product of 
the resisting area and the allowable buckling stress, 
fb» Hence 

R = fi, • A y in which 

A = • t (the average resisting area). 

The safe end reaction, based upon the allowable 
buckling stress, is therefore 

R = fb • t ' ^a b + ^ • 
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(S-9) 


Illustrative Prob. 18c* What is the maximum allowable 
end reaction for a 12 1 31.8 resting upon a standard beam 
seat? 

fb - h',830#/d" (Prob. 13a) 

R - 11,830 X 0.35 ^3.5 + ^ 

R - 26,000#. 

The safe concentrated interior load, based upon 
the allowable buckling stress, may be derived in a 
manner similar to that for the safe end reaction. 
In Fig. 24, the average area, shown shaded, is 


t 


(°.+0- 


Then 


P - /* • t 


(° e+ i) 


OS-ii). 


The formulas for safe end reactions and safe interior 
loads are sometimes called purely empirical, but the 
reasoning is ra- 
tional, and they 
have a basis in true 
mechanics. Experi- 
mental tests verify 
these formulas and 
show them to be 
reasonably accu- 
rate. 

Illustrative Prob. 

13d. If P in Fig. 

24 is 50,000# and the 
length of the column 
base-plate is 12", is the 
buckling safe for a 12 1 31.8? 


I 

■ 


I 

1 

z&BjEzga 

I 

■ 



ml 


III 

E 

■1! 

m 


12 " 


12" t 


Illustrative Prob. 13b. If a 12 1 31.8 has an 8" wall 
bearing (ab), what is the maximum allowable end reaction 
as controlled by buckling? 

ab * 8" d = 12" t = 0.35" fb « ll,830#/a" (Prob. 13a). 

R - 11,830 X 0.35 X ^8 + * 45,500#. 

The length of the bearing will vary according to 
the conditions at the support. A special instance 
occurs when a beam frames into a column, as illus- 
trated in Fig. 23. The seat angle* is usually a 
6" X 4", as a standard. The usual clearance 
allowed between the end of the beam and the face 
of the column is The length of the bearing 
then is 3£' . Using a b ~ 3£", and substituting in 
formula (£-9), 

R =/»•<• (a.5 

($—10) (Special for Column Brackets.) 

* When a beam has standard connection angles and a seat angle is 
used for erection purposes only, the budding need not be investigated 
because the beam will eventually be dear of the seat angle. 


50,000 =/» (0.35) (l2 + 


Fiu. 23 

0.35" 
12 + : 


fb 

(From Prob. 13 a) f b 


9.550 #/□" actual 
■ ll,830#/o" allowable 


O.K. 



If the buckling stress as calculated is excessive, 
a beam with a stiffer web must be used, or the web 
must be reinforced. Stiffeners may l>e placed under 
the loads but their use is not considered economical 
for rolled beams. 
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When beams hear on walls and the usual lengths 
of bearing are employed, namely 

for 6" beams 6" or 8", 

7, 8, 9 and 10" beams . . 8" or 10", 

12 and 15" beams 10", 12" and 16", 

18" beams 12" or 16", 

beams > 18" deep 16", 

the safe end reaction, as controlled by buckling, 
is practically always greater than that controlled 
by a safe shearing resistance. To illustrate for a 
12 I 31.8, the following calculations are given: 

/» = 16,000 - 120- 
t 

= 16,000 - - 20 * 12 = ll,900#/o". 

U.oo 

/* = /»•<•(«» + j)- 

Even for an 8" bearing, 

R = 11,900 X 0.35 ^8 + = 45,700#. 

From Table 15, the safe end reaction based 
upon a safe shearing resistance = 36,300#, 
which is a leaser value. 

The same relation may be shown to be tme for a 
number of other cases. If the allowable buckling 

stress is based upon /j = 19,000 — 170- , the differ- 

t 

ence is even more on the safe side. Consequently, 
unless beams have a shorter length of wall bearing 
than is usual, the end reaction will not cause exces- 
sive buckling stresses in the web if the shear is safe. 
Since the shearing stresses are generally safe, the 
investigation for buckling in such cases is commonly 
omitted. This is also more or less true for interior 
concentrated loads when they are distributed over 
a reasonable length of beam. In any particular in- 
stance of either case, the general procedure pre- 
viously discussed should be followed out. It should 
be well understood that the above discussion does 
not apply when beams are supported on column 
brackets. In such casos, the maximum allowable 
reaction is practically always controlled by the safe 
buckling resistance of the beam web. For this 
reason, Table 17 is given for the more common sizes 
of beams. 

Another instance of buckling is found in the ten- 
dency of the web to cripple at some point between 
the supports and concentrated loads. The usual 
place is where the shear is a maximum, that is, close 
to a support. Stress of this nature will usually be 
within allowable limits, especially if the buckling 

t 


stress is safe at the support. Some designers pre-** 
fer, however, to investigate this action for heavily 
loaded beams, particularly if the ratio of the span 
to the depth is small. 


TABLE 17 

SAFE END REACTIONS FOR BEAMS ON COLUMN 
BRACKETS (BA8BD ON BUCKLING) 


t 


Beam 

Site 


|24-100.0 

79.9 
|20~ 81.4 

65.4 
18- 75.6 

54.7 
15- 60.8 

42.9 
12- 40.8 

31.8 
10- 25.4 

9- 21.8 
8- 18.4 
7- 15.3 
(>- 12.5 


130-200 
181 
28-165 
26-151 
24-121 
20-1 13 
18- 93 
15-141 
105 
74 
12- 70.5 
55.5 


Safe Reaction 

/* - 10,000 

f b - 19,000 

-120* 

- 170* 

85,900 

96,620 

48,700 

50,780 

61,200 

67,460 

47,600 

51,320 

58,870 

60,210 

41,620 

44,980 

55,400 

62,240 

33,020 

37,660 

38,420 

43,300 

26,000 

29,710 

21,700 

24,940 

20,500 

22,710 

18,500 

20,600 

16,600 

18,r)80 

14,820 

16,650 

94,730 

100,230 

81,750 

87,000 

75,500 

85,200 

69,600 

74,800 

54,900 

58,000 

55,700 

61, 000 

44,200 

48,000 

79,400 

91,600 

56,550 

66,710 

38,090 

41,790 

39,500 

44,500 

30,500 

33,250 


Beam 

Sue 


15-33.9 
12-20.7 
10-15.3 
9-13.4 
8-11.5 
7- 9.8 
6 - 8.2 


Safe Reaction 


fb ■ 
10,000 - 

12° I 


33.200 
19,660 
15,800 
14,900 
13,960 

13.200 
12,360 


fb - 
19.000- 

17tfd 


36,270 

21,060 

16,970 

16,170 

15,370 

14,580 

13,810 


The 8 life end reactions 
for beams, based upon 
buckling at wall bearings, 
are usualK in excess of 
the allowable web resist- 
ances. Consequently 
the buckling for such 
coses is safe if the shear 
is safe. (Table 15.) 

The same is similarly 
true for interior concen- 
trated loads. 


30-121 

55,800 

28- 

106 

46,500 

26- 

91.0 

42,600 

24- 

73.5 

32,200 

20 

73.0 

38,250 


59.5 

30,730 

18- 

49.0 

23,760 

15- 

38.5 

22,010 

12— 

32.0 

25,500 


28.5 

16,660 

10- 

28.5 

30,200 


23.5 

16,800 


56.000 

50.800 

42.800 

32.000 
40,270 
31,300 
26,110 
27,460 

28.000 
17,400 
34,000 
18,100 


The shearing stresses acting in the web of a beam 
may be resolved into component stresses of tension 
and compression of equal intensity and acting at 
right angles to each other. The intensity is equal 
to that of the vertical shear, and near the sup- 
ports the inclination is practically 45° with the 
neutral plane and in the plane of the web. The 
compressive stresses tend to buckle the web but it 
is not entirely free to buckle because the tensile 
forces acting upon it have the effect of stiffening 
it. The web may be considered as a series of 
columns of a length equal to the diagonal distance 
on a 45° line between the flanges, as in Fig. 25. 
Let A B be such a strip 1" wide. In this ease the 
flanges are again assumed as providing stiffness to 
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the small columns of steel in the web, and the depth 
of the beam is used as a basis for calculating the 
length of the imaginary columns in the web. This 
length is therefore d V2. Assuming fixed end con- 
ditions as before, the effective length, l, in the for- 
mula 16,000 — 70- is ~ 77 ~ = 0.707 d. Thus, when 
r 2 


r as before, 

v - 16,000 - 7o2£2Zi ( 
t 

346 

p = 16,000 - 172- • 
t 


Using ft for p in this case, 

ft = 16,000 - 170- (practically). (S-12) 

l 



The allowable buckling stress may be calculated for 
any given beam by this fonnula. The actual in- 
tensity may be taken as that of the average vertical 
shear without great error, as it is equal to the aver- 
age intensity of the compressive stress. The maxi- 
mum web shear for the beam may be found by as- 
suming ft to act over an area equal to d • t. 


Illustrative Prob. 13e. A 15 1 42.8 on a lO'-O" span 
has a total uniform load of 02,000#. Is the web safe against 
buckling? 


fb 


62,000 

2 


31,000# 


r 


V 

d-t 


(Art. 12). 


v *■ 


- 16,000 - 


31,000 
15 X 0.41 
170 X 15 
0.41 


* 5040# /□" actual. 

* 9770#/a" allowable* > 5040. 


Therefore the beam is amply safe. 

Other formulas may be employed. The Cambria Steel 
Company uses 


V 



(Rankine Formula). 


With S - 12,000#/a", and q - — i— for a fixed end 

column, Z* « 2 hfi, and r* * Z*/ 12, this becomes ( h * clear 

* A beam may be safe in vertical abear baaed on 10,000#/ □" but not 
•iwaya in buckling. See Art. 12. 


distance between tangent lines of fillets and is the basis of 
these formulas) 

' 12,000 

7) =* ■ ■■ 7 


1 + 


2 k 2 

36,000-— 


fb 


12,000 


1 +. 


h 2 


1500 f» 

The Bethlehem Steel Company uses the same formula 
but assumes the effective length of the column as A. 

12,000 


fb 


1 + 


h 2 


3000 t 2 


l 


On the basis of p ® 19,000 — 100- (The American Bridge 
Co. column formula), r 

ft = 19,000 - 242 -• 
t 


Prob. 13f. Check the maximum allowable buckling stress 
for a 15 1 42.9 as given in Tabic 16. 

Prob. 13g. If an 18 I 54.7 has a wall bearing of 10" and 
an end reaction of 49,000# is the buckling safe at the support? 

Prob. 13h. A 15 I 42.9 has an interior concentrated 
load of 31,000# applied over a distance of 6", is the beam 
safe in buckling? 

Prob. 18i. A 12 I 40.8 frames into a 12" B H column 
with a standard seat angle detail. The end reaction is 
40,000#. Is the buckling Rafe? 

Prob. 13j. A 12 I 31.8 header beam 1ms a load of 60,000# 
concentrated at the center of a 6'-0" span. Is the buckling 
safe between the supports and the load? How does it com- 
pare with a maximum allowable shear of 10,000#/a"? 


14. Deflection. 

The general formulas for deflection derived in 
mechanics apply to steel beams in the usual way. 
The values should not exceed of the span in 
inchest For symmetrical sections carrying uniform 
load the formula for safe deflection is 

n 30 « -L* . L .. L 
D = — - — — , m which 
5 • (t 

D = the deflection in inches, 
s = the allowable fibre stress in #/□", 

L = the span of the beam in feet, 

E — the modulus of elasticity of the steel, in 

#/□", and 

d « the depth of the beam in inches. 

Rules of thumb may be evolved which are useful 
as guides in limiting the deflection to safe values. 
The safe limit for deflection is 
r E-d 
900«’ 


For structural steel, E * 29,000,000#/d" and « = 
16,000#/a". Substituting, 

29,00 0,000 d . 

900 X 16,000 

L * 2d (practically).t OS-13) 


t It should he remembered that the beam must be fully stressed for this 
rule to apply. / 
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Stated as a rule, 

The limiting span in feet for safe deflection, 
for a simply supported beam uniformly loaded, 
is equal to twice the depth of the beam in 
inches. 

Other limiting spans can be solved for in a similar 
manner. The following tabulation gives some of 
these values worked out on this basis. 


Prob. ltd. Design a beam to carry the loads shown 
in Fig. 26 and calculate the deflection by the approximate** 
method. Is it safe? (Hint: find equivalent uniform load.) 


4 


5SSSSJS 



aleZ 




j£e. — 


Fra. 26 


TABLE 18 

LIMITING SPANS FOR SAFE DEFLECTION 


Kind of 

Manner of 

Symmetri- 
cal Sections 

Unsymmetri- 

Beam 

Loading 

cal Sections 

Simply supported 

Uniform 

2d 

4 c 

do 

Cone. @ C.L. 

5rf 

2 

5 c 

Cantilever 

Uniform 

5 d 

6 

5 c 

3 

do 

Cone. @ free end 

5 d 

8 

5 c 

4 


d — depth of beam in inches, L - limiting span in ft., c « distance from 
neutral axis to extreme fibre. 


For other conditions of loading the deflection may 
be calculated from the general formulas which are 
given in the standard books on mechanics. 


Illustrative Prob. 14a. Design a beam to carry a total load 
of 2000# /ft. on a 20'-0" span and Bhow that its deflection is 
safe. 

M * 1.5 wL* - 1.5 X 2000 (20)* = 1,200,000"#. 

M - — - 1,200,000 - 16,000 - 
c c 


D 

D 


- - 75.0"* 
c 


18 I 55, - 
c 

15 I 00, - 


88.4"* 

81.2"* 


Use on account of headroom. 


5 W • 

384 E • / 

5 (2000 X 20) X (20) 8 X (12)« 
384 X 29,000,000 X 000 

D (allowable) - 


0.41" actual 
0.67" 


O.K. 


Deflections due to shearing stresses will not be 
considered here because of their relatively small 
values. Table 19 shows an interesting comparison 
of deflections due to flexure and shear. 

Prob. lib. Calculate the maximum deflection for an 
18 I 54.9 carrying a load of 1000# /ft. on a 30'-0" span. Is 
it safe? How does the rule of thumb compare with your 
results? 

Prob. 14c. A 12 I 31.8 has a load of 16,000# concentrated 
at the middle of its 12'-0" span. Calculate the maximum 
deflection. Is it safe? Compare with Table 1$. What is 
your conclusion? 


TABLE 19* 

DEFLECTION OF BEAMS: FLEXURE AND SHEAR 


1 Beams 

Span 
in Ft. 

Load 
in Lbs. 

Distri- 

bution 

■ A ( 

in In. 

As 
in In. 

A/+A* 
in In. 
e 

In. 

8 X 

Lb. 

18 

5 

30,300 

Uniform 

0.050 

0.011 

0.061 

8 

X 

18 

10 

15,150 

Uniform 



0.211 

8 

X 

18 

15 

10,100 

Uniform 

0.449 



8 

X 

18 

5 

15,150 

Middle 



UEJI 

8 

X 

18 

10 

7,600 

Middle 



0.171 

8 

X 

18 

15 

5,050 

Middle 

0.359 


0.370 

12 

X 

31.5 

5 

76,700 

Uniform 


0.014 

0.047 

12 

X 

31.5 

10 

38,350 

Uniform 


0.014 

0.147 

12 

X 

31.5 

20 

19,175 

Uniform 

0.534 

0.014 

0.548 

12 

X 

31.5 

5 

38,300 

Middle 

0.027 

0.014 

0.041 

12 

X 

31.5 

10 

19,150 

Middle 

0.107 

0.014 

0.121 

12 

X 

31.5 

20 

9,575 

Middle 

0.427 

0.014 

0.441 

20 

X 

65 

10 

124,700 

Uniform 

0.080 

0.019 

0.099 

20 

X 

65 

20 

62,350 

Uniform 

0.321 

0.019 

0.340 

20 

X 

65 

40 

31,175 

Uniform 

1.281 

0.019 

1.300 

20 

X 

65 

10 

62,400 

Middle 

0.064 


0.083 

20 

X 

65 

20 

31,200 

Middle 

0.256 


0.275 

20 

X 

65 

40 

15,600 

Middle 

1.024 

0.019 

1.043 


Notation: A / ■ deflection due to flexure. 

A « ■* deflection due to shear. 
A/+ A** total deflection. 


15. Bearing at Supports. 

Another feature in the design of steel beams 
which must be investigated is that of providing 
sufficient bearing area at the supports. A beam is 
supported either by a wall, or framed into another 
beam or into a column. 

At the ends of beams which rest on walls, a bear- 
ing plate is provided in the majority of cases. For 
light end reactions a plate may not be required 
theoretically, but for practical reasons a plate should 
be used. This will facilitate the proper seating of 
the beam at its correct elevation. The plate in- 
sures a level surface for the beam to rest upon and 
prevents the load from being irregularly concentra- 
ted upon the toes of the flanges. Cast-iron plates for 
steel beams are impractical because of the relatively 
large reactions and the low allowable flexural stress, 
but they are still used occasionally. In cases where 
excessive reactions occur, and a single plate is in- 
sufficient, a series of small I beams may be used in 
the form of a grillage, or a rolled steel slab may 
be employed.! 

* From an article by R. Fleming, Engineering News Record, May 
27 , 1920 . 

t See Index. 
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The action of a bearing plate for a steel beam is 
•illustrated in Fig. 27. The bending may be as- 
sumed as acting about the center line of the beam, 
as in (a), or about the toe of the flange, as in (b). 
A discussion of these methods and the formulas 
resulting may be found in many text books on 
mechanics. These formulas are as follows: 

M, = - — ~ — (About the C.L. of beam), and 

O 

M, = - — — (As a cantilever), (<S-14) 

O 

both for a strip 1" wide. The dimensions B and 
b are shown in Fig. 27 and arc in inches. The 



value p is the actual pressure on the plate in lbs. 
per 8<i. in. which is not always the allowable. The 
thickness of pkie may be found from 

t = J'LM', (S-15) 

▼ S * 

As beams are ordinarily embedded in the masonry, 
the plate is not in simple flexure, and s may be 
taken at 20,000#/ D ". 


If the flanges are relatively wide and thin, such 
as those of the Bethlehem beams, the critical point 
of flexure may not be at the toe of the flange but 
at the root of the fillet, as at plane x-x in Fig. 28. 
The combined resistance of the plate and flange 
should be checked in this case. The plate is usually 
loose so that there is no 
connection between it 
and the flange.* There- 
fore the resistance is the 
sum of those for each 
part considered sepa- 
rately, and not based 
upon the total thickness as if the two parts were 
riveted. The steel in the Bethlehem beam flanges 
is perhaps a little stronger than that of standard 
beams because the former are rolled in a Universal 
mill (Art. 3), but no allowance is made for such 
a possible increase. 



Illustrative Prob. 15b. Chock the thickness of plate in 
Illustrative Prob. 15a, basing the calculation of the moment 
about the root of the fillet. 

Projection beyond plane x-x, Fig. 29 (a) is 


7.00 - - 0.51 - 6.29" 

Me - 238XJ8M 1 - 4720"# 

5f, of flange - „ g 000 * 1 X flgP 


2300"# 


4720 - 2300 
M r of J" plate 


2420"# to be supplied by the plate. 
20,000 X 1 X (0.875)* _ ^ 


12 X I PI. X l'-2" O.K., as before. 
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Illustrative. Prob. 15a. Design a bearing plate for a 
15 I 42.9 with an end reaction of 40,000#, bearing on a 16" 
brick wall set in 1 : 3 P C. mortar. 

The allowable bearing = 250#/a". 

= I60u" required. Length of bearing = 

16" - 4" « 12" maximum. 


160 

™ = 13.3. B = 14. Try 12 X 14 Plate. 
12 


40,000 


238#/c" = p } the actual pressure. 


12 X 14 
b for a 15 I 42.9 = 5.5" 


M, = 23 ? . ^ 4 — * - 2150"# 

8 


V 20,' 


2150 


- 0.81" 


20,000 

Vu 12 X 1 PI. X l'-2". 


For standard beams, the thickness of the plate, as 
determined by its projection beyond the toe of the 
flange, is usually satisfactory. 


Illustrative Prob. 15c. Find the required thickness of 
the plate for the data of Illustrative Prob. 15a, if the beam 
in question is a 15 B1 38. 

From Prob. 15a, the size of the plate is 12" X 14", and 
V = 238#/d". 


M e (ff toe of flange 


238 (14 - 6.67) 2 
8 


1600"# 




X 1600 


20,000 


0.69" 


Try a 12 X J PI. X l'-2". 


It will be noted in comparison with Prob. 15a that a thinner 
plate could t>c used as far as this calculation is concerned, 


* For the design of a bearing plate which is riveted to the bottom flange 
(sole plate), see Art. 72. 
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because the flange is wider and consequently the projection 
less. From the root of fillet (x~x) the projection in Fig. 
29(6) is 

7.00 - _ 0.40 - 6.46" 

m, - mmn . mn 


U, of flange - 20,0011 X m : 69> ‘ - 1600''# 
b 

Af r to be supplied ® 3380"# 


. A) X 3380 

V 20,000 


1 . 01 " 


20,000 

Use 12 X 1 " PI. X l'-2". 


It is therefore necessary that a thicker plate be 
used than in Prob. 15a, because the thin flange 
controls. This is the usual case for Bethlehem 
beams and the second part of the calculation above 
may be used at once to find the required thickness. 
Table 20 gives moments of resistance of various 
plates. 


TABLE 80 

MOMENTS OF RESISTANCE OF PLATES PER INCH 
OF WIDTH 


Thickness 

a - 16,000#/nr 

a = 20,000#/C]' 

l 

4 

156'# 

208'# 

i 

344 

464 

i 

625 

834 

1 

1 

975 

1300 

1400 

1870 

1 

1910 

2550 

l 

2500 

3330 


As the thickness of plates is not controlled by any 
practical consideration of riveting, they might be 
made any thickness within reason. However, the 
thickness used is seldom greater than 1" for average 
conditions, as thicker plates am not as common in 
stock. Stock plates arc obtainable in thicknesses 
varying by Jths of an inch, and x l jth variations are 
not as common. The minimum thickness in any 
case should not be less than because of the cor- 
rosion of thinner plates. The thickness selected 
should in each instance be the nearest J" above the 
value theoretically required. Some common sizes 
used are: 

6 X | PI. X 0'-6", 8 X i PI. X 0'-8", 

8 X | PI. X O'-IO", 

8 X } PI. X l'-O", 8 X 1 PI. X l'-2" or l'-4", 
and so on. 

Tables of projection coefficients to design wall plates 
are given in various structural steel handbooks,* 


but weight often may be saved by more careful 
design, as these tables are based on .the allowable 
rather than the actual bearing pressures. These 
tables are valuable when speed in calculations is 
imperative. 

Where the ends of several beams are to be pro- 
vided for, the designer should aim to keep the 
number of sizes of plates a minimum, and use one 
size of plate for several beams under similar con- 
ditions, of course designing for the worst case. The 
plates may be billed in one corner of the erection 
diagram in a small schedule for the convenience of 
the erector. The plates are sometimes given a 
mark of WP with a number and con ventior ally 
represented in their location with their mark. The 
plate should be called for by its length of bearing 
by its thickness by its width of tearing, such as: 

6 WP 1 — 6 X f PL X 0'-6", 

8 WP 2 — 10 X | PI. X l'-O", and so on. 

It is common practice in some cases to use a 
standard sized plate for a given team.* This ih 
done to save time and to avoid the design of details. 
Standard bearing plates are not always practical to 
use, because a relatively large beam often has to be 
carried on an 8" tearing on account of the archi- 
tectural features of the wall. Furthermore, the 
length of the bearing should be in proportion to the 
size of the team if possible. 

When a team does not terminate on a wall, de- 
tails similar to those shown in Fig. 30 may be used. 
The areas in bearing in (a) and (c) are not usually 



Fig. 30 



controlling factors, because the allowable bearing 
value for steel resting upon steel is relatively very 
high (about 20,000#/a"), and the area required 
upon this basis would be small. The safe strength 
of the rivets will more often limit the allowable end 
reaction. The detail shown in (b) is not controlled 
by a bearing support. The design of these types 
of provisions for end reactions is discussed with that 
of steel columns and team connections (see Index). 

* See Carnegie “ Pocket Companion ” — “ Bearing Platea." 
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Prob. 15d. Design a bearing plate for a 24 I 70.9 carry- 
ing a load of 85,000# on a 22'-0" span. 16" brick wall, 
1 : 3 P.C. mortar. 

Prob. 15e. Design a bearing plate for a 30 B1 121 for a 
load of 51,000# concentrated at the middle of a 36'-0" span. 
12" wall bearing, p - 175#/a". 

Prob. 15f. Design the bearing plates required in Fig. 
26 if the beam is supported on 12", 1:2:4 concrete walls. 
Allowable bearing 450 #/□". 

16. Anchorage. 

All beams bearing on walls should be securely 
anchored to the walls to prevent lateral displace- 
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ment at their ends. The most common type of 
anchor is shown in Fig. 31 (a), while (b) shows a 
type employed in pne localities. When beams 
frame into other beams or into columns, as shown 
in Fig. 30, sufficient anchorage is provided by the 
connections. The clip angle anchor, as in Fig. 31 
(b), affords some protection against web buckling 
and this feature of beam failure is often disregarded 
when this anchor is used. 

17. Tie Beams and Strut Beams. 

A tie beam is one which is subjected to trans- 
verse loads and to direct tension as well, such as 
a bottom chord member of a truss in certain in- 
stances. A strut beam is one which is subjected 
to transverse loads and to a direct compression as 
well, such as a top chord member of a truss in certain 
cases, or a column subjected to lateral forces. 
A very common use of tie beams is to afford col- 
umns bracing at floor lines where a rolled section is 
not theoretically necessary. Together with the 
principles of steel beam design just discussed, the 
design of such beams may be accomplished by em- 
ploying the methods illustrated in Art. 207. # 



CHAPTER 3 


BEAM CONNECTIONS 


18. General. 

The rolling mills which furnish the “ raw mate- 
rial,” that is, the structural shapes, do not gener- 
ally do the work of cutting the pieces to the desired 
length, punching the required holes, connecting on the 
framing angles or plates, cutting away projecting 
flanges, and so on. This work is done in the plants 
of separate companies, which are called fabricating 
shops (see Plate 6). These concerns develop their 
own shop drawings according to their standard de- 
tails. Consequently, it is not usually within the 


Thus, it should be evident that while the details 
seem like a “ trivial ” matter to some, they are often 
the most important economic factor in the work. 
Figure 32 shows some typical beamB ready for ship- 
ment (see also PI. 6). 

The various parts of structural steel work are held 
together by rivets, bolts or pins* Rivets are the 
most common means of fastening steel, and they 
are used for beam and girder connections, com- 
pounding beams, plate girders, as well as for built- 
up columns, column connections, trusses, and so on. 
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province of the structural engineer to supply the 
actual details which are to be used. However, it 
is important that the engineer should have a work- 
ing knowledge of good structural steel details, as a 
lack of such knowledge adds to the cost of fabrica- 
tion and erection. Furthermore, a structural engi- 
neer is often called upon to approve the structural 
details as submitted by the fabricating concern, and 
in such instances, a clear understanding of the 
methods used will aid in determining the approval 
of plans and in detecting any errors in them, or other 
inconsistencies. In many instances, indications of 
framing made by some structural engineers have been 
blindly followed by the fabricators, and, as a result, 
beam flanges have had to be burned off for a given 
distance, new holes drilled, seat angles cut in order 
to keep them within the fireproofing, and so on. 


Bolts may be used in certain instances for the same 
purpose. The following statements will serve to 
clarify the uses of each: 

(1) Bolted connections may be used entirely 
for one- or two-story buildings which are not of 
great height and in which the floor construc- 
tion carries no machinery or moving loads. 

(2) They may be used in buildings erected 
for temporary use. 

(3) They may be used in subordinate framing, 
such as for purlins, girts, stairs and pent houses. 

(4) They may be used in larger buildings for 
connections of beams to beams and for con- 
nections of beams to girders, when the floors 
are not carrying machinery. 

(5) They may be used when one member 

* Electric welding now offers possibilities. 




BEAM CONNECTIONS 


39 


rests on top of another or in any beam con- 
nection which is covered by fire-protecting 
materials. 

(6) They shall not be used in buildingB sub- 
jected to any considerable amount of wind 
load. 

(7) Rivets must be used in all connections 
within 3'-0" of columns, in all connections of 
beams or girders to columns, in all column and 
truss details, in bracing connections, and in 
beam connections for tank or sheave beams 
or other beams subjected to vibration. 

(8) Rivets must never be used where the 
( privet itself is submitted to direct tension. 

Bolts generally do not supply the strength that 
rivets do, so that for this reason, as well as for those 
given above, they are used principally for light 
work and small jobs. The use of pins is confined 
principally to joints of large trusses and this is dis- 
cussed in connection with such joints (see Index). 

Prob. 18a. What kind of field connections may be used 
in a two story garage if it is protected from wind pressure 
by adjacent buildings? 

19. The Theory of Riveting. 

There is no definite theory, in a fixed sense, for 
designing riveted joints, and certain assumptions, 
based upon various tests, are made. These do not 
all have definite relations to each other. The differ- 
ence in designing riveted joints for boiler and stand- 
pipe work and those for structural work is quite 
marked. In the former, the joints are designed to 
obtain the maximum efficiency, that is the same 
factor of safety is maintained in the net section of 
the plate (with the holes deducted) and in the 
strength of the rivets themselves. In other words 
the theoretical diameter of the rivets is calculated 
upon this basis and the nearest commercial size of 
rivet is used. In structural steel work, one or two 
common sizes of rivets are used throughout, and a 
sufficient number of them is used to develop the 
stress in the member, and the rivets are spaced so 
that the net section is not reduced below an allow- 
able value. 

Illustrative Prob. 19a. Compare the two methods of de- 
sign (boiler plate and structural) for the joints shown in 
Fig. 33. 

In (a), the boiler plate joint, the efficiency is equal to the 
ratio of the strength at the weakest point of the plate to the 
strength of an equal length of a solid plate. The failure by 
shearing or crushing of the rivets is equated to that governed 
by the tearing of the plate, so that there is never an excess of 
strength in the tearing resistance. 

Let/, - the shearing strength' of the rivets, say 12,000#/o" 
ft - the tearing s'rength of the plate, say 16,000#/a" 
f c m the crushing strength of the rivets or plate on the 
projected area, say 24,000#/o". 
d m diameter of rivet, and t - thickness of plate. 


The methods of failure are: 

(1) Tearing of plate ■ (p - d) t •/§, 

(2) Shearing of rivets - rod 

4 

(3) Crushing * t • d •/,. 

Equating (2) and (3), 



For the A" plate d 


t*d*fc or d m 

4 X 5 X 24,000 
w X 10 X 12,000 


4 <•/« 
■■•/* 

- 0.803". 


J — Ih 

TZ 

f£8o 



<i 
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This is not a commercial size. Use J" rivets. If 0.80" 
diameter rivets were used, equating either (2) or (3) to (1) 
would result in the same pitch in both cases and the three 
resistances would be equal. With a J" diameter, 

(2) = - X 12,000 - 7220#. 

(3) = A X i X 24,000 - 6600#. 


Hence joint is controlled by bearing. 
Equating (1) and (3), 

*•<*•/« «* (p - (V) t-fi, or p 

ft 

Substituting for this cose, 


V 


0.875 + 


0.875 X 24,000 
16.000 


2 . 2 ". 


Assuming the plate to tear, 

Efficiency = — $LLM = V . — - 

p-t-fi V 


2.2 - 1.0 
2.2 


50%. 


In Fig. 430 (b), the structural joint, J" rivets are arbitrarily 
used. 

Bearing of J" rivet on plate - 5630# 

Single shear — 5300# 

5300# controls. 

Rivets spaced 3 diameters as a minimum = 21" o.c. 

Net section between rivet centers 

= (21 - i) X 16,000 - 22,000# 
Strength =* 5300# 


In (a), the net section botween rivet centers 
- (2.2 - 1) X 16,000 
Strength 

5300 - 0 24 6660 

22,000 19,200 


19,200# 

6560# 

0.34 


Thus it is seen that (a) is more efficient than ( b ). The 
simplicity in (6) is an advantage and is the method used in 
structural joints. 


In regard to the theory of riveting for structural 
work, the following discussion is taken with per- 
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mission from “ Steel Structures.” 41 The authors 
consider it to be one of the best treatises written on 
the subject. 

11 The following assumptions are made in de- 
signing riveted joints: 

1. That all rivets completely fill the holes 
into which they are driven. 

2. That the rivets in a compression member 
take the place of the metal punched out, but 
that in a tension member the section is weakened 
because the net section through the rivet hole 
is less than the gross section. 

3. That a rivet cannot safely carry a tensile 
stress, that is, a stress pulling against its head. 

4. That the friction between the parts joined 
should be neglected. 

5. That the bending stress in the rivets may 
be neglected. 

6. That the net section of a piece of steel 
will offer the same resistance per square inch 
as the gross section. 

7. That the stress is equally distributed over 
the net section of the pieces joined in tension. 

8. That the stress is equally distributed over 
all the rivets of a joint. 

u As stated above, these assumptions are not 
rational, but nevertheless they are universally 
used in designing riveted connections because 
they give results which are consistent with the 
results of tests. 

“ These assumptions are largely interdepen- 
dent and will be considered in detail. 

“ If a rivet were perfectly driven, and the 
hole completely filled when the rivet was hot, 
it would contract in diameter in cooling. This 
contraction precludes an intimate contact be- 
tween the rivet and the walls of the hole.f 

“ Regardless of this fact it is the universal 
p v actice to proportion compression members 
for gross section, and tension members for net 
section. An allowance should, however, be 
mude in compression members, for open holes, 
or holes for loose fitting bolts or pins. 

“ Coincident with the contraction in diameter 
while cooling, the length between heads tends 
to decrease, and a tensile stress is set up in 
the rivet. In addition to this stress, the metal 
which is being riveted together is compressed 
by the enormous pressure exerted by the rivet- 
ing machine, and when this pressure is relieved, 
the metal tends to resume its unstrained form, 
and exerts a tensile stress on the rivet. This 
initial tension tends further to reduce the diam- 
eter of the cold rivet and cause a greater clear- 
ance between the rivet and the walls of the 
hole. The amount of the initial tensile stress 
on the rivet is a very uncertain quantity. It 

* By Prof. Clyde T. Morris — Copyright by the MoGraw-IIill Book 
Co., Ino. 

t Aooording to experiments by M. Consider® in 1886, the space be- 
tween the rivet and the side of the hole varies from 0.002 to 0.02 inch. 
See Bulletin No. 62 American Railway Engineering Association, page 
140. 


sometimes requires a very little pull on the head 
of a rivet to break it off. This is probably in 
port due to the heat treatment which it has 
received, making it nonhomogeneous. Nearly 
all specifications prohibit the use of rivets in 
direct tension, but they are nevertheless so used 
in certain connections, because the construction 
is usual and simple. In these connections there 
are usually stresses acting at right angles to 
each other, such as a shearing and a tensile 
stress. Bolts might be used to take the tension 
and rivets to take the shear, but rivets are 
generally used throughout. 

“ Experiments indicate that the clearance be- 
tween the rivet and the walls of the hole allows 
a slip to take placo when the friction between 
the parts is overcome.^ Therefore friction is the 
resisting force in a riveted joint, so long aiTthe 
stress is not great enough to produce slip. 
With good riveting and ordinary working stresses 
there is probably no slip,} nevertheless rivets 
are calculated to resist shearing off. If a proper 
working stress is used, the shearing strength of 
a rivet is a proper measure of the friction pro- 
duced, because the friction dejxmds upon the 
tension in the rivet, and that, as well as the 
shearing strength, depends upon the area of the 
cross section. In good work the slip is so small 
that a joint may safely be? strained beyond the 
slipping point, if the stresses do not alternate 
in direction.|| 

“ Practically it is considered of great impor- 
tance, that the rivets should completely fill the 
holes into which they are driven. Since this 
is impossible it is not of so much importance 
so long as sufficient friction is produced between 
the parts joined. As it. requires great pressure 
to make a hot rivet fill the hole, especially 
when the holes in the parts joined do not come 
exactly opposite to each pther, this pressure is 
useful in bringing the parts into intimate con- 
tact, which is necessary to develop the friction. 

u If no slip occurs, the only bending stress 
in a rivet is due to elastic deformation, if any 
at. all occurs. The longer the rivet the less the 
bending stress. Usually specifications require 
that the grip of a rivet shall not exceed from 
four to five times its diameter, on the supfiosition 
that the rivet transmits the stress. This re- 
quirement is necessary, because if the grip is 
great and the number of pieces to be riveted 
together is large, the pressure exerted by the 
riveting machine is not sufficient to bring the 
pieces into intimate contact and thus develop 
the friction. 

“ When rivet holes are punched, some of the 
material immediately surrounding the hole is 
injured, also a riveting machine exerts an 

t Contraction of rivets in cooling is much greater than their elastic 
strength. 

E - 30,000,000#/ □" E.L. in tension - 30,000#/ □" 

E — — + - - — - -* .001 length — elastic stretch 

A l J 30,000,000 

coefficient - 0.0000066/°F. 

- — — 154° F. change in temperature to bring rivets to their E.L. 

.0000065 

if they were not allowed to contract. 

Therefore the rivets hold the plates tightly together. 

| Experiments indicate that slip ocours at a stress of from 11,500 lbs. 
to 21,000 lbs. per sq. in. of rivet cross-section. 

|| See Bulletin No. 62 Am. Ry. Eng. Assoc., pages 3 and 4. 
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enormous pressure on the metal near the rivet, . 
and may overstrain it. These might tend to 
reduce the permissible unit stress in tension on 
the net section,* but experiments Bhow that 
where the section is suddenly reduced, as in a 
notched bar or in a section through rivet holes, 
the ultimate strength per square inch is increased 
by an amount which will more than equal the 
reduction due to injury.f 
u If then the distribution of stress over the 
net section through the rivet holes is uniform, 
as per the 7th assumption, there is no reason 
why the allowable intensity of stress should not 
be as great as for a section without rivet holes. 
If, however, the stress is unequally distributed, 
the maximum intensity will be greater than the 
7th assumption will give. 

“ There are a number of causes producing 
non-uniform distribution of stress over the net 
section through rivet holes. If two plates in 
tension be joined by several rows of rivets, and 
there is no slip, the stress is transmitted from 
one to the other by means of the friction at their 
surfaces of contact. This friction is greatest 
under the rivet heads, because the friction is 
produced by the tension in the rivets. There- 
fore the intensity of stress is greater under the 
rivet heads than half way between them. If 
the stress is tensile in the plates joined, the 
uniform distribution of stress will be interfered 
with, as in a notched bar.f 

“ The result is, no doubt, a somewhat greater 
intensity of stress near the rivet holes than half 
way between them. 

“ If the stress is not equal on all the rivets 
in a cross section, as per the 8th assumption, 
there may be a large variation in intensity of 
stress over the section. On this account the 
rivets in *a joint should be symmetrically dis- 
posed about the center lineH of stress, and 
eccentric stresses avoided wherever possible. 
If any of the rivets are defective, the result 
may be the same as that of an unsyminetriAil 
distribution. 

11 If the friction which is produced by the 
rivets is greatest under the rivet heads, the 
stress is transferred from one plate to the other 
in a series of increments. The stress in one 
plate increases, while that in the other decreases. 
The result is that the intensity of stress in the 
two plates at a cross section is not equal, and 
this tends to cause one plate to deform more 
than the other and thus throw more stress on 
the rivets at one end of the joint in one plate 
and upon those at the other end in the other 
plate. But the plates cannot deform unequally 
as long as there is no slip, so there is no reason 
why there should not be a uniform distribution 
of stress over the rivets, as long as they are all 
in the same condition. This would require per- 
fect workmanship.” 

20. Requirements for Good Riveted joints. 

From the discussion above it is seen that: Good 
riveted joints, 

* See Proceedings of the Inst, of Mech. Eng., August, 1887, page 326. 

t See Proceedings of the Inst, of Mech. Eng., October, 1888; also see 
Heller's “ Stresses in Structures 


“ 1. Should be as compact as possible, in 
order to render the uniform distribution of stress 
more certain. • 

2. Should not be very large, because the 
workmanship cannot be perfect, and there is 
the greatest danger of uneven distribution of 
stress in a joint having the largest number of 
rivets. With part of the rivets in a joint de- 
fective there may be eccentric stresses and 
overstrain, causing a redistribution of stress 
and probably overstrain in other members. 

3. Should have its rivets arranged symmetri- 
cally aliout the center lines of stress. 

4. Should have provision for unavoidable 
eccentric stresses. 

5. Should have rivets of good material, 
properly driven, under uniform conditions. 

6. Should have a sufficient number of rivets 
so that there will be no slip if the stresses 
alternate in direction. 

7. Should not have rivets in direct tension.’’^ 

21. Ways of Failure. 

A riveted joint may fail in one or more of the 
following ways: 

(1) by single shear, 

(2) by double shear, 

(3) by tearing out at the edges, or breaking 

through a hole, 

(4) by bearing of the metal on the rivet, or 

(5) by tension through the net section. 



m 
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Single shear may be defined as occurring when 
all the parts which tend to move in one direction 
are on the same side of and adjacent to the parts 
which tend to move in the opposite direction. In 
Fig. 34 (a), there is a tendency of one plate to 
slide on the other at the plane a-b, causing one sec- 
tion of the rivet to tend to shear on the other; ( b ) 
traces the lines of stress. If the friction of one plate 
on the other is neglected, the area resisting the pull 
shown is the cross-section of the rivet. The nominal 
diameter should be used, for if there were any mis- 
alignment of the parts, the nominal section might 
be the least. Figure 35 (cf) shows a typical single 
shear failure. 

t From "Steel Structures" by Prof. Clyde T. Morris — Copyright 
by the McGraw-Hill Book Co., Inc. 
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Double shear may be defined as occurring when shows a typical multiple punch, such as is used to 
the parts which tend to move in one direction are punch the holes for the riveting, 
between the parts which tend to move in the op- When the diameter of the rivet is large in propor- 
tion to the thickness of the plates 
connected, the rivet has a tendency 
to cut into the plates. This is called 
a bearing failure. The resistance de- 
pends upon the area under pressure, 
or upon the thickness of the plate. 
The rivet itself might also crush. 
The forces in Fig. 38 (c) are not all 
vortical, but instead they are nearly 
normal to the circumference o&othc 
rivet. The resultant pressure in a 
given direction would be the same as 
if the unit pressure were exerted 
upon the projection, d, of the circum- 
ference. The crushing of the plate 
by the rivet may be considered the 
same as the crushing of the rivet by 
the plate, so that the resistance of the 
Fiu. 35 plate is its thickness times the diam- 

eter of the rivet times the allowable 



posite'direclion. In Fig. 34 (c), there is a tendency 
of the two outside plates to slide on the middle 
one at the planes a-b and c~d, causing a section of 
the rivet to slide on the remainder at two places. 
Before the joint ean rupture, both sections of the 
rivet must fail. The lines of stress may be traced 
similarly to those shown in (6). Obviously, the 
strength of a rivet in double shear is twice that of 
the same rivet in single Bhear. Single shear and 
double shear could not both act in any one given 
case. Figure 35 (e) shows a typical failure. 

Tearing out at die edges of a joint is prevented by 
maicihg the edge distance sufficiently large. The 
usual assumed minimum edge distances have proven 
to be relatively satisfactory as determined by prac- 
tice and in experiments (Art. 25) . The failure in (a ) , 
Fig. 36, is more likely to occur than that in (6), but 



(*) 
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the shear resisting areas in any case, provided by the 
distance, x, are uncertain. The tension passes AB 
as shear, and the compression against the rivet 
passes to the lower plate by shear. At the point 
where the rivet bears against the plate, compression, 
or in reality, one form of bearing, results. Figure 
35 (a) shows a typical failure of this kind. Figure 37 


stress. The resisting area is then the projection on a 
plane parallel to the axis of the rivet, of a semi- 
circumfcrence in contact with the plate times the 
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* Courtesy of New England Structural Go. 
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thickness of the plate. The controlling value is 
established by the least combined thickness of plates 
which act in a single direction. In Fig. 39 (a), if Pi 
and Pi balance with respect to the center of the 
hole, the bearing is Pi + Pi, uniformly distributed 
over the area, A. If Pi and P< are not balanced, 
as in (b), the average pressure is the same but the 


is called the net section. The holes are always 
punched greater than the diameter' Of the rivet, 
in shop practice. In the process of punching, the 
metal immediately surrounding the hole is probably 
stressed beyond its elastic limit so that the universal 
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custom is to add more to the diameter of the 
hole to uee as the basic dimension, and not to count 
upon this overstressed metal.* The diameter used 
in the calculation to reduce the gross section for 
each rivet is then the nominal diameter plus l". f 
The net section of a 5" X Y" plate with 2-f" rivets 
in a transverse line is, for instance, 5 X i - 2 
(1 X i) = 1.50a" (the sum of the shaded areas in 
Fig. 41 (b)). Figure 35 (c) and (/) shows typical 
tension failures. Figure 42 shows an electric heater 
for reheating the rivets before they are driven. 
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The action involved in the foregoing ways of 
joint failures may be well illustrated by making 
cardboard specimens with matches for rivets, as 
suggested in Fig. 43. 

Prob. 21a. Wliat. are the net sections in (a) and (h), 
Fig. 44? 


which also cuts off the rod at a desired length to 
make the shank. In order to make a rivet effective 
in holding the parts together, a second head is 
formed by a riveter when the parts are in place. 
Figure 45 shows a large pneumatic riveter. Figure 
46 ( b ) shows the standard proportions of button- 
head and countersunk-head rivets. The button 
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22. General Proportions of Rivets. 

Rivets are made in a machine which upsets one 
end of a heated, soft steel rod to make a head, and 

* In Haven and Swett's treatise, on page 92, it is pointed out that the 
loss due to punching is about 12%. In Johnson’s “ Materials of Con- 
struction " — ■ John Wiley & Sons, Inc. — it is stated that the injurious 
effect resulting from punclting the hole is principally on the compression side. 

t The reduction for the net section for a countersunk rivet (Fig. 46) 
should be based upon a diameter l" greater than the rivet diameter when 
the thiokness of the plate is or leas. 
t Courtesy of New England Structural Co. 


head may be flattened for purposes of clearance 
if desired. There are many types of heads for 
rivets used in other kinds of work, but the three 
forms just mentioned are the ones ordinarily used 
for structural steel. The full head is used in all 
cases except where clearance (flattened head) or a 
smooth surface (countersunk head) is required. A 
countersunk head should not be used if the thick- 
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Dess of plate involved is less than one-half the diam- 
eter of rivet (Fig. 46 (ft))* and should be avoided 
whenever possible. 

The rivet is described by stating its diameter, d f 
and the length, l, under the head, as X 4£". 
The grip is the distance between the finished heads. 
This distance should be figured as slightly more than 
the sum of the thicknesses of the parts to be held 
together on account of the roughness of the surfaces 
in contact, an allowance of 3 ^" being made for each 
surface. From this grip the length required under 
the head"' may be calculated by first increasing the 
grip in the ratio of the area of the hole to be filled 
to the nominal area of the rivet section, and then 
• aflEfing to this value a length to make the head. 
The last value amounts to the length of a cylinder, 
of the rivet diameter, which is equal in volume to 
that of a head. 

Illustrative Prob. 22a. What length of rivets are re- 
quired to fasten 3-J" plates together? 

St — J -h i + 1 *1}" 4 surfaces of contact 4 X/j * I". 

Grip - H + I - 1|". 

m (H) f Adjusted grip ■» 

Area of hole ^ 4 ^ 169 169 ^ 

Area of rivet r (})* 144 144 ** * 

4 

Refer to Fig. 4G (6). a - 1.5 X J + i - U" 

b - 0.425 (1J) * 0.532". 

- h 

Volume of head ® — (3 a* + 4 6*) « 0.40 cu. in. 
v (in* 

Equivalent length of rivet = c — - — =0.40 c« 0.96" say 1". 

4 

Length of rivet - ltf" + 1" - 2 ft". 

Lengths are given to the nearest t". Use 3". 

The maximum grip should preferably not be more 
than four diameters of the rivet, so that excessive 
bending stresses may not occur in the rivets. 

Prob. 22b. Calculate the length of a {" rivet to supply 
a grip of 2 \ ". Check your result by structural tables. 

23. Common Sizes of Rivets Used. 

In structural work, f", f" and are the sizes of 
rivets commonly employed, while 1 " rivets are used 
occasionally for heavy work. Smaller rivets are 
used for ornamental iron work principally, and sel- 
dom for structural work. The .majority of rivets 
used are f", with f" for special, light framing and 
J" for large plate girders and trusses. It is difficult 
to drive rivets larger than with the hand riveting 
hammer and it is not always possible to obtain the 
necessary power to drive them satisfactorily by 
machine. It is a fairly safe rule to use the largest 

* Lengths of rivets required for various grips may bo found in the 
“ Pocket Companion,” Carnegie Steel Co. 


sized rivet possible, but the number of sizes used 
should be limited to not over two for a job, and 
when economy is best served, to one size. Any in- 
dividual, heavy member Bhould have only one size of 
rivet in it in order to avoid extra handling. A. com- 
mon rule is that the rivet should not have a diameter 
greater, than the thickness of the thickest metal 
connected:! Somewhat thicker metal than this can 
he punched, and some companies have no trouble 
in punching a plate i" greater in thickness than the 
diameter of the rivet, as a limit. This is apt to be 
expensive as punches become dull and thus are often 
broken, and the thicker the plate, the more the 
injury to the plate and 
the punch. As a general 
rule, J" metal should be 
the maximum used, and 
holes through thicker 
metal should be drilled. 

The maximum size of 
rivets for the flanges or 
legs of the usual structural shapes are given in 
Table 21 . These are determined on the basis of 

TABLE 31 


MAXIMUM SIZES OF RIVETS 


Standard Reams 

Structural Channels 

18* and deeper 

8* to 15* inel 

1 

} 

12* and deeper 

7 

i 

it 

i 

8*, 9* and 10* 

6* and 7* 

1 * 

6* and 7* 

4* and 5* 

3*. 4* and 5* 

3* 

* 



Bothlehoui Girder Reams 


Bethlehem I Reams 



30*. 28' and 26' 

T 

12* to 30* inel 

T 

15* to 24* inel 

I 

4 

8", 9' and 10* 

2 

8* to 12* inel 


GAUGES FOR ANGLES, INCHES (FIC. «T) 


Leg 

8 

7 

6 

5 

4 

31 

3 

2$ 

2 

if 

i* 

U 

4 

1 

1 

ffi 

41 

4 

31 

3 

21 

2 

U 

if 

n 

i 

i 

7 

8 

1 

8 

1 

Qt 

3 

2} 

21 

2 





t 







0» 

3 

3 

21 

U 












Max. rivet 

u 

1 

l 

l 

1 

1 

1 

1 

1 

1 

i 

1 

1 

T 

4 

T* 

4 


g\ in for only one line of rivets in a leg. 
gt and gi ore for two lines of rivets in a leg. 

For oolumn details 0* leg (} inch thick or less) against column shaft, g t — 
H*. *>-3'. 

For diagonal angles, etc., gage in middle, where riveted leg equuls or ex- 
ceeds 3' for U rivets, Si' for I' rivets. 

l*se special gages to adapt work to multiplo punch, or to secure desirable 
details. 


t The diameter of a rivet also should not be greater than one-fourth of 
the width of the member connected. 

t It should now be more evident that beams and channels less than 
8" deep, and angles with legs less than 2J" wide are not commonly UBed 
in important structural steel framing where holes in the flanges or legs 
are required, because rivets less than would have to be used. Thia 
complicates the punching work. See Art. 3. 
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heading the rivet without materially engaging the 
fillet and maintaining the standard gauges and edge 
distances (Fig. 47). 

Prob. 83a. What is the maximum sized rivet allowable 
in the flange of a 12" beam? In the 4" leg of an angle? 
In the flange of a 10" channel? 

24. Bolts for Structural Steel Work. 

Bolts are sometimes used in place of rivets for 
minor field connections, as discussed in Art. 18. 
The ways of failure in joints are the same as has 
been discussed (Art. 21), whether rivets or bolts 
are used. The sizes of bolts commonly used are 
the same as those of rivets (Art. 23), and the same 
requirements for their spacing is always specified 
(Art. 25). The general proportions of bolts are dis- 
cussed in Art. 13, (Book I) and the theory of the 
stresses induced by the external forces has also been 
considered therewith. 


25. Requirements for Locating Rivets and Bolts. 

The dimensions for locating rivets are determined 
almost universally by practical rules which arc the 
result of tests. If the rivets are spaced too closely 
together the metal between them would be of little 
value in tension as it would tend to tear as illustrated 
in Fig. 48 (a). If the rivets are too far apart, the 
parts might tend to buckle when subjected to com- 
pression, as shown in (6), and hence develop high local 



stresses. Metal should also be held well together 
so that dirt, water and rust will not impair the 
joint. If rivets are too near the ends or edges of a 
plate, they will tend to tear out or split the plate, 
as shown in (c). The distance center to center of 
rivets parallel to the line of stress, whether in the 
same or different rows, is called the pitch. The 
spacing of rivet lines in a direction which is trans- 
verse to the line of stress is called the gauge. 

SPECIFICATION CLAUSES 

Spacing Center The minimum spacing shall not be less than 
to Center three diameters of the rivet. 

The maximum spacing in a direction with the 
stress shall not exceed 16 times the thickness of 
the thinnest metal, or 6" as a maximum. 

The maximum spacing in a direction perpen- 
dicular to the line of stress shall not exceed 
twice the pitch parallel to the direction of stress 
(or a maximum of 40 times the thickness of the 
thinnest plate*). 


The minimum spacing is seldom used in practice, 
and a spacing a little larger is employed, to avoid 
close rivets. For instance, for }" rivets, 

3X1 = 2J” minimum: — usual minimum 2J". 

The minimum pitch in a double line can be less 
than that in a single line, but the center to center of 
holes in any direction oannot be less than the mini- 
mum. The specification for the maximum spacing 
was established “ during the early days of iron 
fabrication when such a provision may have been 
needed but that is not needed now. ... It is rec- 
ommended to designers of steel structures that the 
precedent established by two or three generating? 
of specification writers be cast aside and that the 
maximum spacing for rivets be increased.”! Some 
structural companies have made a start in this 
direction and allow a maximum of 8” for £” rivets 
in many cases. The specification for the maximum 
spacing in a direction perpendicular to the line of 
stress is seldom used except in connection with 
cover plates of built-up members. Some engineers 
specify that when plates arc in contact, rivets should 
not be farther apart than 12” o.c. in either direction 
to hold the plates well together. 

SPECIFICATION CLAUSE 

Edge Distance The minimum edge distance shall not be less 
than one and one-half times the diameter of 
rivet. 

The maximum edge distance shall not be 
greater than 8 times the thickness of the thinnest 
metal. 

Again, the minimum edge distance is not usually 
used in practice, especially when the edges are 
sheared. For instance, for f” <t> rivets, H X f = 
1|” minimum; usual minimum If”. The specifi- 
cation for maximum edge distance is given to avoid 
any tendency of the plate to “ curling ” about the 
rivet. 



Fig. 49 

The center of a rivet must be placed far enough 
away from any projection so that the rivet can be 
headed properly. Figure 49 (a) shows standard 
dimensions of rivet dies, and clearances are based 
on these. Such clearances are shown in Fig. 49 
(6). The standard is obtained by adding to one- 

t From an article by R. Fleming in Engineering Newa Record, June 
3 , 1020 . 


* Alternate wording. 
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half the die diameter. The minimum is less than 
this diameter. The latter clearance should be used 
only when it is absolutely necessary, as the die has 
to be tipped slightly in order to head the rivet. 
Some fabricators have a special riveting tool which 
has one-half of the head cut off. The clearance for 
such a die might be reduced to one-half the diam- 
eter of the rivet head plus It is not good prac- 
tice to call for such work, however. If it is desired 
to drive a rivet in a plane at right angles to another 
containing rivets as in Fig. 49 (c), a clearance of 
over the height of the head of the existing rivet 
must be maintained for the die. The head of the 
»ejffiting rivet may be high on account of excessive 
length before driving. Gauges in opposite legs of 
angles, as shown in Table 21, are based upon this 
reasoning. 


TABLE 22 

RIVET SPACING 



Center to Center 

Edge Distance 

Diam. 







of 






Rolled 

Rivet 

Min. 

Preferable 

Preferable 

Max. 

Sheared 

or 


Min. 

Max. 

Edge 

Planed 


• 




Edge 

i 

2J 

3 

6 

6 

1J 

U 

i 

i 


2i 

6 

6 

11 

it 

U 

2 

4i 

0 

H 

1 

2 

U 

4 

6 

1 

1 


multiple punches which punch several holes at once 
(Fig. 37). They are used in connection with a spac- 
ing table so that there are certain limitations, such as 
punching certain parts at once. No template is used. 



Fig. 50 


Illustrative Prob. 26a. Calculate a theoretical gauge for 
a4 X4 X 1 L- 

From Table 21, the maximum size of rivets is J" <fi. 

The height of the head is approximately f" (see Fig. 46). 

The diameter of the die is 2 j" 

Referring to Fig. 49 (c), # 

t 4- I + i + i ( 24 ) * 24 ", the gauge of the angle. 

In a similar manner the distance, z , Fig. 49 
(d) f which must be equal to one-half the standard 
die dimension at least, controls the spacing, x , 
there shown. The controlling dimensions for rivet 
spacings and edge distances are summarized in 
Table 22. 

Modern fabrication plants now have installed 


The spacing of rivets may be arranged to suit the 
spacing table in a great many instances by keeping 
symmetrical arrangements as far as possible. 

26. Conventional Signs for Rivets. 

It is important for the structural engineer to be 
familiar with the conventional signs for rivets, for al- 
though he may not be called upon to make or design 
the details, he may have to check them when they 
are submitted for approval. He certainly should 
not select members in which there is insufficient 
clearance for the necessary rivets. Figure 50 shows 
the conventional signs for indicating rivets on struc- 
tural drawings.* The flattened heads shown, and 

* Sometimes called the Osborne system. 
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used for clearance, are standardized as t", and 
t" high. When rivet heads are required to be only 
i" high or less, they are made by countersinking 
and not chipping. If one part requires a smooth 
surface the rivets affected have to be countersunk 
and chipped. Not all rivets are driven in the shop 
(shop rivets), and some are usually left to be driven 
during the 4 erection (field rivets). The symbols 
distinguish the two kinds. 

The usual office practice is to show the centers 
of the rivets and the heads only (drawn to an ap- 
proximate scale) but seldom showing the rivets in 
section, except to determine a clearance, and then 
perhaps only in pencil. Some offices merely indi- 
cate the centers of the rivets by crosses, while 
others show the end and significant rivets, merely 
indicating that so many should go in between at a 
certain pitch, all tied to definite working points. 

Prob. 26a. Make a sketch of a 3§ X 3} X f angle 4'-0" 
long. Show the gauge line in elevation. What is the gauge? 
Show a number of rivets 3" o.c. Indicate the first counter- 
sunk near side, the second countersunk far side, the third 
flattened to J" near side. 

27. Allowable Stresses. 

• 

There is no very definite relation between the 
working stresses involved in riveted joints, as they 
are based upon the results of experiments. Since 
the tensile strength of steel is more positively known 
than the compressive strength, the former is usually 
made the standard of comparison. The specified 
unit tension is 16,000 #/d", and this is the allow- 
able for the net section. The unit shearing stress 
for shop rivets is often specified as three-quarters 
of the unit tension, or f X 16,000 = 12,000#/n", 
although many codes allow only 10,000#/o". Ex- 
periments* have shown that the bearing strength 
of a rivet is about 1.8 times its shearing strength, 
so that on this basis, it is often taken as twice the 
value allowed for single shear. For a 12,000#/o" 
value of shear, the allowable bearing is thus 24,000 
#/□"; for 10,000#/ □" shear, 20,000#/ D ". 

When a rivet bears upon metal which is supported 
in a sidewise direction by adjacent inetal, the bear- 
ing value of the rivet is probably somewhat larger 
due to the increased friction and grip. In Fig. 51, 
the rivet shown bearing on the web of the I beam 
can be counted upon for additional bearing resist- 
ance, for the metal below the rivet is restrained by 
relatively stiff connection angles each side of it. If 
the metal is to crush, it must spread sidewise, but 
the restraint tends to prevent this action. Such re- 
sistance is called enclosed bearing. Some specifica- 
tions allow the usual bearing stress of 24,000#/n" 
(unenclosed) to be increased to 30,000#/a" for such 

* See Johnson's ** Materials of Cone traction ” — John Wiley A Sons, 
Inc. 


cases.f This increased allowance should, however, 
be used with discretion; that is, a plate between 
two other pjates is not restrained 
in the same sense that a plate be- 
tween two angles or channels is. 

The allowable stresses for field 
rivets and turned bolts (those 
which are turned in a lathe to an 
exact fit) are generally reduced 
because the frictional resistance Fio. 51 
of such rivets is often less, and in 
a great many cases the rivets are not driven under as 
favorable conditions as shop rivets are. A 20% re- 
duction in strength has been shown to be the awuar y 
age in experiments. Referring to the unit stress for 
shop rivets, 

12,000 X 0.8 - 9600#/ n ". 

A common specification is 10,000#/q" for single 
shear and 20,000#/q" for tearing. 

Rough bolts (the kind usually employed either in 
the shop or the field) are generally not of as good 
material as rivets, and are made from rods in an 
automatic machine and experiments have shown 
their strength to be approximately two-thirds that 
of shop rivets. Thus 

12,000 X l - 8000#/ d ". 

Many codes specify 8000#/ □" for single shear, and 
16,0 <X)#/o" for bearing. A feature in connection 
with the bearing of bolts on steel which is too often 
neglected is that of the effect of the threads. A 
bolt is often threaded for a considerable distance 


Uw*' nvjhtr 
\f 

Hrtje 6e co/t- 
/iwW //* 


at its end. If any of the threaded portion of the 
bolt is in contact with the metal to be connected, the 
bearing resistance is often seriously impaired because 
the relatively sharp threads will be easily crushed. 

This is illustrated in Fig. 52 (a). To relieve this 
action, a washer should be used, as shown in (6), if 
the threaded portion of the bolt is too long. 

Building codes vary to some extent in their speci- 
fications for the allowable stresses to be used in the 

t The late Mr. It. H. Brown, formerly chief engineer of the Eastern 
Bridge and Structural Co., Worcester, Mass., was a strong advocate 
that such an allowance is not unreasonable. The authors have made a 
number of tents which verify this reasoning. In doublo shear, there is a 
tehdenoy toward a beam action of a concentrated load between two sup- 
ports {M •* V • l + 4), whereas in single shear, there is a tendency toward 

cantilever action of a half span (Af • P • “■ + 2). The latter seems more 
positive. See assumption 4, page 40. 
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design of joints. In any particular instance the 
ruling code must be followed. Table 23 summarizes 
the preceding discussion and the values given are 
recommended for use unless otherwise specified. 


TABLE 33 


ALLOWABLE CHIT STRESSES FOR RIVETS (#/□") 



Rivets 

Shop 12,000 


Rivets, enclosed. .Shop 30,000 


Rivets 

Field 10,000 

Bear- 

ing 

Rivets, one tilde. . .Shop 24,000 

Shear 

Turned Bolts. .Field 10,000 

Rivets and 




Turned Bolts. . .Field 20,000 


Rough Bolts. . .Field 8,000 


Rough Bolts Field 18,000 


* *tfhe strength of the individual rivets is calcu- 
lated on the basis of nominal diameters because the 
nominal section may be the least, in case there is any 
misalignment of parts. No reduction is usually made 
for heads flattened to not less than f ", since rivets 
are counted upon to take no axial tension.* The 
strength of countersunk rivets varies according to 
the proportion of the countersinking. If the metal 
below the countersunk portion is thick enough to 
develop the single shearing strength of a rivet by 
bearing, no reduction need be made. In order to 
avoid investigating minute details, the rule usually 



followed is to allow no value for countersunk rivets 
if the thickness of the remaining metal is less than 
one-half the diameter of the rivet. Rivets flattened 
to less than f" and countersunk rivets often occur 
where they do not carry any considerable lateral 
force, as at point “ B ” in Fig. 53 (a). In general, 
designers do not pay much attention to these details, 
but in special instances, such as at A in Fig. 53 (6), 
the investigation is too often neglected. 

The allowable value for an ordinary rivet is then 
the product of the allowable stress and the resisting 

* Rivets with heads flattened to not less than I" show about 0.0 the 
strength of rivets with full heads, in tests. Rivets which have the heads 
flattened to less than f" should be considered to be the same as counter- 
sunk rivets. Some designers allow a tensile strength for rivets of not 
greater than one-half the single shearing strength. Obviously bolts are 
cheaper for such oases. 

t The exact procedure is that used in the design of pins (see Index). 


cross-section. Thus the safe resistance of a }" shop 
rivet to single shear is 

r - • /, = * = 0.4414 X 12,000 

4 4 

- 5300#. 

Similarly, the safe resistance of a f" shop rivet 
(unenclosed) to bearing on a plate is 

r = d • < • /* = f X 1 X 24,000 ** 9000#, ancf so on. 

Rivets are practically never investigated for in- 
duced bending stresses. When the grip exceeds 
four diameters of the rivet, however, the bending 
should be considered.f In order to again avoid in- 
vestigating minute details, the rule usually followed 
is to add 1% to the number of rivets otherwise re- 
quired for each -,V' increase in a grip over four 
diameters of the rivet. Table 24 gives the shear- 
ing and bearing values for different sizes of rivets. 

TABLE 34 
RIVETS 

Shearing and Bearing Values 
Valued in Pounds, Dimensions in Inches 
Three-quarter Inch Rivets — Area .4418 Square Inch 



Unit, Lbs. per 8q. In. 

7000 

8000 

9000 

ioooo' 

11000 

■» — 

12000 

If 

a 

Single Shear per Rivet 

3000 

3630 

3980 

4420 

4860 

5300 

|l 


Double Shear per Rivet 

6100 

7070 

7960 

8840 

0720 

10600 



Unit, Lbs. per 8q. In. 

14000 

16000 

18000 

20000 

22000 

24000 

3C000 


J 

1 

2630 

3000 

3380 

3750 

4130 

4500 

5030 


1 

A 

3280 

3750 

4220 

4690 

5100 

5030 

7040 

v 

a 

I 

3040 

4500 

5060 

5630 

0190 

0750 

8440 

| 

a 

A 

4500 

5250 

5010 

6560 

7220 

7880 

11250 

1 

1 

\ 

6260 

6000 

6750 

7500 

8250 

Ell 

mr 


* 

3 

A 

5010 

6750 

7590 

8440 

9280 

10130 

B 


H 

1 

6500 

7500 

8440 

9380 

10310 

11250 


Seven-eighths Inch Rivets — Area .0013 Square Inch 


Unit, Lbs. per Bq. In. 

7000 

8000 

9000 

10000 

11000 

12000 

n 

J 

CO 

Single Shear per Rivet 

4210 

4810 

5410 

6010 

0010 

7220 

u 


Double Shear per Rivet 

8420 

9620 

10820 

12030 

13230 

14430 



Unit, Lbs. per Sq. In. 

14000 

16000 

18000 

20000 

22000 

24000 

30000 



\ 

3060 

3500 

3940 

4380 

4810 

5250 

0500 


S 

j: 

A 

3830 

4380 

4020 

5470 

0020 

0500 

8200 

r 

3 

I 

4600 

5250 

5910 

6560 

7220 

7880 

10840 

1 

.2 

A 

5360 

6130 

6890 

7660 

8420 

9190 

11500 

1 

8 

* 

6130 

7000 

7880 

8750 

9030 

10500 

13130 


s 

M 

A 

6800 

7880 

8860 

0840 

10830 

11810 



| 

\ 

7660 

8750 

9840 

10940 

12030 

13130 



h 











tt 

8420 

9630 

10830 

12030 

13230 

14430 



Values above upper dotted lines are lees than single shear. 
Values bejow lower dotted lines are greater than double shear. 


Prob. 27a. Chock the single shearing strength of a }" 
rivet if the unit stress is 12,000#/a". What is the value of 
the rivet as controlled by bearing on a j" plate if the unit 
stress is 24,000#/a"? 
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Prob. 27b. What is the double shear value of a bolt 
at a unit stress of 8000 jP / jp *? What i& its bearing value on 
a Ar" plate? 

Prob. 27c. What is the tensile strength of a 3J X 3J X I 
angle with two J" rivet hofes out? 

28 . Standard Beam Connections. 

When a beam frames into another or into a girder, 
a pair of angles is the usual form of the connection. 
Occasionally a pair of angles is used to frame a beam 
or girder into a column but this practice is not com- 
mon. Structural steel fabricating companies usually 
standardize such connections as far as possible, as 
the cost of fabrication is reduced by making them 
in quantities irrespective of when they are to be 
used. The saving gained by the omission of special 
fabrication, the time saved, and the making of the 
details more than offset the extra weight and rivets 
that a standard connection may hava in excess of 
that for a connection actually requiredrior any given 
case. The standards are composed of certain sized 
angles of a given length to accommodate a definite 
number of rivets, and they are grouped according 
to the various beam sizes. These standards vary 
with different structural companies, but they are 
all made with the same purpose in view. Figure 
64 shows a set of typical standards and Table 25 
gives their safe capacities under varying conditions 
which agree well with tests. All the holes are 
punched Jf" (for f" rivets and bolts), and the 
lengths of the angles are planned to at least clear 
the fillets of the largest size of beam in the group. 
The widths of the legs of the angles are made large 
enough to accommodate the rivets with sufficient 
edge distances. 

The safe capacity of any beam connection depends 
upon the value of the web connection, and the value 
of the outstanding legs of the connection angles. 
The first is controlled by the enclosed bearing of 
the rivets on the beam web (Art. 27) or by the 
double shearing resistance of the rivets. The un- 
enclosed bearing of the rivets on the thickness of 
metal determined by the two angles practically 
never controls, as the sum of the thickness of the 
two angles is enough in excess of that of the web 
to offset the difference in the respective allowable 
stresses, namely 24,000#/n" and 30,000 #/d". The 
thickness of the angles is purposely selected to 
accomplish this result. Figure 65 shows a test 
failure which tears out these relations. In deter- 
mining the value of the outstanding legs of the 
connection angles, the detail designer must know 
whether the field connections are to be rivets or 
bolts (Art. 18). In either case, the strength is de- 
termined by single shear or by unenclosed bearing 
on the leg of the angle. In many cases, beams may 
not frame opposite, so that double shear should not 


TABLE 26 


LIMITING VALUES OP BEAM CONNECTIONS* 
Standard Beams and Channels f 


Beam 

Value of Web 
Connection 

Value of Outstanding Legs of 
Connection Angles 

Depth 

Weight 

Shop Rivets 

Field Rivets 

Field Bolts 

24 

79.0 

63,600 

53,000 

42,400 

20 

65.4 

42,400 

35,300 

28,300 

18 

54.7 

41,400 

35,300 

28,300 

15 

42.0 

36,900 

35,300 

28,300 

12 

31.8 

23,600 

26,500 

21,200 

10 

25.4 

27,000 

17,700 

14,100 

0 

21.8 

26,100 

17,700 

14,100 

8 

18.4 

24,300 

17,700 

14,10^ 

7 

15.3 

11,300 

8,800 

7,100^ 

6 

12.5 

10,400 

8,800 

7,100 


Bethlehem Girder Beams t 


30 

481 

106,500 

128,000 

96,000 

28 

165 

88,000 

112,000 

84,000 

26 

151 

88,000 

112,000 

84,000 

24 

121 

70,400 

06,000 

72,000 

20 

113 

54,000 

80,000 

60,000 

18 

93 

54,000 

80,000 

60,000 

15 

74 

38,800 

64,000 

48,000 

12 

55.5 

25,100 

48,000 

36,000 


Bethlehem I Beams | 


30 

121 

72,200 

72,000 

54,000 

28 

106 

63,000 

64,000 

48,000 

26 

01 

53,700 

56,000 

42,000 

24 

73.5 

44,500 

48,000 

36,000 

20 

59.5 

35,200 

40,000 

30,000 

18 

49.0 

35,200 

40,000 

30,000 

15 

38.5 

26,100 

32,000 

24,000 

12 

28.5 

17,500 

24,000 

18,000 

10 

23.5 

10,700 

16,000 

12,000 


enter into the calculations of the field connection, 
which may be used for a team framing in on one 
side only. Single shear usually controls, as the 
angles would have to be less than §" thick to have 
the bearing on them control (Table 24). It will 
be noted in Fig. 54 that no angles less than f" 
thick are used, so that the tearing does not control. 
No bending is figured on the web rivets, as the ec- 
centricity is small and it can safely be neglected in 
the average case. The maximum allowable end re- 
action for a standard connection is governed by the 
lesser of the values determined by the web connec- 
tion and the outstanding legs, — the latter being 
governed by whether field rivets or field bolts are 

* No moment considered. This is Riven practical protection by the 
friction between the webs and angles. Values are controlled by minimum 
siso beam of given depth. Connections may be used for heavier beams, 
using the above values. 

t Same connection angles may be used for corresponding depths of 
channel. Based on Carnegie "Pocket Comganion,” Single-Shear Shop 
Rivets 12.000#/D'\ Field Rivets lO.OOOI/D", Field Bolts 8000#, □ 
Enclosed Bearing. 30,000 #/□". 

X Based upon Eastern Bridge A Structural Steel Co.'s standards. 
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used. If the end reaction of a given beam exceeds 
the allowable, as discussed, a standard connection 
cannot be used, and a special connection will have 
to be designed (Art. 29). The standard angles are 
generally satisfactory for the majority of beams and 
only in special cases is it necessary to use a stronger 
connection. 


a beam is tied in and the value of g indicates the dis- 
tance from the top of the beam detailed to the top 
row of holes in its web. The difference in the'amount 
of drafting required to detail the beam is obvious. 
The template shop can make the templates, as it also 
is familiar with such details. A value of is 
subtracted from the out to out dimension for each 



Fig. 55 


Illustrative Prob. 28a. 41 Check the values given in Table 
25 for a 24 I 79.9 standurd beam connection. Thickness of 
web » 0.5". 

Web connection. The calculations are based upon the web 
thickness of the minimum l>eam rivets. 

Enclosed bearing * 30,000 X J X \ « 11,240# 

Double shear = 12, 000 X 2 X 0.44 =* 10,600# 
Unenclosed liearing on 2 angles = 24,000 X 2 X } X } 
« 18,000# (This value is never calculated in ail actual 
case). 

10,600# controls. 6 Shop rivets shown. 

0 X 10,600 63,600#, value of web connection. 

Outstanding Legs. — Field rivets (or turned bolts). 

Single shear = 10,000 X 0.4418 = 4420# 

Unenclosed bearing on angle « 20,000 X l X i — 7500# 
(This value need not be calculated in an actual case). 
4420# controls. 12 ofion holes shown. 

12 X 4420 = 53,000#, value of o.s. legs. 

Field bolts (rough bolts). 

Single shear - 8000 X 0.4418 - 3530# 

Unenclosed bearing on angle = 16,000 X i X } 53 6000# 
(This value need not lie calculated in an actual case). 
3530# controls. 12 o]>cn holes shown. 

12 X 3530 = 42,400#, value of o.s. legH. 

Thus for a 24 1 79.9, when rivets are the field connection, 
the maximum end reaction the standard connection can 
sustain is 53,000#. When bolts are the field connection, 
the value is 42,400#. It should lie noted by a study of 
Table 25 that the field connections do not always control the 
allowable end reaction. 

Figure 50 shows a typical beam detail used when 
standard connection angles are employed. The 
standard angles for the 18" beam are designated by 
18 K. When a l>eam with standard connection angles 
frames into the l>eam being detailed, the indication 
given is all that is necessary. The center-line of such 

* This problem may also be solved by reference to Table 24. 


end connection to establish the cutting length of 
the beam itself. This value is adjusted so that 
the cutting length is to the nearest bearing in 
mind that sufficient edge distance must be main- 
tained on the rivet holes in the end of the beam 
(also see PI. 4). 



Beams arc usually framed flush top (F.T.), or 
flush bottom (F.B.). When this is done, coping is 
required, as illus- 
trated in Fig. 57 
(a) and (5). The 
coping is done by 
a special machine 
which cuts the 
flange to standard 
dimensions to clear 
any given beam. 

When a small beam 
frames into a larger 
one at an inter- 
mediate level, as ' Fig. 67 

shown in (c), no 

coping is obviously required. It is common practice 
to make the elevation of girders 2" higher than that 
of floor beams (dimension “ a 99 in the figure) to 
purposely avoid coping. Occasionally a beam 
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frames into another which is shallower or at a 
different elevation. This requires blocking at the 
en d of the beam, as illustrated in Fig. 57 (d), so that 
"^The connection angles may frame in. The dimensions 
“b” and “ c ” are determined by the necessary 
clearance. 

Seat angles are sometimes used to support the 
ends of beams which frame into deep members, and 
usually when beams frame into columns (Fig. 30).* 
These are an advantage in erection because the beam 
may be swung and bolted into position more readily 
and riveted later, whereas a beam with standard con- 
nection angles has to be at least temporarily con- 
n ecte d with bolts while it is held in position at the 
fame time. At times the erection in this case is 
quite difficult to accomplish. Sometimes an erec- 
tion seat is used, which is bolted below the beam's 
final position. When the connection angles are 
riveted into proper place, the seat may be removed. 
It is sometimes left in place if it does not interfere 
with the fire protection materials. No part of the 
reaction should ever l>e calculated as taken by a 
seat angle and the remainder by connection angles 
because they do not act simultaneously and it is 
impossible to estimate what proportion of the load 
would be resisted by each. Consequently seat 
angles should lie avoided if possible when connec- 
tion angles are used. This should not be confused 
with the use of an erection seat which is proper in 
any case, as no load is calculated to be taken by it, 
and it can receive no load if the beam is detailed 
and erected properly. 

ftob. 28b. Chudc the strength of a standard connection 
for an 18 I 54.7 for field rivets and also for field bolts, as given 
in Table 25. 

Prob. 28c. A 12 I 31.8 has an end reaction of 25,000#. 
Field connections to be rivets. Can a standard connection 
be used? 

29. Unusually Heavy Beam Connections. 

If a standard connection is not sufficient to carry 
the end reaction of a large or heavily loaded beam, 
a special connection must be provided, employing 
the same principles of design as used for standard 
connection angles. The number of shop rivets and 
field rivets or bolts will be larger, and the angles 
may have to be of a greater size to accommodate 
them. For all beam connections, J" rivets are 
usually employed, although f". rivets may be used 
if a more economical design can be obtained. It 
is also possible to use standard connection angles 
for excessive reactions by changing the punching 
from to and using rivets. This may 
be noted as 18J K , for a standard 18" beam con- 
nection with rivets, and so on, in the details. 

* Inasmuch aa seat ancles are riveted to the supporting member, they 
are detailed with it, and the design of such details is considered in con- 
nection with those members (see Index — seat angles). 


Illustrative Prob. 22a. If a 24 I 70.9 had an end reaction 
of 61,000#, design the required end connection. Field con- 
nection to be riveted, — J" rivets (Fig. 58). 


? 




9f 


sfff/Trm. 

Fra. 58 


The standard connection is good for only 53,000# (Table 
25) and therefore cannot be used. 

Web Rivets — controlling value * 10,000# 


01,000 

10,000 


5-f say 0. 


Field Rivets — controlling value =* 4420# 


01,000 

4420 


13+ say 14. 


From structural tables, clear distance between fillets <* 20} "t 
2 X edge distance for outside rivets — 2} 

"lSi" 

7 Field Rivets needed each side •* 6 spaces 
18+0*3" available for each space. 


Therefore 3" spacing may still be used in the angles. 7 
shop rivets are shown through the web to match the 7 holes 
in each outstanding leg. This makes a simpler detail, a 
simpler template, and the angles are interchangeable. If more 
rivets were needed to carry the end reaction, then a 2J", 2}" 
or even 2}" spacing might be used. The numlier of spaces 
required can be divided into the available clear distance 
between fillets and the spacing determined as has been shown. 
If the rivets cannot be driven in one line, then a 0" legged 
angle may have to he used, especially for the outstanding legs. 
The rivets through the web preferably should line up with 
those in the outstanding legs, even if one of two extra rivets 
are necessary to do so, for reasons previously given. 


Illustrative Prob. 29b. A 12 I 31.8 has an end reaction 
of 40,000#. Field connections bolted. Design the end con- 
nection for }" rivets. (Fig. 59.) The standard can carry 
only 21,200# and hence it cannot be used. Web t • 0.35". 

Web Rivets. 

Enclosed bearing *=» 30,000 X I X 0.35 - 7870# 

Double shear « 10,600# 

7870# controls 

40,000 _ . tt n • i c 

7870 “ ^ se ® nve ^ 8 or ® s P ftCGS * 

From structural tables, clear distance * 9}" 

2 edge distances * 2} 

71 

7J + 5 - li Hence must use 2 lines of rivets. 


t The distance from the top of the beam framed into, to the toe of the 
fillet may influence the limiting length of the angle if this beam is larger. 
If the length of angle just encroaches on the fillet, the corners of the angle 
may be ground off to clear the fillet. The angle probably might engage 
the fillet 1" without much harm. 
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Field BoUa — controlling value * 3530# 

40000 

- 11+ U«e 12. Must use 2 lines of rivets. 

3030 

Hence use 6 X 6 angles. 


'/hi 


CD 






Fia. 59 


When a double gauged angle is used, it should not be made 
too thin on account of the shear and bending that indirectly 
come upon it. The number of rivets should never be reduced 
from what is theoretically required for they receive some 
bending stress. The amount of this stress is rather difficult 
to estimate. 

For shear each angle gets 20,000# 

on non 

m ono 20D ” required. Net section « [74 - (3 X i)] t 

lUpUUU 

« 4.88 t 

o O 

— t « 0.41". Hence use A" angles. 

4.88 

Prob. 29c. Design a beam connection for a 15 I 42.9 if 
it has an end reaction of 43, (XX)#. Field connections, rivets. 

30. Special Framing and Skew Connections. 

In special cases, beams arc often framed into 
each other at angles other than 90°, or they are 
said to be “ at a skew.” In such a case the con- 
nection angles, either standard or special, are 
“ opened ” or “ closed,” parallel to the axis of the 
beam “ framing in,” as illustrated in Fig. 60 (a). 
When t, as shown, is f" or less, standard connection 
angles may be used, providing the reaction to be 
carried is within the allowable. For values of t from 
to 1J", special angles must be used on account 
of the clearance necessary to drive the rivets. Note 
how the flange of the beam framing in is blocked. 
The detail in (6) requires sawing and should not be 
used, but (c) or ( d ) should be employed instead, as the 
beams may be blocked with comparatively small ex- 
pense. When the figures determining the bevels, 
as b in Fig. 60 (e), are less than 3”, standard angles 
may be used. Otherwise bent plates must be em- 
ployed.* For special angles, the bevels may be in- 
creased somewhat by re-spacing the holes. In any 
case, bevels greater than 45° produce very awkward 
framing and they should be avoided when possible. 
The design of such angles and plates is similar to 
that in the previous discussion. 

* Valuable information in this connection may be found in M. S. Ket- 
ohum’a " Structural Engineers' Handbook ” — McGraw-Hill Book Pub- 
lishing Co. 


Where the clearance is snail, in framing around 
certain openings, or in framing a double beam, one-, 
sided connections may be required. The same 
principles of design may be used as for previous 
cases. 



Illustrative Prob. 30a. A 15 £ 33.9 has an end reaction 
of 30, (XX)#. Field connections riveted. Design a one-sided 
connection for I" rivets. (Fig. 61.) 

Web Rivets 

Unenclosed bearing * 24,000 X J X 0.4 * 7200# 

Single shear - 12,000 X 0.4418 - 5300#. 


To develop single shear the angle must be 


5300 

24,000 X i 


0.29" thick. 


Hence try j" angle. 
5300# controls. 

30,000 

5300 


5+ say 6 rivets. 





*■23 


Fig. 61 


Field Rivets 

Unenclosed bearing - 20,000 X 1 X I — 5630# 

Single shear * 10,000 X 0.4418 - 4420# 

4420# controls. 

30,000 . 0 . . 

- - 6+ say 7 or 8 rivets. 

4420 

The clear distance between fillets «* 121" 

2 edge distances =* 2} 

9i" 

91 + 5 spaces ** 1.95". Use 2 lines for web rivets. 

Similarly use 2 lines for field rivets. 
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OTvci rivets are shown through the web to keep the angle 
balanced. 8 field rivets could be used to keep symmetry if 
desired. 

» 3.0CI" required for shear in angle 
Net section - (11$ — 4 X |) t -* 8 t 

^ — t — §"• Requires §" angle. 


It probably would be better practice to make the angle $" 
thick, because of some bending, and the fact that it is a one- 
sided connection. 

A feature which has been receiving attention for the past 
few years is that of fused welded joints, as applied to struc- 
tural work. Such work has been done for oil and water tanks 
.j^oftie extent. Insufficient data exist at present to warrant 
wholesale adoption for structural joints. However, progress 
is being made in this direction and a few smaller buildings have 
had the joints of the frame welded,* and additional experi- 
mentation and data may lead to more common usage in the 
future. 

Riveted joints only develop about 75% of the strength of 
the member, while welded joints, if properly made, may 
be made to equal the full strength of the member with a 

* Refer to data compiled by the American Bureau of Welding. 


10% to 25% saving in weight and consequent reduction in 
cost. Two types of welded joints, having the same sectional 
area of weld, have been employed, namely, a V and a double 
V. The latter is claimed to be from 25% to 50% stronger as 
shown by tests, f Other tests show an ultimate shearing 
strength of about 36,000#/a", t end hence with a factor of 
safety of 4, a working stress of 9000#/cT corresponds. 

Some of the advantages which would result if welded joints 
were used' are: (1) simpler drawings, (2) elimination of parts 
of the template work, steel marking, and punching of holes, 
(3) less accurate alignment of parts is required, and (4) less 
possible movement of the parts and hence less bending 
strain.} A disadvantage is that poor welds are difficult to 
detect. 

Prob. 80b. Design a one-sided connection for a 12 Q 20.8. 
Field connections, rivets. End reaction * 12,000#. 

Prob. 30c. Make a sketch of a 12 1 31.8 framing into an 
18 I 54.7 at an angle of 60° with the axis of the girder. 
End reaction « 30,000#. Can standard connection angles 
l>e used if the field connections are rivets? Show proper 
bevels for opening and closing the angles, and the blocking 
details if the beams frame flush top. 

t Teats in England in behalf of Lloyd’s Register of Shipping, Bureau of 
Buildingn, City of New York. 

t Testa at Union College, Schenectady. N. Y. 

| For a further discussion, refer to “ Buildings, Engineering and Con- 
tracting ” for Oct. 28, 1926. 
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31. Multiple Beams. 

Two or more beams may be used side by side to 
carry heavy loads, to provide a broad surface to 
carry walls, or to save headroom, and the like. Such 
beams may result in poor details where other beams 
frame into them because of the difficulty of providing 
the connections. However, the increased width 
helps to provide lateral stiffness. The beams may 
be held together by bolts and separators of some 
form, as in Fig. 62 (6), or by plates, as in (a). The 
latter is not a common detail and it cannot be used 
where there is moisture, because the whole section 
is not accessible for painting and inspection. (For 
a discussion of the design of this type of multiple 
beam, see Art. 86.) Figure 62, (c) and (d), shows 
other typical multiple beams. 

The design of common multiple beams is made pos- 
sible by the application of the general flexure formula. 
The total strength of two beams of the same size, as 
in type (b) for example, is the same as twice that of 
one beam. It is important in such a case to have 
each beam take its half of the load, and the arrange- 
ment of the beams with respect to the materials to 
be carried should make this possible in order to 
eliminate any torsion. If the beams must act as 
a unit, such as when carrying a concentrated load, 
the separators* should be of the diaphragm type. 
If the load on each beam is not the same, each 
beam should be designed separately to carry its 
corresponding load.f If possible, the beams should 
be kept of the same depth. In many cases, archi- 
tectural features may not allow this, in which case 
the properties of a section such as shown in Fig. 
62 (c) must be carefully investigated. The clear 
distance between the flanges should be not less than 
3" preferably, when beams are to be framed into the 
double beams, so that the connections may be made 
(see also diaphragm separators, Art. 32). If the dis- 
tance is less than 3", handholes, not less than 6" in 
diameter, should be provided. These should be 
spaced so that a man does not have to reach more 

* Sinoo separators vary according to the conditions surrounding any 
problem they will be discussed as a separate entity (Art. 32), although 
they are a part of multiple beam design as well as of other members. 

t Care should be taken, especially for double beams used in interiors, 
to keep the deflections of eoch beam as nearly alike as possible, to prevent 
cracks in the finish. Diaphragms help to overcome unequal deflections 
due to unbalanced live loads. 


than 2'-0" in any direction to insert a rivet or bolt. 
If the beams must be close together, 6" X 6" con- 
nection angles should be used on the outside 
of the beams. 


Illustrative Prob. 31a. Select a pair of beams to carry a 
uniform load of 12001/ft., caused by a 12" brick wall, on a 
12'-0" span. 8" Bearing at ends. 


M - 1.5 w ■ L 2 * 1.5 X 1200 
I _ 259,000 _ 16.! 

c 16,000 * 2 

b - 3.66" 

See Art. 32. 

Space sejnirators 
6", 3'-10", 4'-0", 3'-10" and 6" 
- 12 '- 8 " 


(12)* - 259,000"# 

- 8 . 1" 5 

Use 2-7 II 15.3 X 12'-8". 

Use beams 4J" ox . (8}" 
out to out of flanges 
with standard c. i. 
seps., or beams 6" o. 
c. (9J" out to out of 
flanges) with 1" gas 
pipe and f" rod 
seps.). 


Illustrative Prob. 31b. Design two ; beams to carry 9'-0" 
of 12" brick wall over an ll'-O" span when the beam toward 
the inside of the building must also carry O'-O" of ****•' 
ing a total load of 200 #/d'. 6" Bearing- 

It should Iks evident that in this case each beam must be 
designed separately. 

Outside beam 

Brick work 120#/c.f. 

M = 1.5 w • L* - 1.5 X 9 - 20 X (11)* - 98,000". 

- 6.12"* Use 0 / 12.6. 

16,000 

Inside beam 

Load = — = 540 from wall 

6 X 200 * 1200 from floor 
1740#/ft. 

M » 1.5 X 1740 X (ll) 2 = 313,000"# 

- - - 19.51"* Use 10 1 25.3. 

c 16,000 

Space separators 6", 6'-3", 5'-3" arul 6" - ll'-6". 

Use separators similar to Fig. 67 (5). 

Prob. 31c. Select a pair of beams to carry a load of 
12,000# concentrated at the middle of a lO'-O" span. What 
recommendations should be made for connecting the beam 
bringing in the 12,000#? What clear spacing between the 
flanges should be used? Are handholes necessary? 

Prob. 31d. Design two beams to support 8'-0" of 12" 
brick wall (120#/c.f.) on a 12'-0" span when one beam must 
also carry 7'-0" of floor carrying a total load of 250#/a'. 
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38. Beam Separators. 

Separators are used to hold the compression 
4anges of two or more beams in position, and to 
aid in making the beams act together. They should 
fit the flanges tightly so that they will help the 
beams to act together both vertically and horizon- 


Separatore should also be located about 6" from 
the ends of the beams, and under any concentrated 
loads. Beams less than 12" deep should have one 
tie-bolt per separator, while all other standard 
beams, and Bethlehem beams from 12" to 24" in- 
clusive, should have two tie-bolts, and the 26", 28" 




Fig. 82 


tally. The usual limit established for the spacing, 
in membera subjected to compression without in- 
duced sidewise bending, is 10 times the least dimen- 
sion of the cross-section. Otherwise, the working 
stresses must be reduced (Art. 11). The flange 
widths, b, of the smaller I beams vary from 4" to 
6". If d, is the distance between separators, then 

d, = 10 b, and 10 X 4 = 40" = 3'-4" or 
10 X 6 = 60" = 5'-0". 

Accordingly, a rule often used in practice is: 

SPECIFICATION CLAUSE 

Spacing Separators shall be spaced from 4'-0" to 5'-0" 

on centers, depending upon the size and impor- 
tance of the member, with 5'-0" as a maximum 


and 30" Bethlehem beams and girdera should have 
three tie-bolts per separator, f There arc several 
kinds of such fastenings used, each of which has 
merits for a particular use. 

Cast-iron separators should be used principally 
as spacers, and not when the lieams must act in 
unison, or where there are concentrated loads. 
They lend themselves readily to usual conditions, 
but they should not be used if lateral thrust or 
varying loads occur, because moments may be 
developed in the separators. Since cast iron is weak 
in tension, separators of this material should not be 
subjected to bending stresses. In all cases the edges 

* Courtesy of New England Structural Co. 
t Gas-pipe separators are used for 6", 4" and 3" beams. 
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should be true and square. Figure 63 shows two 
standard proportions lor cast-iron separators. The 
following relations are basic: 

h is dependent upon the clear distance between 
the fillets, 

d is dependent upon placing the bolts reasonably 
near the top and bottom of the beam, and 
w is dependent upon a reasonable distance be- 
tween the toes of the flanges and upon a 
reasonable distance center to center of bSams. 



Fig. 63* 

Separators of 1" gas pipe and }" rods are used 
as an alternate by some fabricators for cases similar 
to those in which cast-iron separators may be used. 
Figure 64 gives a standard arrangement. The 
following relations are true: 

Iq = (c.c. Beams) — t 1 to the nearest A", and 

Ir = (c.c. Beams) + t + [thickness of 2 nuts 
(each = diameter of rod)] + (an adjust- 
ment allowance of l 7, =b), to the nearest J". 



An advantage of this type of separators is the op- 
portunity to vary the distance center to center of 
beams (c.c.). If the beams are to carry a wall, the 
distance out to out of flanges should be reasonably 
near but slightly less than the wall thickness (1" in 
from each wall face is a good guide). 

When concentrated loads occur, or when special 
rigidity is desired, some form of diaphragm separa- 
tor should be used. Figure 6.5 gives an excellent 
detail used by some structural companies where the 

• Based upon the 11 Pocket Companion,” Carnegie Steel Co. This 
book also gives the actual dimensions corresponding to the beam bum. 
With a standard established for the separator, a standard distance center 
to center of beams results. These distances are also given in the hand- 
book. 

t Eastern Bridge & Structural Co., W6reester, Moss. 


center to center distance between the beams does 
not have to be an accurate set dimension, such as 
for beams yrhich are to carry walls and the like... 
Odd pieces of channel may be used as shown, or 




Fig. 65 


pieces of I beam may be employed in a simifiSF 
manner. The channel sections provide sufficient 
stiffness however, and require fewer bolts. The fol- 
lowing relations are true for this type: 

h = the clear distance between the fillets, and 
(c.c. of Beams) = (depth of C ) + t. 


The distance, x, must be sufficient to allow for the 
turning of the nuts on the bolts. This should be 
2$", minimum, and 
preferably 3". If 
the two beams 
must be close to- 
gether, the holes 
may be reamed and 
turned bolts used. 

If x may be made 
3" or greater, rivets 
can be used, al- 
though bolts are 
common. Figure 
66 shows a detail 
of a built-up dia- 
phragm separator. 

If the beams to 
be held together 
are of different 
depths, special sep- 
arators must be 
used. Figure 67 
shows instances of 
this kind. 
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in a pair of beams 15'-0" long? If the beams arc 15" deep, 
how many tie-bolts per separator should be used? If the 
beams are 15 II 42.0, refer to the Carnegie Pocket Com- 
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panion and make a sketch of the cast-iron separators to be 
used, giving the necessary dimensions. What spacing of 
beams would result? 

>vAob. 82b. As an alternate for Prob. 32a, determine the 
values of (c.c. beams) fc, and Ir , for pipe separators, if the 
beams are to carry a 16" wall. What type of separator should 
be used if the beams carry a concentrated load or unequal 
loads? What size of channels could be used instead of the gas 
pipe? What would be the length? What is the correspond- 
ing spacing of beams in this case? Make a sketch of a plate 
and angle separator for this case. What spacing of bolts 
should be used? 

33. Compound Beams. 

If extra strength is required and web plate material is not 
.qjlptafble, 1 beams may be compounded by placing one on 
top of the other, as indicated in Fig. 68 (a), if available 
headroom allows. Additional strength may be provided by 
adding cover plates top and bottom as in (b), or channels as 
in (c). The important features in such design, apart from that 
of providing for flexure, are: 

(1) The horizontal shear at the plane where one beam 
rests upon the other must be takeu core of by ample 
riveting, 

(2) Precaution should be taken to have the webs strong 
enough in shear and buckling, and 

(3) Lack of lateral support may control. 



/ / 


(«) (*) (O 

Fig. 68 

Such beams arc not commonly used as they aremot generally 
as economical of material as plate girders, but they may be 
cheaper than the latter when fabrication costs are considered. 

The lengths required for the cover plates in (6) or the 
channels in (c) may be found by the methods used for plate 
girders.* The section modulus of two beams, one over the 
other, is about 30% greater than that of the same two l)cams 
placed side by side. The design involves a “ cut and try ” 
method. A trial section may be obtained by calculating the 
section modulus required, dividing this by 1.3, and then 
selecting two beams to provide the letter value. The com- 
bined moment of inertiaf of one beam over the other may 
then be calculated and the resulting stress compared with the 
allowable. The pitch of the rivets required may be calculated 
by the use of tho general shear formula, 


and the controlling value of the rivet, R, or 

R 

d s (the rivet spacing in inches) * • (£-16). 


Tho minimum spacing of rivets is required at the ends of 
the span where the shear is maximum. Another way of 
calculating the pitch is to provide a sufficient number of rivets 
in a length equal to the overall depth of the compound beam, 
at the end, to develop the maximum shear, V. For practical 
■* .purposes, the spacing at the ends of the beam should be not 
greater than 3" o.c. for a distance equal to the depth of the 
comjiound l>eam, and the remainder of the rivets should not 
be spaced more than 6" o.c. staggered. 


Illustrative Prob. 38a. Design a compound beam to 
carry a load of 1000#/ft. on a 30'-0" span. Assume beam 
to be laterally supported and 12" bearing at the supports. 

M ~ 1.5 w • L* - 1.5 X 1000 X (30)* * 1,350,000"# 

“ * “ 84.2"* (Assume 18 I 54.9 is not available). 

C 10,UUU 


84.2 4- 1.3 = 
Combined 7 0 - 

/l-l 

A •d i - 


I 

c 


fU ft 

64.8"* — - 32.4"* Try 2-12 I 31.8. 

I 

I + A • do* 

for a 12 1 31.8 = 215.8"* 

= 9.26 X (6.0) 1 - 333.1 


1097.8 

12 


548.9 
■ 2 

1097.8"* gross 
91.5"* > 84.2 * O.K. 


V 


1000 X ~ = 15,000# 
I 


Q 

b-q 


A • dn « 9.26 X 6 
15,000 X 55.56 
1097.8 


* 55.56"* 
758#/inch. 


Controlling valuo for rivots (Single shear) ** 4420# 

I R 4420 „ i3 i , 

d s = = ----- = 5.84 o.c. staggered. 

b • q 758 

Uhc 3" o.c. staggered for 2'-0" each 
end and then 6" o.c. staggered . 

Shear. Average - 24x0^ 5 “ 17fi0 ^ a " 

Hence maximum shear O.K. 

Buckling. 

ft - 16,000 - - 7770#/a". 

It = 7770 X 0.35 (l2 + — ) - 48,000# allowable. 

15,000# actual O.K. 


Prob. 38b. Design a compound beam to carry a load 
of 1700#/ft. on a 38'-0" span together with a loot! of 9000# 
concentrated at mid-span. Assume beam is laterally sup- 
ported. It frames into columns with standard scat angles. 


34. Riveted Beam Girders. (See Art. 86.) 


V • Q 

b* q « — = shear per linear inch (Art. 12), 

* Arts. 51 and 52. 

t The rivet holes occur at tho “ neutral axis ” so that the gross section 
may be used, unless plates or channels are added to the flanges, or other 
holes occur at tho point of maximum moment. 


35. Plate Girders. 

The usual method, when sufficient section modulus can not 
be supplied by rolled shapes, is to employ built-up beams of 
plates and angles, called plate girders, which ore discussed in 
Chap. 5. 
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PLATE 8 PLATE GIRDERS READY FOR SHIPMENT A Courtesy of the New England Sir* *und Com] 
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CHAPTER 5 


PLATE GIRDERS 

Section 5a 

GENERAL CONSIDERATIONS 


36. Rolled Sections versus Built-up Sections. 

When rolled steel beams lack sufficient strength 
to carry the given load, or if the span is too great, 
other means to support the load must be provided, 
and a plate girder may be used. A plate girder is 
virtually a “ built-up ” I beam, made of structural 
plates and angles, or occasionally, channels. The 
provision of such a member involves more compli- 
cated computations than for the ordinary steel beam, 
as the component parts must be held together se- 
curely by rivets so that these parts will act in unison 
and without overstressing any of the joints. Plate 
girders are designed to resist bending, shear and 
the other internal stresses, as is the case for rolled 
beams, but because of their composite nature, they 
arc more easily adapted to special cases. One can 
vary their depth and the sizes and arrangement of 
W parts and herein lies one of their valuable assets. 

37. Usual Types. 

Figure 69 shows several types of cross-sections 
for plate girders, showing some of the schemes for 
arranging the parts, which are named. A study of 
these names will reveal to some extent the function- 
ing of the parts. • 



Fra. 69 • 


Type A shows the simplest form in which the 
four angles correspond with the flanges, and the 
vertical plate with the web, of a rolled beam. Since 
metal becomes more efficient in resisting bending 
when it is placed farther away from the neutral 
axis (the basic idea of the I beam shape), unequal- 
legged angles are usually employed with the long 
legs horizontal. In this way, for the given area in 


the angle, the larger portion of the steel is at its max- 
imum distance from the neutral axis. The smaller 
sized angles'" (under 4 X 3 or 5 X 3) are not gener- 
ally used, as their resistance at ordinary depths would 
not exceed the strength of the largest rolled beams, 
which are obviously cheaper for ordinary loads. 
If the flange area required should lie larger than a 
selected pair of angles provides, cover plates may lie 
added, as in the Type B. This method places 
additional steel where it will give the most bending 
resistance for the area added. It is not economical 
to resort to the maximum sized flange angles (8 X 8) 
before using cover plates, as the latter can be cut 
off at points along the girder where the moment 
does not necessitate their use, while the flange 
angles have to run to the ends. It is not, however, 
practicable to use cover plates when the angles are 
smaller than 5" or 6" as the cost of riveting of the 
plates is large in proportion to their weight. On 
the other hand, it is generally inadvisable to use 
too many cover plates, three or four being the limit. 

SPECIFICATION CLAUSE 

Center of The distance between the centen of gravity 

Gravity of the flanges shall not be greater than the 
Distance distance back to back of flange angles. 

Obviously too many cover plates will throw the center 
of gravity of the flanges outside of the plane of the 
hacks of tho flange angles. A good guide, although 
not inviolate, is that one-half the flange area should 
be in the flange angles unless the maximum sized 
angles must beused. This rule, if followed, also limits 
the number of cover plates. The length of the rivets 
passing through the flange angles and cover plates 
should not exceed four times the rivet diameter, if 
avoidable. 

SPECIFICATION CLAUSES 

Grip The grip of the rivet shall not exceed four 

diameters of the rivet, nor shall the maximum 
thickness of metal in the flange exceed 4J". 
(Alternate) The maximum grip of the rivet Bhall be eight 

* During the World War it was sometimes difficult to obtain beatne in 
come localities and beams were " built up ” with tho smaller ancles and 
plates from available stock. This was for an emercency, however, and 
only in special oases would details of this nature be used. 
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diameters of the rivet unless bending is figured 
on the rivet. (Similar to the design of pins, 
see Index.) 

If a still greater flange area is needed, vertical 
flange plates may be introduced as shown in Type 
C. These plates should be as shallow as possible 
to give the required area, for, as before, the farther 
away the center of gravity of the plate is from the 
neutral axis of the girder, the more eflicient it is in 
resisting bending. Another method used for the 
same purpose is to add extra angles, as shown in 
Type D. This is not as desirable, as it is less 
compact and the area in the inside angles is not at 
the maximum possible distance. These two ways 
may be used in combination, as shown in Type E , 
although this scheme is rather awkward and is 
used only where very large flange areas are required. 
The latter three combinations, -Types C, D and E, 
are used for the purpose of making the distance 
between the centers of gravity of the flanges equal 
to or less than the distance 11 back to back of angles.” 


39. Typical Design Example. 

It is desired tg provide a steel girder for tlfiMfofldwing 
conditions: •* 

Span, center to center of bearings, 50'-0". 

Girders 14'-0" on centers, and they are laterally supported. 
Uniform Load. End supports of concrete. 


L.L. - 200 
Fin. Fir. - 3 

Sub Fir. * 3 

2" Cinder 

Fill - 16 
8" Slab - 100 
Plastered 

Coiling » 5 

T.L. * 327#/o'. 
M - 1.5 w • L 2 
I _ 18,340,000 
c “ 16,000 


14 X 327 - 4600#/ft. 
Bm & 

Haunch * 300 

4900#/ft. 


18,340,000"#** 


1.5 X 4900 X (50) 1 
1146"*. 


No standard or Bethlehem rolled section is large enough. 
Hence a plate girder will be used. 

14 X 327 - 4600#/ft. 

Gdr. * 14.8 X 14 = 210 


38. Special Types. 

Wh(yi girders are laterally unsupported, additional 
area may have to be added to the compression flange. 
This may be done as shown in Types F and G 
(Fig. 70). When girders carry very heavy loads, 
which develop excessive shears, or when large 
bearing areas are necessitated by walls, or when 


J.U. Fjf. = 2(H) (Firep roofing) 
6010#/ft., say w 
TJ . w • L 5000 X 50 


Awn 


Aw 


2 

_ 125,000 

12,000 

■■^Awn 5 


2 

10.40" 


5000#/ft. (total). 
125,000# 


■ J X 10.4 =- 13.90' 

o 



Fin. 70 


headroom controls, box girders are sometimes used 
with two and possibly three web plates, as in Type 
H (Art. 84). For special conditions, such as the 
one shown, a type similar to I may be used. Type 
J is given to represent conventionally a girder in 
which the web plate is replaced by a system of 
lacing; such are often called latticed girders (Art. 
85). 

The prime essential in the selection of a type is 
to keep the section as simple as possible, and orna- 
mental details should be avoided. The question 
of the location of the girder in the structure is also 
important, as the encasement by the materials 
which surround the steel will often determine maxi- 
mum overall depths and breadths. The number of 
parts to l)c riveted should be kept to a minimum, 
for often excess weight in heavier angles is offset 
by additional fabrication costs when light angles 
and cover plates are used. 


Depth of girder — = 5'-0" O.K. for headroom. 

1U 4 „ 

/ 

60 -f 1 * 60}" b • 6 • If Use 60" web plate. 

60} — 5 — 55 j" unsupported distance between flange angles. 

* 0.346 O.K. for Specifications. 

Use 60 X j web plate. 

^ - 0.232" O.K. for shear. 

60 

M - 1.5 u> • L* - 1.6 X 5000 X (50)* = 18,700,000"# 
Assume d e — 60" 

pi , 18,760,000 „ 

Flange stress = — L — * = 312,500# = F 

\j\) 

Net area of flange, Aps - - 19.530" 

lo,UUU 

i A iv available for flange material. 

Aw - 00 X i - 22 . 60 " i A w - * X 22.5 - 2.810" 
19.53 - 2.81 = 10.720" still to be supplied. 

One-half should preferably be in flange ungles 

« 8.360" 

Try 2-6 X 4 X 1 £. Use J" rivets. 

Net area (2 holes out of each angle) =* 7.50" 

16.72 — 7.5 * 9.220" to be supplied by cover plates. 

Try 14" C.P1. 

14 X i = 7.00O" 9.22 
(2 holes out) 6.00 

2X1X1 = U)0 3.220" 

6.00O" 



0.75 2 tg flX4Xj 


i of 60 X I web Pi. - 2.8* - J 


14 X/f- 5.25 

4.50 (2 holes out each L ) 


7.50 

1-14 X j C.P1. 

(2 holes out) - 6.00 
1-14 X I C.P1 . 

(2 holes out) - 4.50 


DETAIL DESIGN 

Stiffeners at End Bearings. R » 125,000# 

Use 5" o.s. legs. Net bearing length * 5 — \ » 4J" 

« 6.25D" - 1.39 /# combined thickness 


1.39 

4 


0.35" 


Use 4-5 X 3j X |l». 



Fio. 71 

a 

Cover Plate Lengths (Fig. 71 (5) — Graphical Solution). 

Analytical Check. A (total) at center « 20.81 Ac# of 
plates - 10.5D" and 4.5P" respectively. 

t m w . /Acn • L* . / 10.5 X (50) * oca 
Inside plate z, = W — ~ “ i/ ^Qgi = 35,6 

2.0 

. 37.6 

say 37'-6". 


Space remainder at 6'-0". 

Flange Rivets . 

C.L. 1st panel 3'-0" from R\ approximately 
V = 125,000 - 5000 X 3 ■ 110,000# 

No cover plate here. Hence d e = 2 X 29.26 * 58.52" 
(Fig. 71 (a)). 

A/w . , . . 7.5 


V' « V X 


Outside plate za 


-l/— 

V 20J 


23.2 


(50) 8 
81 

2.0 

25.2 say 25'-6" 
Use 1-14 X i C.P1. X 37'-6" 
1-14 X f C.P1. X 25'-6" . 
Figure 72 shows a structural engineer’s sketch. 


Afn + i Aw 

Horizontal shear per linear inch 
Local load per linear inch 


110,000 X 


5000 

12 


7.5 + 2.81 
V ' ^ 80,200 x 
d e " 58.52 * 

417#/in. 


- 80,200#. 
1370#/in. 


Resultant shear - V'(1370)* + (417)* - 1438#/in. 
Double shear per rivet = 14,440# 

Bearing J" rivet on |" plate * 7880# 


7880 

1438 


5.48". 


Use 5" pitch — first panel. 
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f 0 F 1 a*r , 


C.L. 2nd panel 7'-6" from fit approximately 
F - 125,000 - 6,000 X 7.5 - 87,500#. 1 C.P1. hem. 
d, « 2 X 20.7 - 50.4". 


87,50° X ^ - 72,300#. 

Neglect local vertical load. 
7880 
1220 


0.46" 


- 1220#/in. 


Use 6" pitch all other panels. 


Figure 73 shows a more complete engineer’s drawing such 
as some engineers use. 


X^)» 


wow .«wx. 

O O 

f - 0.403" for 2 plates for moment 
Awn - 16.9D", 52 X t X 1 - 16.9, 

t — 0.43" for 2 plates for shear 

Use A" min. thickness. 

Use 2-52 X A splice plates. 

202 000 

"YggQ “25+ rivets for shear. Assume vertical spacing 
shown in Fig. 74 (6). 



Cover l*late Rivets. 
V 


- R v d \ A ^ N < = 20-81P", A C n - 0.0D", d, = 59.4. 

50 - 37.5 
~2 

F - 125, 000 - 5000 X 6.25 - 93,750# 


First cover plate begins at. ’ 


6.25' from Ri 


V' » V X 


Afn 


- 93,750 X 


13.5 


77,500# 


Afn + l Aw ’ " 16.31 

Single shear l" rivet = 7220 — R 2 rows of rivets 
2 X 7220 X 59.4 X 20.81 


V 


77,500 X 6.0 

1 ensile strength of plate = 6.0 X 16,000 
96,000 


— 38.6" Too large. 


7220 


Rivets in End Stiffeners, 
Rx = 125,000# 


125,000 i e i tct ’ x 
= 15+ say 16 rivets 
7880 J 


16 


— = 8 in each pair of angles 

A 


55J + 5 * 

Web Splice. 
Mw - M X 


i Aw 


18,760,000 X 2.81 


■ 2,530,000"# 


Afn + l Aw 20.81 

V = 60 X i X i X 12,000 - 202,000# 

Depth available = 52" (Fig. 74 (a)). 

Maximum allowable stress = — ^ — 13,860#/n" 


(3)* - 
( 6 )* = 
(9)* = 
( 12)2 - 
(15)* = 
(18)* = 
( 21 )* = 
(24)* = 


9 

64 
81 
144 
225 
324 
= 441 
= _576 
1836 X 2 
263 X 3672 
2,530,000 
966,000 


Value of i rivet 1" from N.A. 


263# 


7880 

30 

• 24" 


• 3672 * 2 2d 2 for one whole line 
: 966,000"# moment of resistance of 1 line 

2.86. Use 3 vertical lines (51 rivets 
each side) Ip = 3 X 3672. 


96,000# 

13+ Use 14 rivets (7 each side). 

Space rivets staggered with flange 
rivets 1J" from end, 6 spaces 
at 3", then at 6" alternate 
spaces for each cover plate. 


y?225,000\* /2, 530, 000 X 24 \* 

V \ + [ 3 X 3672 ) 


r = 6850# maximum stress on extreme rivet 1 « «. r\ rr 
r - 7880# allowable Sphce O K 


Maximum length of plate = 33'-0" 
Ifence splice 37'-0" from R\. 


10"+ Space 6" o.c. 

Space same for intermediate stiffeners. 



Fig. 74 
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WjjL (ft Splice. ~ <> 

length of plate 33'-0". Hence splice of inside 
eover^^afoquired. Theoretically 14 X } splice plate re- 
quired. Use top cover plate as splice plate which is only 
14 X See Fig. 75. 


37'-6" 

37'-0" 

2|12'-0" 

33'-0" 

25'-8" 

O'-O" 

4'-6" 

12M>" 

4'-6" 


'No Flange Angle splice required (60'-0" lengths of angles 
are obtainable). 

End bearing. 

Ri * 125,000# Allowable bearing * 600#/a". 


125,000# Allowable bearing * 600#/a". 
208.3d" required. 14'' bearing. 


mp - 208.3d" required. 


l'-6" distance from end of top plate 
to C.L. splice. 

Hence run top plate over to make the splice. 


208.3 _ „ 

— r - 16 


Actual pressure 


125,000 

14X18 


Use 14" X 16" bearing. 
- 560#/d" 



Fro. 75 Fiu. 76 



Fig. 77 


= 11.80" 


M at C.L. splice - M at (5'-3" + 4'-6" - 9'-9") 

M at 9.75' from Rt - ^125,000 X 9.75 - 6000 X^(9.75)» j J2 
- 11,300,000"# 

-.f. 11 >300,000 _ 1JK)|000) j( 122^22 = ii.8o" 

d t 50.4 16,000 

Flange area required at center line of splice. 

1 2.81 

2L«= 7.50 
14 X i PI. * 4.50 

14.81 □" available. O.K. 

I" PI. O.K. as splice plate. 
Net area 14 X 1 PI. - 6.0d" “TOT x 16,000 = 96,000# 

*=13+ say 14 rivets Run 14 X I plate over at 
left-hand end to accom- 
modate 14 rivets beyond 
the center line of splice. 


Try J" sole plate. I + * - 1!" 


M f - * x 1 x ** » 20.000 X 1 X (1.38) 8 ^ 6360 „ # 

13,000 — 6360 = 6640"# to be carried by wall plate 
6040 ^ 20.000 X_1_X g. |-M „ 

6 

Use 14 X i X l'-4" Sole Plate 
14 X 1* X l'-4" Wall Plate. 


V 125,000 0 


dt 58.52 
2130 X 14 = 29,900# 
29,900 . , 


2 130# /inch. 


— ’■ — = 4+ Use 6 countersunk rivet* to fasten 
7220 “ sole plate 

Use 3 X \ X 4'-4" fillers under 
all stiffeners. 

Figure 77 shows a detail of the girder. 
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40. Practical Limits lor the Span. 

The length of span should he taken as the distance 
center to center of bearings when resting on walls 
or running over the tops of columns, and as end to 
end of girder when framed between columns. 
Rarely are plate girders considered for spans greater 
than lOO'-O". For spans from lOO'-O" to 140'-0", 
latticed girders are commonly used, and for spans 
greater than 14O'-0", some form of pin connected 
truss may be employed. In building construction, 
such spans are not generally encountered, and if so, 
it would probably be more economical to revise the 
framing so that such spans did not exist. Girders 
should preferably be made as single units. Occa- 
sionally, girders are fabricated in two sections for 
convenience of shipment, and then the sections are 
riveted together at the site before erection. If 
avoidable, this should not be done. 

41. Limiting Depths of Girders. 

The maximum depth of plate girders is estab- 
lished by overhead shipping clearance, which is 
usually about l()'-6". Rarely arc girders fabricated 
the de^th of which exceeds this figure, and ordinarily 
the depths would not approach it, except in special 
cases where a girder extended a full story height. 
Many formulas are given for an economic depth of 
girder, but seldom is one accurate for all conditions.* 
In general, an economical depth lies between 1/7 L 
for short spans and 1/12 L for long spans. 

SPECIFICATION CLAUSE 

Depth The depth of the girder .shall not be less than 

one-twelfth of the span. If a shallower section 
than this has to be used, the section shall be 
increased so that its maximum deflection is not 
greater than if the above limiting ratios had 
been used. 


in whichTi 


the approximate depth of th« girder 
w in inches, and 
L ^ the span of the girder in feetF m 


42. The Weight of the Girder. 

It is desirable to mako an approximation for the 
weight of a plate girder, and its haunch if used, 
when the designer is calculating the load that the 
girder must carry. Although the weight may not 
affect the stresses more than 1 or 2% in some cases, 
in others it may be an appreciable amount, especially 
when the girder is to be encased in fire-resisting 
materials. Therefore, it is good practice to make 
an allowance for the weight in any case. Jbsr 
interesting feature in the connection of keeping the 
dead weight as small as possible is illustrated by 
the sections in Fig. 78. Other schemes may be 
used, of course, the natures of which depend upon 
the architectural requirements of the ceiling into 
which the girder projects. 




P/re Protection 
(°) 


l/st^of Jerra Cotta Us* ft Meta/ Loth 
and Concrete ona Cement fibs frr 

(h) (?) 

Via. 78 


Some formulas for weight may fit the cases for 
which they were derived, but they may not be 
general for all conditions. A good formula to use 
in making up a guide weight per square foot to use 
in design is 

w = 3 + rfe-t 0 *-ih) 

4.2o 


In building work, however, the requirements of 
headroom more often determine the depth, but 
plans should be made to allow at least 1" for every 
foot of span. Many empirical formulas have been 
evolved to aid in selecting plate girder depths. 
These should be used with caution as they are 
generally developed for particular cases. A com- 
mon formula of this kind which is fairly general 
is 


d = 


L 

0.005 L + 0.543 ’ 


(S-17) 


* Somn designers atatn that an economic depth results when the amount 
of material in the flange equals tho amount of material in the web, if no 
cover plates are considered. 

If the depth is increased, less flange material is required, but the thiok- 
nees of the web and the material in the stiffeners is increased. 

A depth lees than 3'-0" is awkward to design, but in special cases depths 
of 2M>" have been used. 


in which w = the weight of the girder expressed as 
pounds per square foot of floor 
area, and 

L = span of the girder in feet. 

Another good rule of thumb is: 

u To obtain an approximate weight of girder, multiply 
the urea of the center cross-section in square inches by four 
times the length of the girder in feet.”J 

This rule can, of course, only lie used when the size 
has been approximated. Many handbooks also give 
the weight per foot of various tabulated sections. 

Prob. 42a. Determine the approximate weight of a plate 
girder to span flO'-O", in pounds per square foot of floor area. 
Use formula £-18. 

t Boston Bridge Works, Ino. 

t Article by K. Fleming, Engineering News Record, June 3, 1920. 
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43. Enj^ering Drawings and Structural Details^ 

With the architect’s general plans and such 
sections and details as are available for a basis, the 
engineer evolves a sketch framer upon, which is 
indicated the distribution of the steel, which in 
most cases is an exercise of judgment, and upon 
which he bases his design sheets. The beams are 
marked in a consecutive order by numbers so as to 
establish a definite relation between his sketch and 
the design sheets. Such sketches may be numerous 
and they are used by the steel draftsman to lay out 
the framing drawings which are incorporated in the 
IhWtract set for proposals. 

When showing the results of his girder design on 
the framing plan, the engineer usually gives only the 
main features of the girder as compared with the 
details that eventually will be required for its fab- 
rication. The latter are usually designed in the fab- 
ricator’s office. The engineer should define the span, 
either center to center of walls or face to face of col- 
umns, the projection beyond the center line of bear- 
ing, the depth back to back of flange angles, the sizes 
of web plate, flange angles, and cover plates, the 
lengths of cover plates, the loads and the reactions 
and where they arc located. Figure 72 shows such 
an engineer’s drawing. 


Some engineers, in order to assure a proper inter- 
pretation of the design, prefer to give additional 
information as an aid in obtaining proper relations 
of the secondary parts. Such data would be items 
like sizes of stiffener angles at reactions, those at 
concentrated loads, sizes and spacing of intermediate 
stiffeners, the rivet pitches required in each panel, 
bearing plate sizes, and where splices, if used, 
should be located. Figure 73 shows such a drawing. 
These data should in any event be incorporated in 
the engineer’s design sheets for purposes of com- 
parison with the fabricator’s details. 

Any details such as those mentioned in the above 
paragraphs, if not supplied by the engineer, must be 
designed by the fabricator. In addition, the details 
of the rivets in stiffeners, flange angles, and cover 
plates, splices, sole plates and so on, must be pre- 
pared. Figure 77 gives a shop drawing of the same 
girder shown in Figs. 72 and 73. A good structural 
designer should be familiar with the design of all the 
details involved in plate girder fabrication, as he will 
be better able to call for practical combinations of the 
main members, although he may not be regularly 
called upon to design the details. Furthermore, 
such knowledge is invaluable when checking draw- 
ings which have been submitted by the fabricator 
for approval.* 


Section 5b 


THE WEB PLATE 


44. Requirements. 

The function of the web plate is to provide 
against the shear caused by the loads and to tic the 
flanges together so that the tension and compression 
may form the proper resisting couple. When the 
depth of the girder has been decided upon, as has 
been previously explained (Art. 41), the first step 
in the design is to determine the size of the web 
plate. 

The depth of the plate? should be in multiples of 
2" and preferably in multiples of 6" in order to 
match stock plate sizes. Girders are sometimes 
described nominally by the dejjfch of the web plate, 
such as “ a 36" girder,’’ or “ a 48" girder.’’ But 
in reality the angles should project beyond the web 
plate to take care of any irregularities in the plate 
due to the shearing process. If the angles were, set 
flush with the edge of the plate, it might mean 
considerable chipping before any cover plates could 
be riveted to the angles. Setting the angles out 
also gives a more finished appearance to the fabri- 
cation. If there were no cover plates, however, and 


I?* 

hi 
* 


the girder were exposed to the weather, rain pockets 
would exist in the top flange, which would cause 
rusting. This space should be covered or at least 
filled with pitch if cover plates are 
omitted. For this reason, some 
engineers prefer to run the first 
cover plate the full length of the 
girder. The standard practice is 
to set ’the angles out J" top and 
bottom, thus making the distance 
back to back of angles (b.b. I 1 ) 
greater than the depth of the web 
plate (Fig. 79). 

A minim um thickness of web plate is established 
because rusting would have a relatively dangerous 
effect on a very thin plate, and also because the 
ordinary conditions of shear would cause abnormal 
tendencies to buckle, t 


a. 
& 


17 




Fkj. 79 


* In consequence, this chapter includes a treatment of the detail de- 
sign features as well as those of the design of the main parts. Sections 
5a, 5b, 5c, 5d and 5k deal principally with the latter, while the re- 
maining sections are based, in general, upon the sections preceding them. 

t For very light girders, 1" is occasionally used, but the hearing value 
of the rivets is low and this unduly increases the expense. Some designers 
use a minimum of I" in all oases. 
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V 


iEiJjtS 


Web Plato 


SPECIFICATION CLAUSES 
The minimum thickness of web plate shall 
be A"- When the girder is exposed to climatio 
conditions, the minimum shall be of J". 

The thickness of web plate shall not be less 
than 1/160 of the unsupported distance between 
the flange angles. 

The last clause is given to prevent extremely deep 
and thin webs. Since the shear diminishes along 
the span, it is not necessary theoretically to have the 
web of uniform thickness. However, the cost of 
the fabrication of an exacting design is more than 
offset by the cost of the extra material which a 
uniform thickness would entail. The two cases 
are illustrated in longitudinal sections in Fig. 80. 


rw 


pro- 



44 


(A) 


section of a girder and its magnitu^ is \ 
portional to the distance of the metal n*om N the 
neutral axis. But these values of Q (the statical 
moment) would change more slowly than the 
corresponding distances from the neutral axis. To 
offset this, the shear is assumed as uniformly 
distributed over the effective cross-section of the 
wob, or 

^ (Art. 12). 


v = 


Aw 


Flu. 80 


There is considerable discussion as to whether 
the effective cross-section should be taken as 
gross area or the net area of the web. There 
certainly will be some rivets driven through the 
web, especially at supports where stiffeners are 
used. Some authorities claim that the rivets fill 
the holes since they are driven hot and under 
pressure, making the gross section effective. This 
does not allow for possible loose rivets. 


45. The Design of the Web Plate. 

As has been stated, the purpose of the web is to 
resist the transverse shear. The value of the maxi- 
mum external shear, V, ordinarily the maximum 
end reaction, must be known in order that the plate 
may be properly designed. This shear must be 
carried at a safe working stress. In general me- 
chanics it is shown that the intensity of vertical shear 
is equal to the intensity of horizontal shear. The 
horizontal shear varies from 0 at the extreme fibre 
to a maximum at the neutral axis and the vertical 
shear is equal to it. Figure 81 shows this variation. 



Fig. 81 


The intensity of horizontal shear is exactly expressed 
as 

9 = (Art. 12). 

To use the formula given would be the exact pro- 
cedure, but this would be laborious and inconvenient, 
and the additional accuracy obtained would scarcely 
be offset by the additional calculations necessary. 
Q is the only variable in the above formula for a 


An interesting theory is that shown by Mr. R. Fleming.* 
In Fig. 82, let a-b be a section through an end stiffener 
where the shear is a maximum. The rivets relieve the shear 
in the web plate by one-half their bearing value, thereby 
reducing the shear in the net section by thiB amount. The 
section through rivets on line e-d equals one-half of 1.73 of 
that on line a-b, but the shear is reduced by only one-quarter 
of the bearing value of the rivet. 



The above opinion would tend to show that the 
gross section might l>e used, but as before, no allow- 
ance is made for loose rivets and also the punching of 
the web should be restricted. An important point 
is that the flange has a vital influence on the dis- 
tribution of shear, as indicated in Fig. 81. The 
exact value can be calculated only by the formula 
given, while the use of the gross area as the effective 
area produces an error which decreases the factor 
of safety. Using the net area also produces an 
error, but this is on the safe Bide. Accordingly, 
the authors recommend using the net area as the 
effective area of the web. This is advisable since 

* Engineering News Record, June, 1988. 
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bhe designer usually does not control the del 
rhe formula may then be expressed as 



aximum vertical shear — 130,000#. Allowable shearing 
stress 12,000#/a" on net section. 


V 

v = - — 9 in which (S-19) 

Awn 

V «the maximum external vertical shear in #, 
Awn * the net area of the web plate in and 
v “the average intensity of shear in #/□" 
The common assumption is to consider the net 
area of the web as three-quarters of the gross area. 
A representative case corresponding to this would 
be the use of 1" rivet holes (theoretical allowance 
for J" rivets) 4" o.c., for the depth of the web plate; 
ducting the holes to get the net section, — 1" 
out of every 4" would be lost. This case is not far 
from the average where stiffeners are used at end 
supports or where the shear is heavy, such as at 
Boor beams or at column connections. 

Prof. C. M. Spofford in his “ Theory of Structures ”* gives 
3everal illustrative examples showing the variation produced 

V • Q 

in the shear by the use of q =* - — 7 and that by assuming 

b • I 

bhe shear uniformly distributed on the net area. These cases 
ihow that the error introduced by using the approximate 
method is usually less than 10%, and on the safe side. 

In view of many tests which have been made, it 
is not unreasonable to use 12,000#/a" for the shear- 
ing stress on the net section.! 


Net area required — Awn * -- =■ «= 10.82D" 

Gross area « Aw - i Awn - } X 10.82 - 14.43d" 

Thickness - t - ^2. _ ili? _ 0.30" 
h 48 

Try 48 X A H. 

In order to obtain a reasonable spacing of rivets 
in the flange angles, it may become necessary to 
increase the thickness of the web plate, as calcu- 
lated in the above illustrative problem. This sub- 
sequent change is often required in order to obtain 
an economical bearing value for the rivets. Also 
a more economical arrangement of stiffeners may 
be obtained in certain cases if the web thickness is 
increased (Art. 59). 

Illustrative Prob. 45b. Dctcrmino the Mize of web plate 
for a maximum vertical shear of 200,000#, depth limited to 
5'-0"±. Use 12,000#/n" for the allowable stress. L =» 
50'-0". 

. _ 50 

" .005 X 60 + 0.543 “ 

A L - 00" Use 00" web plate. 

Awn = — ^ - 10.7a" { X 10.7 = 22.2n" 

14,000 

99 9 

- 0.37" Use 00 X i web plate. 


Illustrative Prob. 46a. What size of web plate should Prob. 45c. Select a web plate for a plate girder to span 
3e used if the girder is limited to a depth of 4'-0"=fc? The 7(J'-0" uud carry a maximum vertical shear of 300,000#. 


Section 5c 


THE FLANGES 


16. Methods Employed in the Design. 

Heretofore in the design of steel beams, the 

,s • I • 

lexural formula M = 

c 


has been used. For plate girder work this formula 
is not deemed by all to be the most convenient form 
bo use and it can t>e varied in application, but still 
embodying the same principles. There are various 
uethods of such design used as enumerated below. 


MOMENT OF INERTIA METHODS 

(1) The moment of inertia of the gross 
section! may be used in the above formula. 
There is no practicable objection, but the 
method is not theoretically correct. The reason 
for this is that both flanges are usually made 

* 1st. Edition. John Wiley Sc Sons, Tno. 

t Also the specification of the American Society of Civil Engineers, 
1023. 

t Used by the American Bridge Co. for the design of plate girders in 
wildings. 


the same in cross-section while they do not 
have the same strength, one being controlled 
by buckling, the other by its net section resist- 
ing tension. 

(2) The moment of inertia of the net section 

may be used instead of (1). This method is 
generally considered too severe and indirect. 

(3) Using a combination of (1) and (2), the 
moment of inertia of the cross-section may lie 
based upon the gross area of the top flange 
and the net area of the bottom flange. A more 
exact result than in either of the first two 
methods is obtained, but the calculations are 
quite involved. 

FLANGE AREA METHODS 

(4) The bending moment is assumed to be 
carried entirely by the flange propcr.§ This 
procedure is sometimes called the chord stress 

ft This method of design it required by the New York City Budding 
Code. 
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method, and it is relatively simple in appli- 
cation. 

(5) Method (4) may be used, except that 

one-eighth of the gross area of the web is con- 
sidered available as flange area.* 

The first three methods are more accurate than 
the last two mentioned, but they are more laborious 
to use, and are usually replaced by a flange area 
method which is slightly less accurate but much 
more convenient and direct in its solution. The 
main point of distinction between the two major 
groups is that the first deals directly with the fibre 
action, while the second assumes that the tension 
and compression are uniformly distributed over the 
respective flanges. There are limitations of the 
flange area method, however, where the error is 
reasonably small. Shallow girders with several 
cover plates should be designed by the moment of 
inertia method as other methods will give flange 
areas which are too small. 


DESIGN * OF BEAMS 

** 83, let 


i 


the total moment of inertia of the Whole 
gross section about the neutral axis, 
the moment of inertia of each gross flange 
area (.4/0 about its own center of 
gravity. 

the moment of inertia of the gross web area 
(Aw) about the neutral axis, 
the effective depth of the girder, or the 
distance between the centers of gravity 
of the flange areas. 

the thickness of the web in inches and, 
the depth of the web plate in inches. 

From the basic definition of moment of inertia m 
mechanics, 7 0 = / + Sa • d 2 , 


Iw 
d, = 


t = 
h 


1 *■ 2 Ip + 2 Ap 


(!)' 


+ Iw 


I = 2 If + 


Ap ' dc 


t • ft 8 
12 ' 


Mr. R. Fleming! gives an interesting table of comparison 
for the moments of resistance of various plate girder sections 
calculated according to different methods, showing that the 
perccntygeH of difference are not large. Prof. C. M. SpoffordJ 
gives several illustrative problems showing the comparative 


6*1 

results obtained by the use of M * and the flange area 

c 


method for representative types of girders. The errors given 
in these problems vary from \ of 1% to 4%, averaging about 
2%, on the Bafc side for the flange area method. 


The method of using $ the gross area of web as 
available flange area seems to be the most popular, 
and the authors recommend it as the most reason- 
able and feasible to use. From Prof. Spofford’s 
problems just mentioned, it seems that this method 
makes the best approximation to the exact method. 
It seems reasonable that the portion of the web 
confined between the flange angles should be counted 
upon as resisting some bending. However, some 
designers prefer to cut the J web allowance to yts 
or tV 

After the flange section has been definitely 
established, the moment of inertia may be cal- 
culated and the extreme fibre stress found by an 


8 • I 

application of M = . This stress should be 

c 

within the allowable limit. 


The moment of inertia of the 
flange about its own center of 
gravity axis is very small 
compared with the other 
moments of inertia and may 
be neglected without undue 
error. In any case this error 
is on the safe side. Then 

T = Ap ' 4. { I h * 

2 12 



Fig. 83 


Let d = the distance out to out of extreme 
fibres, and 

c = the distance from the neutral axis to 
the extreme fibre. 


Ap • d e 2 t • A 3 

I 2 _ Ap-d,* t-h* 

c d d 6d 

2 

I M 

But - = — from the flexural formula. 
c s 


Substituting, and solving for Ap, 


M -d t-h*-d 
8 • d t 2 6 • d * d $ 2 


47. The Flange Area Formula. 

The theoretical formula based upon the flange 
area required may be derived in the following 
manner: 

* This method is allowed In the Boston Building Code, 
t Engineering News Record. June, 1923. 

X “ Theory of Structures," let Edition — John Wiley A Bone, Ino. 


Expressed differently, 

d _ M /d\ t h/h \ » 

P s-d\d e ) 6 W’ 

The value of d e is seldom greater than h, and is 
usually smaller, as the cover plates are generally cut 
off before the end of the girder is reached. A 
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common specification already given (Art. 3' 
tha ifdt should not be greater than the distance back 

to back of flange angles. Hence ^ is assumed 

a, 

as 1. This will make the last term of the equation 
above slightly less than its true value, but since 
this term is subtracted, the error introduced is on 
the side of safety, and in any instance the latter 
term is small compared with the first term. The 
‘ d 

ratio — is also assumed as unity. The value of d, 

U e 

will always be less than d , so that this assumption 
wM introduce an error which is on the unsafe side. 
This error is larger for shallow girders with heavy 

s • I 

flanges, hence the reason for using M = in such 

c 

cases, as explained in Art. 46. This and the 
previous error would tend to be compensating. 

With the foregoing assumptions, the equation 
reduces to 


Ap 


M 

s • d e 


t-h 

6 


up only slightly, usually less than The net 
section also varies in the length of the girder. The 
neutral axis does not move up and down in actuality, 
but remains approximately near the neutral plane 
of the whole. 

Reviewing the above formula, the important 
point is that .the stress F is assumed as uniformly 
distributed over the whole flange area, and that the 
resultant is assumed to 
act at the center of 
gravity of the gross 
area of each flange. 

The distribution of 
stress has not been 
completely defined to 
give absolute proof of 
the above. The allow- 
able average unit stress 
is taken as that speci- 
fied for the extreme fibre, namely 16,000 #/d". 
Referring to Fig. 84, the external bending moment 
due to the loading is M e . The resisting moment on 
the above basis is 

M e = M t = F • d e , or * 


9 




A//I 


A 



__ 



Fig. 84 


The last term — - , however, Ls a fraction of the gross 
b 

area of the web. To carry out the assumption of 
the net area of the web as in Art. 45, } the gross 
area is assumed as the net area. Hence, 


and 


IX 


Ap = 


t • h _ / • h 
~6 ~ 8 ~ 
M t-h 

S - de 8 


Tension cannot be transmitted through rivet 
holes and the net section must, therefore, be used, 
as the tension flange then controls. If A™ = the 
net area of the flange, the formula finally becomes: 


Apjf 


M t-h 

S - de 8 


($-20) 


This replaces Ap by Afn and disregards the incident 
movement of the neutral axis. The section is con- 
sidered solid, and the neutral axis one-half way 
between the top and the bottom of the girder, but 
the holes in the tension flange (if considered only) 
tend to shift the exact location of the neutral axis 
up from the center, diminishing the value of /, and 
increasing the distance from the neutral axis to the 
extreme fibre. This helps to overcome the error 


introduced by the assumption, 


de 

d 


1. Test calcu- 


lations have shown that for a section through a 
maximum number of rivets, the neutral axis moves 


F 


Afn 


= the flange stress 
de 

F 

allowable tensile stress ’ 


($-21) 


The external bending moment can be obtained 
from the loading diagram. The dimensions of the 
web plate, t and h , are established from the shear 
calculations (Art. 45). Since the makeup of the 
flange Ls not established at this time, the correct 
value of d e is not known, and a trial value of d e must 
be used. The best approximation to the exact value 
is to assume the effective depth equal to the depth 
of the web plate.’ 1 ' With such data, Afn can be 
found and the makeup of the flange determined. 
The assumption will give a flange area slightly too 
large, and in selecting the makeup of the flange, 
this may be considered. 

Illustrative Prob. 47a. The maximum bending moment 
= 1,250,000"#. Web plate 48 X ». Tensile stress - 
16,000# /□". Find the required net flange area. i Aw 
available. 

F - ^ - 1,250,000 X 12 _ 3J2 goo# flange stress. 
dt 48 

Area required - — ^ - 10.530" 

l gross area web = 48 X 3 X i = 2.25 

Afn - 17.28a". 

If no allowance hod been made for the web plate, 19.530" 
would have to be used for the flange section proper. 

* F. A. Dufour uses the following Resumption: b. to b. of if — 2" — d 
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It becomes necessary to make allowance for the 
rivet holes in the tension flange. There is no hard 
and fast rule for doing this, but a reasonable approx- 
imation may be made. It is seldom necessary to 
take more than three holes out of any flange angle or 
cover plate, and often the number may be less, as 
all the holes are not apt to occur at the same section. 
However, it is necessary to consider whether a 
zigzag section through the holes will give a less net 
area (Art. 48). In any case, a liberal allowance 
should be made so that the design will not have to 
be revised when a close spacing of rivets is required. 
Since it is more or less confusing to determine how 
many holes to take out to get the net section, the 
following rules of thumb are given as a guide (Fig. 
85): 



OF HBjflf S ' 

Minimum Stagger of Rivets to Maintain Net 
Section. 

When rivets are driven in two or more lines, and 
it is desirable to keep the net section a maximum, 
the rivets must stagger 41 a sufficient distance so that 
only the minimum number of holes need be taken 
out. Past experiments tended to show that a 
failure would not occur on a zigzag line which had 
a net area larger than 30% of the section across the 
member. Recent experiments show that the prob- 
ability of rupture is the same in either of the direc- 
tions shown in Fig. 86 (a) when the net areas are 
equal. The old conclusion has been abandoned in 
modern practice and the minimum stagger is based 
on making the distances equal. Consider the angle 
in Fig. 86 ( b ) where one leg is developed into the 


(1) Single line of rivets or two lines of rivets 
staggered, (a) or ( b ) — each angle — 1 hole out. 

(2) If connections to angle occur (such as 
lateral brucing) — each angle — 1J holes out 

W- 

(3) Flange angles with cover plates, if one 
row in each leg of angle — each angle — 1 hole 
out (d). 

(4) Flange angles with cover plates, if two 
rows in each leg of angle (e) — each angle — 
2 holes out. 




Fig. 85 





(C) 


Fig. 86 


The diameter of rivet to be used is fixed by 
practical considerations, that is, to get a rivet which 
shall have a strength in proportion to the size of 
girder. Obviously the smaller the rivets, the closer 
their spacing to develop the strength of the parts 
connected. On the other hand, the larger the rivet, 
the more the area which must be deducted to obtain 
the net section. The lower limit of size is somewhat 
governed by the fact that the spacing should not be 
less than three diameters of the rivet, and the upper 
limit by the maximum spacing of 6". The cost of 
punching also increases with the size of the holes. 
The size of rivets generally employed is 1" for the 
smaller girders, and for the larger girders, with 
1 " rivets for extreme cases. 

Prob. 47b. Determine the net section required for a 
maximum bending moment of 2,500, 000"#. Tensile stress 
— 16,000#/ Web plate 60 X A* No allowance for web 
plate. 


plane of the other so that A equals the sum of the 
two gauges minus the thickness of the angle. This 
also corresponds to a plate with two lines of rivets 
in it, a distance A apart. The steel may rupture 
along the line 1-2-3-9-7-8, or along the line 
1-2-4-5-9-10. These distances must be equal if 
the resistance along each line is to be the same. 
Let d equal the diameter of the rivet plus (the 
usual allowance for net section). Then 

1-2 = 1-2 and 7-8 = 9-10 by inspection. 

Hence 3-7 must equal 4-5. 

3-7 = A and 4-5 = C-d. ButC = VA 1 + B*. 

4-5 = V A* + B 2 — d m 3-7 = A, 
or A = V A* + B* — d 

A + d - V~A * + B*. 


* Sometimes called chain riveting. 
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Squaring both sides, 

A* + 2 A • d + d? ** A* + B\ or 

' r ^~B — V2.4 *d + d* = Minimum stagger (<S- 22) 

(One hole out). 


Substituting 


A —d 

A +d 


VA* + B*- 2d, 
VA * + fi*. 


This also applies to Fig. 86 (c) for rivets in two 
gauge lines of one leg only. The distance C, how- 
ever, must conform to the requirements of minimum 
center to center distances. 


Squaring both sides, 

A 2 + 2 A • d + d 2 = A 2 + B 7 t 
or B = V2 A d + d 2 (as before). 


Illustrative Prob. 48a. In a 31 X 31 X i angle (2J" 
gauges) what distance can B be made to maintain a net 
section of one hole out for J" rivets? 

2i + 2i - 1 * 4" - A d - | + 1 - i" 

4* B - V2 A • d + d* - V2 X 4 X i + (D* * 2H". 

If the holes in the opposite gauge lines of such an angle 
were closer than 2f}" on centers, the net section is deter- 
mined by deducting two holes instead of one. If B = 2 ft" 
or more, only one hole need be deducted. 


The cases shown in Fig. 87 (c) are similar and the 
same formula may be employed. It may also be 
used for plates, when A is the distance between the 
rivet lines. Table 26 gives values of B for varying 
values of A t based upon the above formula. For 
rivets, the values given for rivets may be 
reduced i". The values for 1" rivets may be ob- 
tained by adding J" to those for J" rivets. 



<y * 


Fig. 87 


TABLE 26 

MINIMUM STAGGER OF RIVETS (B) TO 
MAINTAIN NET SECTION 
Dimensions in Inches 



r 

p/vet 



• 

» Rivet 


lfivot 


lfi vet 

A 



.1 





B 

B 


B 

H 

1 

is 

15 

5 

3i 

ft 

3ft 

U 

11 

2 

51 

3 

; 

3 

2 

2* 

21 

G 

3 

; 

3j 

21 

3 

21 

2ft 

It 

61 

7 

3 

3 


3 i 

31 

31 

2 n 

29 

71 

3i 

! 

4 

4 

21* 

3 

8 

3! 

; 

4J 

41 

2\i 

3 ft 

81 

4 


4} 


in any ettse, the center to center distance between 
rivets in one plane must meet the minimum require- 
ments of 3 diameters of the rivet. 


Illustrative Prob. 48b. Given a 6 X 3} X 1 
angle with gauges in the 6" leg 2\" and 2b", 
and in the 3J" leg 2J". Check the value of 
B in Table 20 to maintain a net section of 
2-|" rivet holes out. Figure 88 (a). 


Consider the angle in Fig. 87 (a) and (6), one 
leg of which is developed into the plane of the other, 
as before. Here A equals the sum of three gauges 
minus the thickness of the ungle. The steel may 
rupture along the line 1—2— 3— ^-5— 6, or along the 
line 1-2-7-8-9-10-11-12. 

1-2 = 1-2 and 4-5 = 11-12 by inspection. 

Then (3-5)-d must equal 7-10 if the zigzag line 
is to just maintain two holes out only. 

A— d-C — 2d. 

C = VT* + B\ 


2) + 2} + 2i - 5 = 61" = A d- 1 + 1 = 1" 
I) « V2 A • d + = V2 (61) X 1 - (D* = 35". 





But 


Fra. 86 
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Prob. 48c. What is the maximum allowable tension^ 
that the angle in Fig. 88 (6) can sustain at 16,000#/a"? 
J" rivets. 

Prob. 48d. What is the maximum allowable tension that 
the pair of angles in Fig. 88 (c) can sustain at 16,000#/a"? 
I" rivets. 

Prob. 48e. What is the net section in Fig. 88 (d)? Is 
the spacing of rivets center to center satisfactory? 


.Tb^^bification is given to protect against the 
mbkling of thin plates as indicated in an exagger- 
ated way in the figure. For widths of plates ^ex- 
ceeding the above specification, Mr. R. Fleming 
suggests the following*: 

SPECIFICATION CLAUSE 


49. Practical Requirements for the Flange Parts. 

Some of the common combinations of angles and 
plates to form the flanges of girder sections are: 


4X3 1 1 — noC.Pl. 

5 X 3$ £ — no C.P1. 
5X3£li— 12" C.P1. 

6 X4 LL — noC.Pl. 
6X4 II— 14"C.P1. 


6 X 612 —noC.Pl. 

6 X 6|£ — 14" or 16" C.P1. 
8 X 812 — 18" or 20" C.Pls. 
8 X 811 — 2or4-6 X4l» 


These follow in general the recommendations dis- 
cussed in Art. 37. The maximum thickness of 


Width of Cover plates to have their full sectional area 

Ha**” included in flange section shall not project be- 

(Alternate) y 0n( | the outer line of rivets more than 6" or 
more than eight times the thickness of the thin- 
nest plate. Cover plates exceeding these limits 
not more than 50%, may have one-half the ex- 
cess section included in flange section. No part 
of a projection beyond the outer line of rivets 
more than 9" or more than twelve times 1j)fi 
thickness of the thinnest plate shall be considered 
as part of the flange section. 

Illustrative Prob. 49a. Make up a flange section to sup- 
ply the net area of 17.280" from Illustrative Prob. 47 a. Use 
l" rivets. As a guide the flange angles should constitute 
approximately one-half of the flange area (Art. 37). 


plates and angles should be limited by the rivets 
(Art. 23). Some designers sot a limit of j" thick 
for any case. 

SPECIFICATION CLAUSE 

Minimum The minimum thickness of angles without 

Thickness cover plates shall be not less than 1/12 the width 
of the outstanding leg of the angle. 


i X 17.28 = 8.640" 
ft Pwi 

For one angle * 4.320" 

Gross area 6 X 4 X i L - 5.80 
2 holes out 

1X1X2- _L09 
4.77 
2 



The thickness of cover plates should preferably 
be nearly the same as that of the flange angles. If 
more than one plate is used, all should be of the 
same thickness, or diminish in thickness from the 
flange angles outward. The latter is not necessary 
but is the usual practice. Some engineers believe 
that if the thinner plate is placed next the flange 
angles, greater economy will result, especially where 
it is desirable to use a full length plate. The 
minimum thickness should be f ", as thinner plates 
will control the number of rivets because of their 
low bearing value. The minimum number of plates 
should be used in order to avoid extra punching and 
handling. 

The widths of cover plates should be kept in even 
inches and preferably in multiples of 2", as stock 
plates are nearly always carried in these widths. 
They should be made wide enough to project 
slightly beyond the toes of the flange angles but 
preferably not more than 2". The maximum width 
is sometimes limited by the architectural details 
of ceiling work. 

SPECIFICATION CLAUSE 

Width of The projection beyond the outer line of rivets 

Pistes shall not exceed eight times the thickness of the 

thinnest plate, nor be greater than 5" (Dis- 
tance n in Fig. 89). The distance between 
lines shall not exceed thirty times the thickness 
of the outer plate (Distance m in Fig. 89). 


9.54 Fig. 89 

Area still to be supplied — 17.28 — 9.54 « 7.640" 

Try 14" C.H. 

Gross area 14 X f - 8.75" 

2 holes 1X5X2 = JL09 

7 .66" Try 2 l! ft X4 X { 

O.K. 1 C.P1. 14 X S 

In determining a section, it is good practice to make a 
sketch and label the sizes, allowing for the rivet holes to be 
deducted. This will also be useful in checking up the centers 
of gravity and the value of d e - Very often structural tables 
are a material aid in selecting a section. 

Some engineers use the gross compression flange os acting 
with a stress of 14,000#/n" and the net tension flange as 
acting with a stress of 1 6,000#/ O". In theoretically check- 
ing the original assumption for the value of d e (Art. 47), 
it is necessary to determine the neutral axis of the entire 
section and the centers of gravity of the two flanges, all 
based upon a gross compression flange area and a net tension 
flange area. These calculations will theoretically be as 
follows: 

Original assumption of d € = 48.0" (depth of web plate). 

Center of Gravity of Entire Section. (Fig. 90.) 

Acg a 14 X 0.625 =* 8.750" (gross plate area in com- 
pression flange) 

Aag ** 2 X 5.86 = 11.720" (gross angle area in com- 
pression flange) 

Aw =» 48 X 0.375 = 18.00 (gross area of web plate) 

Acn * 8.75 — (2 X J X f) ■■ 7.660" (net plate area 
in tension flange) 

* From an article in Engineering News Record, June 14, 1923. 
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Aan 

At 


SAf*-* 


Vo 


11.72 - (4 X I X I) - 9.540" (neif ui| 
in tension flange) 
total active section of girder (gross area of 
compression flange + gross web plate + net 
tension flange) 

8.75 X 0.313 + 11.72 X 1.65 + 18.00 X 24.87 
+ 7.66 X 48.10 + 9.54 X 49.44 - At • Vo* 

1300.06 


PLATE GIRDERS 


j 


55.67 


23.40" 


- 23.78" 


Using the net tension flange values, 

_ 9.54 X 23.22 + 7.66 X 24.56 
V> “ 17.20 

2 yt - 47.56". 

It is therefore apparent that the simple method of check for 
this work may be based upon gross areas, and when the web 
allowance is included,! the resulting resisting moments will 
compare very favorably with the maximum external moment, 
as follows: 



Fio. 90 


Center of Gravity of Compression Flange . 


2A/*-x 

yi 


8.75 X 0.313 + 11.72 X 1.65 
22.06 
20.47 


1.08" 


Apg * Pi 


Center of Gravity of Tension Flange . 

S Mjrx = 7.66 X 48.10 + 9.54 X 49.44 - A FN • y% 
840 


Pa 


17.20 


48.8" 


d e (actual) .= p* — pi = 48.8 — 1.08 = 47.72" 
d e (assumed) = 48.0" 

Afg - 20.47 4- { Aw - 20.47 + 2.25 - 22 . 72 n" 
A pn = 17.20 -f l A W * 17.20 4- 2.25 - 19.45D" 


Resisting compression moment, 

M rc - Afg X 14,000 X 47.72 = 15,180,000"# 

Resisting tension moment, a 

M r t - A FN X 16,000 X 47.72 - 14,860,000"# 
A/max - 1,250,000'# = 15,000,000"#. O.K. 

From the above analysis the following usual practice will 
seem reasonable. The neutral axis of the entire girder sec- 
tion is assumed to be at the center of gravity of the web 
(except when the two flanges are of unequal gross area). The 
center of gravity of the compression flange, based upon its 
gross area and exclusive of any web plate allowance is then 
established with relation to the neutral axis of the girder. 
The effective depth is then two times this distance and should 
be approximately equal to the assumed effective depth. 

Thus for the same case as above analyzed: 

m 2 X 5.86 X 23.22 4- 14 X 0.625 X 24.56 _ „ 

V< “~ 2 X 5.86 + 14 X 0.625 " ' 

2 7e - 47.48", 


* In calculating the moment of the individual parte of the tension 
flange, the not section has been used, but the individual centers of gravity 
have been assumed as practically unehanged. The distance j/o is that to 
the neutral axis from the plane x — x in Fig. 00. 


M $ (max) » 15,000,000"#, 

M rc » 22.72 X 14,000 X 47.48 - 15,100,000"#, 

M rt - 19.45 X 16,000 X 47.56 - 14,800,000"#. 

The question of the accuracy to which calculations 
should be carried again is important. The errors 
introduced by rounding off the figures may be 
considered as negligible, for they will more or less 
compensate each other. Therefore the following 
limits are suggested: 

Values of d t to the nearest 0.1", 

Values of net areas to the nearest 0.10". 

Prob. 49b. Select the angles and cover plates necessary 
to furnish the net section required in Prob. 476. Calculate 
the location of the center of gravity of the flange. Does it 
conform to specifications? Does the section selected supply 
sufficient gross area in the compression flange at 14,Q00#/a"? 

Prob. 49c. Select the angles and cover plates necessary 
to furnish a net section of 38.7 n ". 

60. Special Considerations for the Compression 
Flange. 

So far, the discussion of the flange area has all 
been referred to the tension flange mainly. Usually, 
however, the compression flange is made the same 
in section as the tension flange for the practical 
reasons of keeping the girder symmetrical, re-use 
of templates in punching holes, and so on. If it 
develops that such a compression flange should be 
increased for one reason or another, the tension 
flange may be increased the same amount to main- 
tain symmetry, or special parts may be added 
to the compression flange only, to care for the special 
stresses involved, as shown in Art. 38. 

It is customary to make no reduction for rivet 
holes in metal in compression. The assumption is 
that the rivets, being driven hot and under pressure, 
completely fill the holes. Loose rivets, hard driven 
rivets, and those through thick material would not 
completely satisfy the condition, but the assumption 
is practically always adopted. 

If the top flange is laterally unsupported (except 
in cantilevers), the compression on the gross area of 
the flange may be excessive, as the stress is increased 
by sidewise bending (Art. 11). In building con- 
struction, girders are usually braced laterally within 
this limit by beams framing in, plank floors, concrete 
slabs, tie rods, and so on. 

t Thia area ia aaaumed to act at the center of gravity of the flange. 
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Limits of 
Unbraced 
Spans 


Girders 

Laterally 

Unsupported 


SPECUrXCA«f05 CLAUSES 

Plate girders' shall be stayed transversely 
where the unsupported length exceeds thirty 
times the breadth of the flange. If not stayed, 
the allowable expression must be reduced. 

The compression stress in girders laterally un- 
supported shall not exceed the value obtained 
by the following formulas:* 


18,000 - 200 £ (‘5-23) 

0 

(not to exceed 1 4,000) 

where the flange is made up of angles 

only, or angles and cover plates. 

8 U « 16,000 — 150 ~ where the flange is made 
b 

with a channel, or there is metal con- 
centrated at the extreme fibre. 


These formulas are simply a modification of the 


column formula 10,000 


70 - . The term 70 - is 
r r 


changed to 150 \ or to 200 \ (Art. 11). Some 

b b 

engineers prefer to keep the compression in any 

girder flange within 10,000 — 150 - for reasons of 

b 


safety.* The constant 150 is used because the web 
and stiffeners help to prevent the compression 
flange from acting as a simple column. Another 
test is to figure the flange as a column of a length 
equal to one-half the span. 

Other formulas used arc: 






19,000 — 250 1 ^ without cover plates 
b 

19,000 — 225 1 ^ with cover plates 
b 


maximum 

16,000#/n". 



would not be safe if the girder were laterally 
Imported. » 

Prob. 60b. If the girder in Prob. 496 were latently 
unsupported, what gross area would bo required in the com-* * 
pression flange? Make up a flange seotion. What conclusion 
do you draw relative to unstayed girders? 


51. Deflection. 

The deflection of a plate girder cannot usually 
be calculated by the formulas for ordinary beams, 
because the member very often has a vary- 
ing moment of inertia, as the cover plates may 
be cut off at various points. The usual deflection 
formulas are based upon a constant moment erf 
inertia, so that when the section is not constant, 
the method of determining the deflections must be 
modified. 

An approximate solution may be made by using 
a moment of inertia, J, 
which is equal to about } 
the average of the mini- 
mum 7,|| — which occurs 
at the end of the girder, 
and the maximum 7, — 
which occurs at the point 
of maximum moment, in 
the usual deflection for- 
mulas. If the loading is 
a combination of uniform 
and concentrated loads, 
the total equivalent uni- 
form load may be used in 
the corresponding deflec- 
tion formula for an approximate solution. 



If stiffeners are used with a spacing not greater than the depth 
of the girder, 

s u = 19,000 — 225 7 ^ without cover plates 

b maximum 

Hu - 19,000 - 200 j/ with cover plates 10,000#/o".§ 
o 

Illustrative Prob. 60a. W^at is the inteasity of com- 
pression in the section of Illustrative Prob. 49a? =» 16,000 

— 200 7 . Is it safe? L = 50'-0". 

b 

F - 312,500# (from Prob. 47a) 
gross area - 2 X 5.86 + 14 X 0.62 * 20.47D" 

«« “ = 15,250#/d" actual 

20.47 

200 X 50 X 12 

8u * 16,000 — »= 7440#/n" allowable. 

14 

* American Railway Engineering Association. The constants 200 and 
150 are used l»e cause the flange is partially brnned by the web and also 
because the girder is not fully stressed over its entire length. 

f Engineering News Record, Feb. 24, 1021. 

t Engineering News Record, June 24, 1023. 

{ The question of the compression ii) flanges laterally unsupported is 
not definitely settled, os the above range of formulas would indicate, but 
some provision should bo made, using good judgment acoording to the 
surrounding conditions. 


Illustrative Prob. 61a. Determine the approximate value 
of the maximum deflection for a plate girder carrying a load 
of 5000# /ft. on a 50'-0" span (see Art. 39). Web plate 
60 X J, flange angles 6X4X1, one cover plate 14 X J X 
37'-6", and one cover plate 14 X I X 25'-6" (Fig. 91). 


b • </ 3 
12 


for web plate 


0.375 X (60) 3 
12 


7 for 4 15 - 4 X 6.3 
A • </* for 4 L5 = (4 X 4.75) X (29.26)* 


Neglect 7 of cover plates about their own axes. 


6,750"* 

10,300 

23,075" 4 


A ■ d 2 for 2-14 X J C.PIs. 

- (2 X 7.0) X (30.50)* - 13,000 

A -rf* for 2-14 X 2 C.Pls. 

- (2 X 5.25) X (30.94)* - 10,035 

/ (total) - 40,1 10" 4 

gross. 

/min “ 23,075 

/max « 46,110 1 X 34,593 - 25,930"* 

2 1 69, 185 

34,593"* - I (ave.) 


|| The constant f is an approximation to allow for the difference between 
straight line variation and that for the usual moment curve (inverse 
proportion). 
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GIRDERS 


D - 


STT»P _ 6X(6000XfiO)XfiQX12X 60X12X 60Xl2 t*^ 
mEI 384X 30,000,000X 26,930 

D - 0.91" 




D (allowable) — 


l 50 X 12 


360 


1.66". O.K. 


A more exact solution may be obtained by using 
a graphical method.* To illustrate this method 
the data of Illustrative Prob. 51 (a) will be used. 
Fig. 92 (a) shows the funicular polygon drawn for 
the load and span, in which the half-span (25'-0 // ) 



Fig. 92 


is divided into 5 equal spaces (5'-0" each). A 
curve tangent to the funicular polygon would rep- 
resent the moment curve. The following steps are 
now taken: 

(1) Divide the diagram rstuvwx into parts 
corresponding to tho changes in flange 
section, ns 1, 11 and III. The mo- 
ments of inertia between these intervals 
arc then constant. 

* For a more extended discussion of this method, see C. W. Malcolm’s 
11 Graphic Statics," M. C. Clark Publishing Co. 


(2) Compute the area of each part in square 
feet, using the scale to which the beam 
was drawn. (Use average dimensions.) 


Area 1 
Area II 

Area 111 


6.25 X 2.76 
2 

2.75 -f 4.30 
2 

4. 3 4- 6.2 5 
2 

13.9 X 0.5 
2 


« 8.6D' 

X 6.0 - 21.20' 

X 12.75 - 07.30' 

(trapezoid) 
- 3.4 

(tri angle) 

70.70' 


approximately. 


(3) Calculate the moment of inertia of the 
girder in each part. 

From Illustrative Prob. 51a, 

/ (for part I) - 23,075"* 

/ (for part II) - 36,075"* 

/ (for part III) - 46,1 10"« 


(4) Determine tho ratio of / at each section 

to the minimum /. 

For area I, ratio = 1.00 

For area II, ratio - - = 1.52 

t 23,075 

For area III, ratio = “ 4-99. 

23,075 

(5) Lay off the moment areas to a con- 

venient. scale as in Fig. 92 (6), on 
the vertical line fgho. 

(6) Construct a horizontal line ok from o. 

Lay off Hi upon this line equnl to any 
value (say, 80H'). 

(7) Since the deflection varies inversely as 

the moment of inertiA of the section 
at the jK>int under consideration, lay 
off 

//, “ HiXy, and H, - X - 
h h 

.’. H* = 80 X 1.52 - 121.7, 
and H, = 80 X 1.99 - 159.3. 

These values locate the points 2 and 3. 


(8) Join points h and 3. Then draw 2-4, 

g- 4, 1-5 and /- 5 in their respective/ 
order and position, as shown. 

(9) Locate the centers of gravity of the areas 

I, II and III (Fig. 92 (a)). 


6.25 X i « 4.17' from ft 
d (/* + 2 b) 

3 (B + b) 

6 (4.3 + 2 X 2.75) 97fl , 

3 (4.3 + 2.75) “ 

6.25 + 6.00 - 2.78 
■ 9.47' from ft 
12.75 (6.25 +2 X4.3) 

3 (6.25 + 4.3) 

25.0 - 6.0 - 19.0' from ft 


c.g. of area I 
Area II, x 

c.g. 

Area III, x 

c.g. 

Figure 92 (c) shows these located. 


■ 6 . 0 ' 


(10) With /-( 5, 0-4 and h - 3 as rays, draw the 
funicular polygon mnopq. This repre- 
sents the deflection diagram. Scale 
the distance Y (= 10.1'). 
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D 

D 


1728 H * Hi 
E * / min 
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X intercept Y* (5-24)^*** 


Thus the deflection at the point K in Fig. 
92 (e) ia 


17 28 X 500,000 X 80 _ . Q1 „ 

30,000*000 X 23,075 


A 


1.01 X 7.5 

10.1 


0.75". 


The deflection at any other point may bo cal- 
culated by proportion, once the deflection dia- 
gram is established. Thus 


Y D 
Ki" A' 


or 


A 


p-r, 

F 


Prob. 51b. Determine the approximate value of the 
maximum deflection for a plate girder carrying a load of 
3600#/ft. on a 62'-0" span. Web plate 74 X }, flange angles 
6 X 6 X j, one cover plate 14 X 1 X 49'-0", one cover plate 
14 X i X 39'-0", one cover plate 14 X i X 28'-0". 


Section 5d 

DETERMINATION OF COVER PLATE LENGTHS 


62. Practical Considerations. 

The next step in the design of a girder is that of 
finding the length of the cover plates. The flange 
angles naturally run the full length of the girder, 
but the cover plates may be cut off at points where 
the additional area supplied by them is no longer re- 
quired for moment resistance. Some designers 
specify that the cover plate adjacent to the flange 
angles 1 should run the full length of the girder. 
This may be done for exposed girders, crane run- 
ways, and in railroad work to save the dapping of 
timbers. The plate also helps to stiffen the girder 
laterally. However, in building work one cover 
plate does not necessarily have to run to the ends, 
as the girder is generally covered by fire protecting 
materials in some manner. 

The actual lengths of cover plates should be 
r-0"=fc greater at each end than the calculated 
theoretical lengths. This allowance covers any 
slight errors in the determination of the theoretical 
length, and provides a space to partially develop 
the strength of the plate by rivets before the plate 
is theoretically required. Lengths of cover plates 
should be to the nearest foot. 

63. Methods Used. 

The theoretical lengths of cover plates may be 
determined analytically or graphically, for either 
uniform or combined loads. 

The bending moment curve for a uniform load is 
a parabola. A property of the parabola is that 
the ordinates from a fixed horizontal line vary as 
the squares of the absciss® from a fixed vertical 
line through the vertex. The maximum moment 
is proportional to the flange area, and likewise the 
moment at any point is proportional to the flange 
area required at that point. Hence the ordinates 
may be called the flange areas required. The 
property of the parabola may then be used to find 

* For a more extended discussion of this method, ace C. W. Malcolm's 
“ Graphic Statics," M. C. Clark Publinhiiig Co. 


analytically the distance from the center line of the 
span to the point where the flange area with a cover 
plate deducted will be sufficient to provide an ample 
resisting moment. In Fig. 93, 

L = the span of the girder in feet, 

Aps — the total net area of the flange, 

Acs = the net area of all the plates up to 
and including the plate desired to 
be cut off, beginning with the out- 
side plate, and 

x = the distance in feet from the center 
line of span to the point under 
consideration. 

Y 



Then 


Ays 

Ays — Acs 
and 



( Aps —Acs) 



Aps 


x 


Li /Aps — Acs 
2 * Aps 


But x is only one-half the theoretical length of the 
cover plate. 

Let L c = the length of the cover plate in feet 

= 2®. 

Then L e -L i/ — — • (S-25) 

v Aps 

To the values of L c should be added l'-O "=b for each 
end and the length expressed to the nearest foot. 
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Nllustmtfoe Prob. 08a. Calculate the length of cover- 
pkit^roquired for the following section uniformly loaded: 

» « X A Web Plate. 40'«0" span. 

M X ft X ( flange Angles 
2-14 X I Cover Plates 

Net area of 2 If (2 holes out of each) — 8.80 
Net area of 2 Pis. (2 holes out of each) — 9.18 

1 Aw - 1.64 
Aw - 19.62a" 


''scales coincide would be difficult. A simple way 
is to draw a line BR at any angle and plot the areas 
making up the flange upon it. These values should 
be plotted in order, starting with J Aw (if used), 
BS, the net area of the flange angles, ST, then the 
cover plates in order, TV, UV and VR. Join 
C and R, .Through V, U, T and S, draw lines 
parallel to CR, cutting BC. These lines will inter- 


1 , - L\ h^~ AcN . 

V afn 


nS **’- 27 - 4 

Use 1 PI. 29'-0" long. 


19.4 

Use 1 PI. 21'-0" long. 


Graphically, one-half of the span may be repre- 
sented to a convenient scale, as in Fig. 94. At the 
center line of the span, B, an ordinate representing 


the maximum moment 



w-L 2 \ 
8 / 


is then plotted to 



a fairly large scale, as the distance BC. The 
moment curve will be a parabola passing through 
the points A and C. Instead of calculating moments 



Ccpt the corresponding values of the component 
parts of the flange area at a scale coincident with 
that to which the maximum moment was plotted. 
Where these inclined lines intersect the vertical 
BC , draw the horizontal lines, as shown, to intersect 
the moment curve. These points of intersection 
determine the theoretical points where the cover 
plates may be discontinued. These distances are 
scaled off the diagram and l'-0"dh is added as 
explained above. 

Illustrative Prob. 53b. Refer to Art. 39 and Fig. 71, for a 
graphical solution for uniform loading. 


Fio. 94 

at various other points and plotting the values corre- 
sponding, the parabola can be drawn when the 
points A and C are established, by the following 
construction: 

Complete the rectangle on the sides A B and 
BC, as A BCD. Divide AB into any number 
of convenient parts as A-\ -2- 3-4-5-6-7-B. 
The more parts chosen the more accurately the 
curve may be plotted. Divide the distance 
AD into the same number of parts as A-l-2- 
3-4-5-6-7-Z). Connect C with points A, 1, 2, 
etc. Drop verticals from the horizontal line 
AB at points 1, 2, 3, etc., to intersect the 
diagonals corresponding with the same numbers. 
These intersections determine points on the 
parabola. 

Since the total net flange area, Apy, corresponds 
with the maximum moment, the next step is to 
superimpose this value (including | A nr, if used) to 
scale on the line BC, Fig. 95. To make two random 


In the graphical solution for any condition of 
loading, the moment diagram must be laid out to 
scale, as in any case. The line representing the 
variation in moment across the span in this case 
may not be a simple parabola, but will be a com- 
bination of parabolas and straight lines. Moments 
should be calculated at all the critical points along 
the span (under all concentrated loads and where 
the rate of uniform load changes), and at enough 
other intermediate points to establish the curve 
correctly.* The curve should also be determined 
for the whole span if the loads are not symmetrical 
about the center line. The total net flange area is 
superimposed on this diagram at the point of 
maximum moment in the same manner as illustrated 
for the uniform load. The cover plate cut-off 
points can then be determined as before. For loads 
unsymmetrically arranged, the points of cut-off 
would be different on each side of the point of maxi- 
mum moment, but for small differences it would 
probably be wiser to keep the lengths of cover 


* The tenth points of the span are often used as critical points. 
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plates symmetrical about the center line of the 
girder, as governed by the worse condition. Ad- 
vantages would be gained in detailing, use of tem- 
plates, and fabrication, by this uniformity. There 
are cases, however, where this is not feasible. The 
designer must exercise his judgment in this re- 
spect. 


cover plate could be determined by equating the 
resisting molnent of the net flange, includic^the 
first cover plate, to the external moment, a; "distant*"' 
from the support, taking care to deduct the moments 
of any concentrated loads. 

Illustrative Prob. 53d. Check the length of the inside 
cover plate in Illustrative Prob. 53 c (Fig. 06). 


Illustrative Prob. 63c. Determine the lengths of cover 
plates graphically for the loading shown in Fig. 06 for the 
following section: 


04/00* SfOOO'JUJO* 04/00* 


u 

7!7ie 


« . A MfM-s ueoW> 

T 

e,*jozsoo m t 



Fio. 06 


72 X h web plate J Aw - 4.50O" 

21! 8X8X1 (3 holes out each angle) » 21.18D" 

2- 12 X i flange plates (2 holes out of each) « 15.00O" 

3- 20 X 1 cover plates (2 holes out of each plate) » 15.75n" 

for each plate. 


M x 


Rx . x - - 332,500 • x 


3625 * x 9 
2 


Net section with no cover plates — 4.50 + 21.18 + 15.00 

-40.680". dt — 67.2". 

M f - Am -de-f,- 40.68 X 67.2 X 16,000 
- 44,700,000"# - 3,729,000'# 

3,729,000 - 332,500 • * - 3623 -— (M, - M x ) 

2 

** - 182 * - 2060 

s* - 182 * + (91)* - 2060 + (91)* - 10,460 
x — 91 53 =fcVTo,460 * ±102.5 
x - 11.5 

40.3 - 11.5 * 28.8 2 X 28.8 4- 2'-0"± - 59'-0". 

(Compare with Fig. 97.) 

In a similar manner the computations may be carried out 
for the other plates. 


Figure* 97 shows the graphical solution. Compare with 
Table 27. liefer to Art. 76 and Fig. 130 for another typical 
solution. 



No definite formula can be used for an analytical 

solution for varied loading. The solution involves 

a quadratic equation. The resisting moment of 

the flange section without any cover plate, using the 

proper effective depth, should first be calculated. 

This value is then equated to the general expression 

for the bending moment at any point, x distant from 

( w • x^\ 

M s — Ri • x — ) . The value 

of x as determined will be the theoretical distance to 
the point where the first cover plate should start. 
If the value of x were greater than the distance to 
the first concentrated load,, the general equation for 
the moment would have to be adjusted and solved 
again. In a similar manner the length of the second 


The above solution is at times varied to avoid 
quadratics. In this method the first step is to 
calculate the moments along the girder at intervals 
sufficiently close to obtain the desired accuracy. 
These should be tabulated, as shown in Tabic 27, in 
thousands of foot-pounds. Then, 

I _ M in inch-lbs. 
c 16,000 ’ 

7 _ M in ft.-lbs. X 12 
c ~ 16,000 ’ 

7 _ “ x ” thousands of ft.-lbs. X 1000 X 12 
c ~ 16,000 ' ° r 

- = 0.75 (“ x ”). 
c 

The second column can be made by multiplying 
the values in the first column by 0.75. Also, 

Afn = - + d e . 
c 

The values of d 0 should be tabulated in the third 
column. Where there are no cover plates, the 
effective depth may be established from the known 
flange section. This value may be used until it is 
known that a cover plate becomes necessary. Then 
the new value of d e may be used (with one cover 
plate) until the second cover plate is required, and 
so on. The fourth column may be established by 
dividing the values in the third column by d e . 
When this is established part way, it may be com- 
pared with the net flange area without cover plates 
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TABLE 27 




ANALYTICAL SOLUTION FOR COVER PLATE 
LENGTHS — COMBINED LOADING* 



1 

2 

3 

4 

A (Actual Areas) 

Pt. 

1000'# 

Li 

c 


Aj vcQ" 

. Af”# 

ANC ’rz 

M, 

657 

403 


7.0 


Mi 

1301 

975 


13.9 

4.50 — J web 

Mt 

1030 

1447 


20.6 

Mi 

2544 

1910 

64.6 

27.2 

21.18 - 2fi. IS 

Mn 

3144 

2360 


33.6 

15.00 - 2fl. Pis. 

Mu 

3720 

2800 


39.0 

40.68 

Mu 

4300 

3220 


45.9 

15.75 — 1 cover PI. 

Mn 

4856 

3640 

67.2 

51.8 

56.43 

Mu 

5402 

4060 


57.7 


M n 

5025 

4440 

69.0 

63.2 

15.75 = 1 cover PI. 

M„ 

6207 

4720 

67.3 

Mu 

6632 

4960 


70.6 

72.18 

Mn 

6943 

5200 


74.1 


Mu 

7261 

5450 


77.6 


Mn 

7532 

5650 


80.4 


Mu 

7722 

5780 

70.4 J 

82.3 


Mu 

7841 

5880 

83.8 


Mn 

7031 

5950 


84.7 

15.75-1 cover PI. 

M u 

8083 

6060 


86.4 

JW«.» 

8155 1 

6110 1 


87.5 

87.93 


72 X i web PI. 2 15 8 X 8 X J (3 holes out each angle) 

- 21.18a". 

2- 12 X i flange plates (2 holes out of each) * 15.000". 

3- 20 X I cover plates (2 holes out of each plate) - 
15.75a 9 for each plate. Span 80.7'. 

Top cover PI. can be cut off between the 24' and 26' points, 
interpolate for exact length 24.8-f '. 

2nd cover PI. cut off between 16' and 18' or 17.6' exact. 
Bottom cover PI. cut off between 12' and 14' or 12.25' 
exact. 


Length 

of 


top cover PI. 80.7- (2X24.8 )+2«33.1' say 33'-0". 
2nd 44 “ 80.7- (2X17.6 )+2-47.5' say 47'-6". 
bottom 41 44 80.7 — (2X 12.25) +2 * 58.2' say 58'-6". 


to note where the value in this column exceeds the 
value of the available flange area. It is evident 
that to supply area enough beyond this point it is 
necessary to add a cover plate. This procedure 
may be carried on for the other cover plates. It will 
be close enough to interpolate the length between val- 
ues of the moment tabulated, as shown in the table. 

The selection of the method to use depends upon 
the engineering judgment and the preference of the 
designer. For uniform loads only, probably the 
analytical solution is more direct. For simple con- 
ditions of loading, such as a concentrated load at 
the center of a span, concentrated loads at the third 
points and the like, the graphical method is short 
because the moment curve is readily established. 
The last analytical solution given has advantages in 
that no knowledge is required of the method of 
solving a quadratic equation. It is also more 
direct where there are few concentrated loads. 

Prob. 63e. Calculate the required length of the cover 
plate for the following conditions: 

Mmsa = 8,000,000'# Uniform load. 

48 X i web plate (i Aw available for flange material) 

6 X 4 X i flange angles (2 holes out each angle for rivets) 

1-14 X i cover plate (2 holes out) 

Span 40'-0". 

Prob. 53f. Determine the required length of the cover 
plate in Prob. 53e by graphical method. 

Prob. 63g. Check the lengths of cover plates determined 
in Art. 39 by on analytical solution. 

Prob. 53h. From the data in Art. 76, verify the results 
of the cover plate lengths by laying out your own moment 
diagram and obtaining the lengths graphically. 


Section 5e 

STIFFENERS 


64. The Purpose of Stiffeners. 

When stiffeners are used, they form natural panel 
points at which the pitches of rivets required to 
connect the flange angles to the web plate may be 
calculated. This is an obvious reason why the lo- 
cation of the stiffeners is the next logical step in 
plate girder design. 

Stiffeners function in the following ways: 

(1) they hold the web plate true to shape 
during the fabrication and*erection, 

(2) they prevent the web from buckling, 

(3) they add torsional rigidity, 

(4) they aid in resisting the compression 
developed by lateral forces in the top flange, 

(5) they relieve the rivets in the top flange 
when it is loaded directly, and 

(6) they reduce the web stress where con- 
centrated loads occur. 

•For Loading diagram, see Fig. 06. 


The design of stiffeners is divided into two main 
groups. There are those which are at concentrated 
loads (also at end reactions) and those which are placed 
between these points to keep the web from buckling. 
Those placed between the stiffeners at concentrated 
loads are called intermediate stiffeners. Stiffeners at 
concentrated loads or reactions obviously resist direct 
compression, like columns would, while the inter- 
mediate stiffeners act more indirectly, but neverthe- 
less are similar to small columns. The primary 
purpose of stiffeners is then to assist the web plate in 
carrying the shear so that buckling may not occur. 
They are often a convenience for beam connections. 

66. Stiffeners at Concentrated Loads. 

There are two methods commonly used by 
designers for determining the sizes of angles required 
as stiffeners at concentrated loads. One method 
involves the assumption that the load is taken by 
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the angles acting as a column; the other assumes 
that, the load is taken by the metal which is in direct 
bearing only. 

In the former of these methods there is a difference 
in practice as to what the effective cross-section 
should be. One assumption is that the metal held 
between the stiffener angles is a part of the section. 
Thus, as in Fig. 98 (a), the angles, fillers* and the 
strip of the web covered by the stiffeners may be 
considered as the cross-section. Since the stiffener 
is more or less restrained from sidewise bending 
by the rivets, the effective length of the “ column,” 
l, is assumed to be one-half of the depth of the 
girder, as in Fig. 98 (b). This is conservative, as 



Fio. 98 


in many cases the stiffener receives and discharges 
its load in increments. The only radius of gyration 
which need be considered is that at right angles to 
the web, or about axis 1-1 in Fig. 98 (a), because 
the continuity of the web plate eliminates the 
tendency of bending about the 2-2 axis. Any 
accepted column formula may be used, and the 
following one is suggested: 

p = 16,000 - 70 -• 

T 

Since l = ^ , p = 1 6,000 - — . (S- 26) 

2 r 

Illustrative Prob. 56a. Design a pair of stiffener angles 
to take a load of 65,800#. 8X8 flange angles and 72 X 1 

web plate. Use column method (/ *= ). 

For 8X8 flange L? use 6 X 34 stiffener angles (Table 28). 
Try minimum size, namely 6 X 34 X J. 

A * 3.420", Zi-i - 12.9" 4 . 

Distance “a" in Fig. 08 (a) - 2.04 + i + 1 - 3.16" 

Jo - / + A • r* « (12.9 + 3.42 X 3.16*) X 2 - 94.2"«. 

The moment of inertia of the fillers and the portion of the web 
plate about their own axes will bo neglected. 

* Some designers question the point of including the fillers as they 
are loose. However, they are riveted as much as the angles themselves 

are. 


% A - 2 X 3.42 + 2 X 3|(2 X i + 1) - 22 . 590 ' 

'-vl-v/i— 

d — 72" approximately, or l — 36" 
p - 16,000 - 7 -~~ ~ 13,530#/d" 

14,000#/d" is often specified as the maximum allowable for 
the above formula. 

P (safe load) - 13,530 X 22.59 - 306,000# 
p (actual) = 65,800# 

Hence 2-6 X 34 X $ angles are amply safe. The above 
computations should illustrate the unnecessary calculations 
for stiffener design if proper ruleB are followed. 

When the alternate assumption, that the concen- 
trated load is carried as a direct stress by the area 
only, is made, a fixed stress (13,000#/o" is common) 
may be employed and the formula 



V 


used.f It is wise to calculate the area required by 
both methods and use the larger. In the usual case 
the theoretical area of the angles required will be 



much smaller than that which must be used for prac- 
tical reasons. The angles should always provide a 
direct bearing for the section of a column which is 
superimposed upon the girder flange and should also 
have long enough outstanding legs to give the flange 
angles support (Fig. 99). The leg which is riveted 
to the web should be at least 3". The use of l * d 
is often substituted for the values used here, but in 
either case the above practical considerations control. 

t The ratio of slenderneai, l + r fe quite email in such canes,— honoo 
the use of a fixed stress. 
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-wrirtntire Prob. 68b. Design the stiffener angles for the i 
datStof Illustrative Prob. 65a by the direct stress method. 

A - - - - 5.(X$D" required, 

p 13,000 ^ 

2-fl X 3J X | U - 2 X 3.42 - 6.840" actual. O.K. 


The area in the angles only is usually sufficient without includ- 
ing the portion of the metal included between them. 


The more common method of design is to make 
certain that the stiffener angles have sufficient area 
in the outstanding legs so that the allowable bearing 
stress is not to be exceeded. It is impracticable 
to secure accurate bearing against the fillets of the 
flange angles, so that the stiffeners are generally 
beveled off at a 45° angle to prevent them from 
fouling the fillets, as shown in Fig. 100. The 
“ net ” bearing length is then the width of the 
outstanding leg of the stiffener angle minus the 


angle, as in Fig. 100 (c). While additional area is 
obtained in the bearing of the stiffener angle, the 
extra cost of the filler will usually more than offset 
this advantage, as well as the cost of grinding the 
corners. Due to the questionable bearing efficiency 
of such a combination, it is deemed wise to reduce 
the allowable bearing stress to 16,000#/n" in this 
case. 

The outstanding legs should extend as far as the 
flange angles will allow in order to properly brace 
the flange. The width of the legs adjacent 
to the web plate should be wide enough to allow 
the rivets to be driven. This is usually 3". The 
angles should be placed on fillers so that crimping 
may be avoided, as shown in Fig. 102 (c). Some 
of the common sizes of stiffener angles used are 
shown below. 
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radius of the fillet of the flange angle. The allow- 
able bearing stress in this case is usually taken as 
20,000#/d". The end of the stiffener is milled to 
secure accurate bearing. In fabrication the at- 
tempt to make both ends bear accurately often 
fails, and in detailing, the bearing end is often 
marked B.E. to make certain that the detail is not 
overlooked. 


TABLE 28 

COMMON SIZES OF STIFFENER ANGLES 


Flange Angles 

Stiffononi 

Iloris. Leg 

Thickness 

At Cone. Loads 

Intermediate 

4' 

Anv 

3X3 X i 

3 X3 X 


5 

Any 

4X3 XI 

3* X 3J X 


6 

1 * and under 

5 X 3J X i 

/ 4 X 3 X 
\5 X 3J X i 


6 

Over }" 

6 X 3} X } 

5 X 3} X J 


8 

Any 

8X6 X) 

0 X 3} X i 




0X0 X } 

0 X 0 X i 



Prob. 66d. Design a pair of stiffener angles to curry a 
concentrated load of 80,000#. 0X0 flange angles and a 
00 X i web plate. Design by the three methods and com- 
pare results. 

Prob. 55e. Design the stiffener angles to curry a column 
load of 200,000# similar to that shown in Fig. 09. Use 
direct bearing method. 


Illustrative Prob. 55c. Design the stiffener angles for tho 
data of Illustrative Prob. 55a by the direct bedding method. 

Radius of fillet of an 8 X 8 L — S" 

Net bearing length — 0 — | — 5J" =* 5.37 

Bearing area required - j = 3.29E" 
zu,uuu 

Q Oft 

Thickness of angle — — * 0.308'' 

Use 2 LS 6 X 3} X 2 for practical reasons. 

It should be obvious by comparing the three results 
in Illustrative Probs. 55a, 55 b and 55c that the 
same size of stiffener angles is obtained in each case. 
This is usual. However, the last method is the 
most conservative and the nearest to actual bearing 
conditions, and it is recommended by the authors. 

Some designers prefer to introduce a filler of a 
thickness equal to the radius of the fillet, thereby 
developing the full bearing area of the stiffener 


56. Stiffeners at End Bearings. 

As has been stated, the purpose of these stiffened 
is to receive the shear from the web and to transmit 
it to the bearing plates. The action involved is sim- 
ilar to that of the buckling at the tearing of a rolled 
section (Art. 13). Fig. 101 («) shows a common 
method of placing a pair of stiffeners at the outer 
and inner edges of the bearing plates and in 
between these points if necessary. An objection 
to this method is that the inner stiffeners in 
reality take more than their share of the load. 
A better method is to place the stiffeners over the 
center of bearing as shown in Fig. 101 (5), and to 
design the bearing plate for concentrated loading. 
The first method, however, gives a little more finish 
to the girder and is convenient when the girder is 
to be connected to the faces of columns. The 
procedure in obtaining the size of angles required 
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is the same as (hat given for other concentrated 
loads (Art. 55). 

Illustrative Prob. 56a. Design the stiffener angles in 
Fig. 101 (a) if the end reaction is 125,000#. Web plate 
60 X It flange angles 0 X 4 X i Use direct bearing method. 

Use 5 X 31 15 for 6 X 0 flange angles. 

Radius of fillet of a 6 X 6 angle — 

Net bearing length -» 5 — J = 4J" 

Bearing area required — « 6.25D" 

Thickness required ■» — 1.39" 

4.0 


concentrated loads and end reactions, or wMte 
boles must be used in the outstanding legs. Jp: tar- 
mediate stiffeners need not be milled to beaft If a 
girder is to be encased in concrete, the stiffeners 
may be cut off at the edge of the fillet of the flange 
angle. A third method occasionally used is shown 
in Fig. 102 (c). It is used principally in bridge work 
but occasionally in building girders to brace wide 
cover plates, or to offer additional lateral rigidity. 
This type of knee brace is good design, but it is 
more expensive and usually not necessary in build- 
ing work. 


- 0.35" Use 4-5 X 31 X f £ . 

4 

Prob. 56b. Design the stiffeners for an end reaction of 
332,000#. Web plate 72 X i, flange angles 8X8X2. 



Fig. 101 


67. Types of Intermediate Stiffeners. 

The relation of the stiffeners to the web plate may 
be fixed in two ways: one in which the angles are 
placed on fillers so that they may run directly on to 
the flange angles as in Fig. 102 (a), and the other in 
which the angles are crimped to offset them enough 
to produce the same effect, as in Fig. 102 (6) with- 
out the use of fillers. The first method is the more 
commonly used, as small fabricators are not always 
equipped to do crimping and the cost of such work 
usually exceeds that of the fillers, unless there is 
considerable duplication. In Europe the relation 
of costs of material and labor are different than 
in the United States and crimping is used more. 
Crimped angles are slightly more efficient in restrain- 
ing the web, but are not as trim and require more 
careful workmanship. They should never be used 
where direct stress is to be transmitted, such as at 


a f 

y-fun f i 

i \ x¥ ^f7//er 

(a) (6) (cj 

Fig. 102 

58. Practical Requirements for Intermediate Stif- 
feners. 

The stress in an intermediate stiffener is indeter- 
minate and the arrangement must be left somewhat 
to good judgment and experience, and has been 
provided for by several empirical specifications: 

SPECIFICATION CLAUSES 

When Required If the thickness of web plate is less than onc- 
sixtieth of the unsupported distance between the 
flange angles, intermediate stiffeners shall be 
used.* 

Outstanding The width of the outstanding legs of the inter- 
Lee* mediate stiffener angles shall not be less than 

2" plus onc-thirtieth the depth of the web plate. 

h t 

Expressed as a formula, w s = 2"+ " ' (S-27) 



* Another basin of requirement is that of comparing the maximum 
intensity of shear with an allowable which is based upon the Gordon formula 
and iB as follows: 




15,000 

i+-£- 

30001* 


, in which 


<i - the unsupported distance between the flange angles, and 
t “ the thickness of the wob plate, both in inches. 


If the actual shear is less than this allowable, no stiffeners are required. 

Another basis of determining whether intermediate stiffeners are re- 
quired or not, is by the use of a formula given in M. 8. Kotchum’s *' Struc- 
tural Engineers’ Handbook ” — Copyright, McGraw-Hill Publishing Co., 
which is 

v - 12,500 - flO W, in which 

H - the ratio of the depth of the web to its thiokness, and 
9 — the allowable stress on the gross section. 

If the actual web stress is less than v, no intermediate stiffeners are 
required. 

t Some specifications give 32 for the constant instead of 30. 
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above are common guides to determine the » 
de&jkfor intermediate stiffeners. In some cases, 
however, it is more economical to increase the thick- 
ness of the web plate sufficiently to eliminate inter- 
mediate stiffeners. Stiffeners obtain their greatest 
strength by having the longer legs outstanding and 
extending nearly to the toes of the flange angles. 
In this manner they also offer a better resistance 
to any lateral deflection of the top flange. The 
nearest stock-size angle, which meets the above 
requirement, must be used. The width of the leg 
adjacent to the web is determined as before (Art. 
55), and is usually 3" (Table 28). 

Illustrative Prob. 68a. What size of intermediate stiffener 
angles should be used for a girder composed of a 60 X i 
web plate and 4-6 X 0 X } flange angles? 

|) + 2 “S + 2 4 " Uso 4X3X Al!. 

Prob. 68b. What size of intermediate stiffener angles 
should be used in a plate girder composed of a 72 X I web 
plate and 8 X 8 X i flange angles? 

59. Spacing of Intermediate Stiffeners. 

Intermediate stiffeners are used to provide for the 
tension and the compression which exist at right 
angles to each other at any point in the cross- 
section of a plate girder web. The inclinations 
of these stresses with respect to the horizontal 
depend upon the relative values of the shear and the 
bending stress. Where the external shear is a maxi- 
mum and the external moment a minimum, the in- 
clinations are practically at 45° with the horizontal. 
Where the external shear is 0, and the external mo- 
ment is a maximum, the bending stress alone exists 
and the stress is therefore parallel to the neutral 
plane. It may be shown that the inclinations of 
these resultant stresses vary from one extreme con- 
dition to the other.* 

The existence of the inclined compassion has a 
very important influence on the web, having a 
tendency to cause it to buckle in a sidewise direc- 
tion. The critical point is where the shear is a 
maximum, and here the web should be restrained 
more than at points where the vertical shear has 
decreased. The web must be made thick enough 
to resist this tendency to buckle, or it must be 
restrained by the introduction of intermediate 
stiffeners. Such stiffeners should occur in pairs, as 
one placed on one side of the web would not be en- 
tirely effective in preventing the web from buckling 
and also would tend to put the connecting rivets in 
direct tension. 

There is no exact method of analyzing the func- 
tioning of intermediate stiffeners. Experiments 
have been few and inconclusive, but experience has 
shown that the methods used in modern practice 


are safe. One of the methods, which has a theoreti- 
cal basis, t is suggested here. 

Let Fig. 103 (a) represent a panel of a plate girder where 
the shear is nearly maximum and consequently the moment 
very Bmall. The inclined compression will be approximately 
at a 45° angle with the horizontal. Let d s be the clear disk 
tance between stiffeners in inches. Consider a strip 1" wide, 
the thickne8s*of which is t. 

Let I « its moment of inertia (ins.) 4 , 

r * its radius of gyration (ins.), and 
A - the area in cross section of the strip (ins.) 1 . 

The column formula which iB used as a basis is: 

£ - 16,000 -K‘-- (1) 

A r 



Since this strip is restraiued by the continuity of the web 
plate and there co-exists a web tension at right angles to the 
compression (as indicated by the arrows), which would also 
restrain the tendency toward sidewise buckling, the Htrip 
would not act like a simple column. t The constant K is 
empirically reduced from its usual value of 70 to 25f for these 
reasons, or 

^ = 16,000 - 25- . (2) 

A r 


The length of the “ column ” is restricted by the flange 
angles, and the effective length, l t will lie considered to be 

l d s V2. (3) 

Bul ,4) 
Substituting, 

d,y / 2 24 ... 

(6) 

VS 


The limit for - is set at 300.? This may seem exceptionally 
r 

high, as - is usually limited to 120 for main members and 
sometimes to 200 for secondary members in building work. 


* Ref or to any Rtandard text on Elementary Mechanics, 
f See “ Theory of Structures,” 1st Edition, by C. M. Rpofford — 
McGraw-Hill Publishing Co. 

t The functioning of an intermediate stiffener can be illustrated by 
making a cardboard model as shown in Fig. 103 (6). in which slots are 
cut as shown by the diagonal lines. If a couple is exerted on the model ns 
indicated by the arrows ” #V* strip n will tend to tighten and b will tend 
to buckle. A stiffener superimposed at c would eliminate the buckling. 
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The strip of web, however, 4oes not even act as a secondary # 
compression member. The original formula then becomes: 

P 
A 


16,000 - 26 X 300 - 8500#/a". 


stress cannot cross the web plate at 46° without being i 
cepted by a stjffener. If the stiffeners were placed fa 
apart than the clear distance between the flange a^gjKs the 
action of the strip of the web would be unaffected, and the 
stiffeners would not theoretically be of service. 


p 

This value of — approaches the value allowed for web shear 
A 

on the net section. As 


then 


t 


•fc^-300, 
“ So 


This limit is the source of the specification commonly used 
(Art. 58). Sulistituting for K and using the value of ^ 
given in (5) above, 


and 


P 

A 

V 

A 


10,000 - 25 

t 

16,000 — 120— (practically). 
t 


But -r , the intensity of compression, is equal to the intensity 
A 

of vertical shear, v. Hence 


v ■= 16,000 - 120- = ~ • 
i Awn 

• 

Solving for the spacing in the clear between 
stiffeners in inches for a given size of web at any 
point results, namely 

d, = ( 16,000 - ~) . ($-28) 

120 \ Awn / 


SPECIFICATION CLAUSE 

Spacing Stiffeners shall not be spaced farther apart 

Limits than the depth of the web plate nor in any case 
more than 5'-0". 

When the moment is large and the shear small, 
conditions do not approach the above theory, as 
the inclinations of the resultant stress lines are not 
at 45°, and the formulas apply only approxi- 
mately. When d Sf as calculated, actually exceeds 
the specification just given, the stiffeners should 
nevertheless be spaced in accordance with it. 
Some designers simply use the rule without calcula- 
tions spacing the stiffeners uniformly. It seems 
reasonable to make the spacing of stiffeners increase 
with an increment corresponding with the decrease 
in shear. The number of stiffeners required would 
be increased only slightly and they would be arranged 
on a more rational basis. The formula should be 
used for arranging stiffeners between the con- 
centrated loads. It gives the required spacing at a 
given point so that the spacing would be more, or 
less, if calculated for a point to one side of that tried. 
Accordingly, judgment must be used in the arrange- 
ment of intermediate stiffeners. It is a good policy 
to make the spacing symmetrical about the center 
line of the span if possible. This simplifies the de- 
tails and makes the stiffeners more interchangeable. 


The value of d s is usually assumed as equal to the 
distance from the gauge line of one stiffener to that 
of the next. This formula gives conservative values 
There arc also other formulas which are used, 
derived in a similar manner. One is 

d s = ( 1 2,000 - -¥-) * ($-29) 

40 \ A WN/ 

Rome designers use the specification relative to one-sixtieth 
the unHupiwrted distance Ixd, ween flange angles and vary 
the spacing according to 

1 X 
60 S s ’ 

in which S a ** the allowable intensity of shear, 
and jSj ■» the actual intensity of shear. 

This is again varied by using d s = 64 l in which S s 

« the actual unit shear in the web at the point under con- 
sideration. The use of 64 here in place of 60, as before, Is 
explained by the fact that some specifications State that 
stiffeners are required when the web thickness is leas than 
Ath of the depth between inner flange rivet lines. This 
relation has a definite connection with the spacing formula 
and the two values, 60 and 64, interchange similarly. By 
the above specifications the line of action of the compressive 


Illustrative Prob. 59a. Calculate the required spacings of 
the intermediate stiffeners at the left-hand end of the girder 
shown in Fig. 104. 

Web plate 72 X S Vmd,=J-( 12,000 - — . 

40\ Awn ) 



C'.L. of panel A assumed 8" + 1 '-4" say 2'-0" from Ri. 


V, - 324,000 - 8600 X 2 - 306,800# 
*4 ivy = I X 72 X \ - 31.2H" 

306,800) 

31.2 


ivy = j a x * — di.z'J 


34.8" 


Use 3M)". 


On the basis of the alx>ve calculation, assume C.L. of panel 
B, 8" + 3'-0" + l'-10" =* 5'-6" from Ri t as the next spacing 
certainly will be somewhat greater than the one previously 
calculated. 


* Corresponding to the Building Law of the City of Boston, and recom- 
mended for use. 


t For end stiffeners and thoee which occur at concentrated loads, see 
Arts. 55 and 50. 
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F, - 324,000 - 8600 X 5.5 - 276,700# 
0.625/ 


40 


■ ^12,000 - - 47.8" Use 4'-0". 


Assume C.L. of panel C, 8" + 3'-0" + 4'-0" + 2'-4" - lO'-O" 


from Ri 

V, - 324,000 - 8600 X 10 - 238,000# 


Use 5'-Q" on account of specifications. 


From this point on, the spacing should be 5'-0", except to 
match stiffeners already at concentrated loads. Figure 104 
shows a practical arrangement. It will be noted that the 
distance c is made 4'-6" (instead of 5'-0") in order to match 
the 22-2" dimension locating the concentrated load Pi. 

Prob. 59b. Determine an arrangement for a plate girder 
on 50'-0" span carrying a total uniform load of 5000#/ft. 
Plate girder section 60 X A web and 6X4 X} flange 
angles. Assume inside pair of stiffeners at end bearing 6" 
in from center line of bearing. 


Section 5f 


CONNECTION OF THE FLANGES TO THE WEB 


60. Design Methods. 

As the fibres of a beam of any kind, when loaded, 
tend to shear along horizontal planes, the flange 
angles of a plate girder obviously are subject to 
sliding on the web plate. This action is offset by 
connecting rivets. The exact solution involves the 
calculation of the intensity of longitudinal shear, for 
which the formula 


q • b 



or 


V-Q 

r 


the shear per linear inch, 


is used. Since this stress increases from the extreme 
fibre to the neutral axis, the plane of maximum 
shear is at a-a, Fig. 105, the inside edges of the 
vertical legs of the flange angles, although the stress 
is transmitted through the rivets at b-b. The 

statical moment, Q, used 
in the formula then is 
that of the flange angles 
and cover plates, if any, 
about the neutral axis, 
but exdudingthe portion 
of the web between the 
flange angles, since the 
stress in this part is 
carried by the web itself. 

Fig. 105 With Q and / established, 

the value of the longitu- 
dinal shear per linear inch ( q • b) may be calculated. 
This is the force tending to slide the flange on the 
web, or the rate of the increase of the flange stress 
which must be carried by the rivets in the vertical 
legs of the flange angles. If a rivet is good for “R” 
pounds, and the longitudinal shear per linear inch 
is "z” pounds, then the pitch, or horizontal distance 
center to center of rivets, is 






k- 


V 


R 


x 


Illustrative Prob. 60a. Calculate the minimum pitch for 
a plate girder .section of a 66 X A web plate, 2-8 X 8 X I 
flange angles, 2-18 X i cover plates and 1-18 X I cover plate, 
if the end reaction * 324,000#. Assume C.L. of first panel 
2'-6" from ft. Load 8600#/ft. 

Vw = 324,000 - 8600 X 2.5 = 302,500# 

No cover plates occur at this panel. 

Statical moment of ungles about neutral axis 

Q - A • d - 26.46 X 30.03 * 820"» 

Moment of inertia of whole section about N. A. 



- 13,47 It 

12 12 

, 

/ of 4 l£ «* 4 X 70.6 

- 320 

A • d* of 4 If = 13.23 X 30.93* X 4 

* 50,600 

Total 

03,390"« 


b-q 


r^.aMnoxno 

I 63,390 


The controlling value of a I" rivet 


14,430 

3050 


3.04" 


14,430 


Use 3J" pitch. 


The exact method as just outlined is cumbersome 
and lengthy, and an approximate solution is more 
commonly used, which is as satisfactory from a 
practical point of view. If the total direct stress 
in the flange were calculated for any vertical section 


wrmfi 

zzzzJ 

IMmnmnm 
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Fig. 100 


along the girder, and then at another vertical 
section, 1" from the first, the difference would be 
approximately the increase in the flange stress per 
linear inch. This would also be a lengthy task if 
carried to a definite result. 

For all practical purposes the solution could be made in 
the following manner. In Fig. 106, let 

Mi * the moment, at section 1-1, 

M 2 * the moment at section 2-2, 

V « the shear at section 1-1. 
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Mi, Mi and V bear a definite relation, which is established 
by the following calculations: 


M, 

w • L 

KB — ■ — 
2 

<« + *)-- 

(« + *)* 

2 

Mi 

w • L 

Vo -o* 


m i 

2 



Mt 

_w • L 

• a , w • L • 

x w ' a* 2 w • a • x w • x* 

2 

+ 2 

2 2 2 


(The term is negligible as it is the square of a very 

« 

small value.) 

. . w • L • a w • a* 

M ' § 2~~ 

Mt — M\ =■ W - * — — — w • a • x. 

2 

But V = y t - — — u> • a, 

2 


or multiplying both sides by x , 
L • 


w • 


and 


2 

- Af! - 
Af a = A/i + 


— 10 • fl • X 


The value of p may be substituted for the value of x, if x is 
assumed to be in inches and the moments are also in inch 
pounds. t Therefore 


« Illustrative Prob. 60b, Calculate the pitch required MS 
the data of Illustrative Prob. 60a by the approxijpltt 
method. * 


d e m 2 X 30.93 - 61.86" 

» - * 14,430 X 61.86 _ 2Q4 „ 

V V 302,600 

Use 3" pitch. 


Wlien i Aw is considered as resisting moment, it may 
also be usod in increasing the rivet pitch. The value of V 
in the above general formula is reduced by an amount equal 
to the ratio of the net area of the flange angles and cover 



SCCT/OM 


But 
and 
Substituting, 


Mj 

de 

Mi 

de 


or 


Mi « Mi + V • p. 
the flange stress at section 2-2, 

the flange stress at section 1-1. 
Mi Mi Vjj> 

de " de + d e ’ 

Mi - Mi = V • p 
d e d e 


As p was assumed to be tiie distance between two rivets, 

and ■■■ — ■ is the difference in flange stress safely carried 
de 

by one rivet, then — 1 = R (controlling value of one 

de 

rivet). 


and 




(S-30) 


in which p is in inches, 

R is in pounds, 
d e is in inches, 

and V is in pounds. 


This formula may be further explained by a 
reference to Fig. 107. In this free body diagram 
of the girder section, two couples balance each other. 
Therefore, R • d t = V • p, or 

p - (as before). 


plates, if used, to the gross area of one-eighth the web plus 
the net area of the flange angles and plates.* Thus, if this 
shear is designated by V\ 


V ' 


r ( A fn \ 
\ Afn + i Aw) 


Then the general formula becomes 


V 


R-d e 


V 


Afn \ 
Afn + i Aw) 


OS-31) 


This will mako the value of p larger than before, but only 
slightly so, and some designers do not use this calculation 
as the saving in rivets is more than offset by extra time in 
calculations (Table 29). 

Illustrative Prob. 60c. Calculate the pitch required for 
the data of Illustrative Prob. 60a if l Aw can be included 
in the flange area. 


Afn = 22.96D" 

Afn + l Aw - 22.96 + 4.64 - 27.60" 

R • de 14,430 X 61.86 

V ~y[ AEK 

\ A*k 4 - l Awl 


302,500 X 


- 3.2". 


The approximate method is quite universally used 

as the results obtained arc on the safe side and close 
enough. The actual rivet pitch used should be a 
figure to the nearest }" so that the difference is lost 
in most cases. 

There is some variance in the value used for d t in 
the formula. The theoretically correct value is of 


* The one-eighth web area is not a portion of the flange material which 
may elide upon the web plate, — hence the reason for this ratio. 
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ooove the effective depth of the girder at the point 
and i^gdviaed for use. However, a good argument 
advanced is that the rivets actually develop the 
stress and therefore the value to use should be the 
distance between the gauge lines. If there are two 
lines of rivets in the flange angle it is customary to 
use the outside gauge lines, as this distance will be 
a better approximation to the theoretical effective 
depth. Another assumption sometimes made is to 
call the value of d, the depth of the web plate. The 
following table for representative girders is interest- 
ing as a comparison of the various methods as well 
as for different values of d,.* 


he too small in many cases to have any appreciable 
effect on the pitch, and once shown to be so, the 
investigation may be neglected. Concentrated loads 
on the top flange are carried directly into the stiff- 
eners so that there is no local effect on the rivets. 


Illustrative Prob. 60d. Calculate the pitch for the data 
of Illustrative Prob. 60a if the 8600#/ft. is applied directly 
to the flange. 


8600 

12 


720#/in. 


Horizontal shear — 39 50^/in. (Prob. 60 a) 

Resultant shear - V(3950)» + (720)* - 4050#/in. 

P - 1J T^T - 3 66 " Use 3J" pitch 


TABLE 29 


VARIATIONS IN RIVET PITCH 



Moment 

Method lined 

Value of d § Used 

Case 

I 

Case 

11 

Statical Moment 
VO 

(Exact) q b = 

(Not used in this method) 

4.72" 

3.51" 


Flange to take 

Theoretical (C. of G. of 
Figs.) 

3.84* 

3.08* 

s 

entire Moment 

Dist. betw. rivet lines 

3.44* 

2.68* 



Depth of web plate 

4.05* 

3.15* 

I 

< 

i Aw used in 
Flange for 

Theoretical (C. of G. of 
Figs.) 

4.41* 

3.32' 


Moment 

Dist. betw. rivet lines 

3.05* 

2.89' 



Depth of web plate 

4.05* 

3.40' 


When a uniform load is applied directly to the 
top flange of a plate girder, the rivets must not only 



Fig. 108 


resist the longitudinal 
shear but they also must 
carry the local shear due 
to the uniform load. The 
resultant effect is found 
by combining*the longi- 
tudinal shear per linear 
inch with the uniform 
load per linear inch (o>). 
The longitudinal shear 


per linear inch is — . 


Therefore, in Fig. 108, 



A uniform ceiling load on the bottom chord may be 
treated in a similar manner. The value of o> may 

* From an article by R. Fleming in the Engineering Record, June 
14 , 1023 . 


61. Applications of the Formulas. 

It has been shown that the pitch of the flange 
rivets varies directly as the vertical shear. The 
minimum pitch, therefore, occurs near the supports 
and the spacing of the rivets gradually increases 
toward the center of the span. It is impractical 
to locate each succeeding rivet along the girder at 
its theoretical spacing, and it is necessary to use 
average values. This is done by arranging panels 
and calculating the pitch at the center line of each 
panel. When stiffeners are used, they foiyn natural 
panels (Art. 54). If no intermediate stiffeners are 
required, the tenth points of the span may be used. 

The shear, V, is calculated at the point in the 
span which corresponds to the center-line of the 
panel and is reduced to V' if one-cighth of the area 
of the web has been used for moment resistance. 
The controlling value of the rivet, It, is determined 
from its strength in shear and bearing, as based 
upon the specifications (Art. 27). The effective 
depth, d e , of the girder cross-section may be calcu- 
lated for the point under consideration. This value 
will depend upon the effect of the cover plates which 
run into the panel. If a cover plate extends over 
two-thirds or more of the length of the panel, it 
should be included in the calculations for the effec- 
tive depth. Otherwise, the calculation should not 
include that cover plate. The maximum flange 
stress for the existing section is developed when a 
cover plate ends, so that the pitch of the rivets 
required here may be only slightly, if any, larger 
than the minimum. Where a new cover plate be- 
gins, there is a redistribution of stress as the ratio 
of plate sectional area to the entire flange area 
changes. It is good practice to use some additional 
rivets at the minimum pitch for a short distance, 
say, l'-O", cither side of the point where the cover 
plate begins, in both legs of the angle, to insure that 
the stress may be properly assimilated. 

With the above conditions provided for, the 
pitch, as calculated, will be the average for the 
panel. The pitch at the end of the panel nearer the 
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reaction should theoretically be lees than this value, 
and at the end toward the center of the span greater 
than this value; but the number of rivets for the 
panel, based upon the average pitch, would be the 
same. In practice the rivets are usually spaced 
uniformly across the panel, unless it is exceptionally 
long, in which case the pitch may be arranged in two 
increments. 


Another interpretation of the theory is to connect the 
flange angles to the web with a sufficient number of rivets 
to transfer the total shear at any point in a distance equal 
to the effective depth of the girder at the point, combined 
with any load that is applied directly to the flange. In Fig. 
109 (a), V is the vertical shear at the section a-a. As 
the horizontal shear at any point equals the vertical shear 
at that point, H — V. H must be resisted by the rivets, 
and if R is the resistance of one rivet, then 

V 

— *= n (the number of rivets required). 
it 

But from p « — —■ , 


V^de 
R p 


n. 


Solving for p, 



or n • p * d e . 


Hence, n rivets at a pitch, p, must be used for a distance 
equal to d e . 



Fia. 109 


Still another method is to calculate the moment at one end 
of the panel, divide by the effective depth at that point 
and the allowable value of the rivet, and obtain the number 
of rivets required between that point and the end reaction. 
Then repeat the operation for the moment at the other end 
of the panel. The difference between these two cases is the 
number of rivets required for the panel. The length of the 
panel divided by this number represents the average pitch. 
Thus, in Fig. 109 (6), 


ni — n\ *» n (the number of rivets required in a distance a). 



62. Limitations of Rivet Pitch. 

SPECIFICATION CLAUSE 

Minimum The minimum distance between the centers 
Spacing of rivet holes shall be three diameters of the 
rivet; but the distance shall preferably be not less 
than 3" for J" rivets, and 2J" for rivets. 


If the pitch calculates less than this value, the rrets 
must be placed in two lines and staggered. Ur this 
case enough stagger must be used to maindun the 
net section of the flange angles as already planned 
(Arts. 37 and 48). The adoption of the minimum 
value is not to be recommended and should be 
avoided if possible. It will be better to increase the 
thickness of the web plate, thereby making the value 
of the rivet larger, or to increase the depth of the 
web plate, thereby making the effective depth larger 
and consequently increasing the pitch of rivets, or 
to use a wider legged angle so that another gauge 
line may be used. Attention is called at this point 
to the statement previously given that the thickness 
of web plate is temporarily determined, contingent 
upon the possibility of increasing it, to provide a 
greater spacing of the flange rivets. Many de- 
signers calculate the rivet pitch roughly at the out- 
set of the design by using the depth of the web plate 
as the effective depth and as a guide in selecting the 
plate girder section. Thus they attempt to avoid 
such contingencies as above outlined, by considering 
the influence of the web thickness on the effective 
value of the rivets. 

Where a built-up member is subject to com- 
pressive stresses, the parts may tend to wrinkle or 
bulge if the distance between the rivets is too great. 

SPECIFICATION CLAUSE 

Maximum The pitch of rivets shajl not be greater than 

Spacing sixteen times the thickness of the thinnest, metal 
connected, nor in any case shall it be greater 
than 0". 

The rivets in the tension flange are usually limited 
to the same specification for reasons of symmetry. 
Since the top flange may have a uniform load ap- 
plied directly to it, the pitch of rivets theoretically 
may be less than that in the bottom flange. The 
spacing of rivets, however, is made the same in 
both flanges because the theoretical values are only 
slightly different, and it is a distinct advantage to 
have the pitch the same on account of the making 
and using of the same templates. The pitch to be 
used should then be the value which is the minimum 
for the condition. The spacing of rivets should be 
made symmetrical about the center of span, when 
possible, and as few changes of pitch as are practi- 
cable should be made. 

Tho values of the pitch, as theoretically determined, 
will probably be in decimals. The usual practice is 
to call for the practical values in multiples of §", or at 
least not closer than multiples of under the cal- 
culated value. Such rounding off of figures inci- 
dentally helps to offset any errors in the calculations. 

Prob. 62a. Provide an arrangement of rivets connecting 
the flange angles to the web plate for the following data: 

00 X A web plate, 6X4X1 flange angles, 1-14 X i 
cover plate X 37'-0", 1-14 X i cover plate X 25'-6". 
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Hi, - fiO'-O", load KOOOf/ft. 

efcffenerB spaced 0", 4'-0", 6'-0", 5'*0", etc., from center 
Im of hewing 

de with no cover plate - 68.5" 

d$ with first cover plate — 50.4". Neglect vertical load 


per inch. Use approximate method, | Aw used as flange 
material. 


Prob. 08b. If the value of d e is used as the distance be- 
tween the gauge lines of the flange angles in the above prob- 
lem, what are the values of the pitches? 


63. Graphical Methods. 

The pitch of rivets may also be determined by 
graphical constructions or by the use of diagrams. 
The moment diagram for a uniform load is in the 
form of a parabola. The minimum variation of 
moment occurs at the center of the span and 
the maximum variation at the supports. As ex- 
plained in Art. 60 the rivet pitch varies in the same 
manner, for 

M\ — M% _ y 


and p = -r . 

d 9 

The procedure of making a graph is as follows: 

Calculate the total numt>er of rivets required 
between the center line of the span and the 
support, as suggested in Art. 60. Plot one-half 
the span length to a convenient scale, ns A B in 
Fig. 110, and at the center of span, B, draw an 
ordinate BC to a convenient scale to represent 
the total number of rivets calculated. Construct 



Fig. 110 


a parabola on AB with BC as a maximum 
ordinate, as outlined in Art. 53. Mark the 
panel points on the diagram, os x, y, and so on. 
Draw vertical lines from these points to cut the 
parabolic curve, as xa and yb. Project a and 6 
to the ordinate line BC.* The total number of 
rivets required between y and A, for example, 
is 31, and between x and A, is 18. There- 
fore the number of rivets required in the panel 
Xr-y is 31 — 18 =* 13. As before, the length of 
the panel divided by the number of rivets re- 
quired for that panel will determine the average 
rivet pitch. 

The same method may be applied to conditions 
where the loading is not uniform, by first establish- 


ing the moment diagram to a convenient scale 
and making the total number of rivets required 
coincide to scale with that of the maximum 
moment ordinate (for suggestion, see Art. 53), and 
then proceeding as before. A less exact solution 
for irregular loading may be made by plotting the 
maximum moment for the case and constructing a 
parabola with this value as a maximum ordinate 
and following the usual procedure through. The 
average moment diagram will approach such a 
parabola with small deviations. In special cases, 
such as for concentrated loads at the third-points 
of the span, the parabola so constructed would be 
considerably different from the real moment dia- 
gram. It is therefore recommended that the latter 
diagram should be made for all cases, as the time 
spent in showing the true variation of moment will 
produce more accurate values of the rivet pitch. 

Many diagrams are used to obtain the rivet pitch 
without plotting each time. Some of these are 
time savers and of sufficient accuracy to warrant 
their use. One should make sure that the diagram 
always corresponds with the conditions of the 
problem. Figure 111 shows such a typical diagram.* 
The following describes its use: 


“ In the accompanying diagram for the rapid 
determination of rivet pitch in plate girders, two 
lines of J" rivets are used as basis of calcula- 
tion, so that the diagram applies to 6" X 0" 
flange angles. Jt is based on a bearing value 
of 24,000 lbs. per sq. in. 


The diagram solves the equation p 


d • V 
S 


in which p is the rivet pitch in inches, d the depth 
between centers of gravity of flange rivet- lines in 
inches, V the value of one rivet and B the shear, 
the latter two being in the same unit (iK>unds or 
thousands of pounds). The value of V obviously 
varies with the web thickness, but it is convenient 
to remember that the double shear value of a 


i" rivet is substantially the same os its value 
in faring on an H " web. 

“ To illustrate the use of the diagram, sup- 
pose a girder with 48 X J" web carries a shear 
of 100, 000 lbs. In the lower scales, for web 
thickness, select the line marked I, and go ver- 
tically from the value 100 (representing 100,000 
lbs.) on this line to the horizontal line repre- 
senting 48" depth of the web. The intersection 
lies between the sloping lines 3 and 3], and the 
required pitch therefore is 3". 

“ When only one line is used, the depth for 
entering the diagram may be taken 2" greater 
than the actual depth and the results will be 
very close to correct. If the girder, for example, 
had 6" X 4" flange angles, 50" may be used 
for the depth, and the pitch will be found to be 
31 inches. 

“ Obviously, the diagram is not applicable to 
railway deck girders or others that carry con- 
centrated loads directly on the flanges." * 


* Article by R. Szuilie, Engineering News Record, July 22, 1020. 
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Fig. Ill 


Section 5g 

RIVETS IN THE COVER PLATES AND STIFFENERS 


64. Methods Used for the Determination of the 
Pitch of Cover Plate Rivets. 

The rivets in the horizontal legs of the flange 
angles passing through the cover plates transmit only 
a part of the flange stress. Consequently they may 
have a larger pitch than that of the rivets in the 
vertical legs of the angles at the same point. The 
general action of the longitudinal shear has already 
been discussed (Art. 60). This force would create 
a tendency of the cover plat&s to slide on the flange 
angles, which tendency must be resisted by the 


rivets which arc to hold these parts together. The 
controlling value of the strength of the rivets will 
be that of single shear or bearing, depending upon 
the thickness of the cover plates or angles. 

*The exact method will involve considering the 
statical moment of the cover plate (or plates) only, 
about the neutral axis, when using the formula 
given before as: 
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fi'te the value of b is the width of the plane on 
wMcih the cover plates rest. This is always the 
sum of the widths of the outstanding legs of the 
flange angles. The intensity of horizontal shear 
at such a plane is q and the shear per linear inch is 



If the shear per linear inch is x pounds, and the 
controlling value of the rivet R pounds, the pitch is 

P = (as before, Art. 60). 

B 


• according to the ratio of its area to the entire flange 
area. Thus 

p = ^ (Art. 60). 

For cover plates, 

P ~ V X Ac„- 

However, there probably will be more than one 
rivet in a transverse line across the cover plate and 
there are usually two. Hence, if n = the number 
of such rivets, the fonnula becomes 


Since the intensity of longitudinal shear is 0 at the 
extreme fibre, that in the cover plate is rapidly 
approaching 0, so that the value of q • b is consider- 
ably less than that when the flange angles are 
considered. 


Illustrative Prob. 64a. Determine the pitch of the cover 
plate rivets for the following data: 

66 X A web plate, flange angles 8X8X1, first cover 
plate 18 X J. Shear at. end of cover plate toward reac- 
tion «= 268,000#. Distance b. to b. L2 — 66.5. I” rivets. 
Statical moment of plate about neutral axis 

18 X 2 X = 463"’. 


Moment of inertia of whole section at point about N. A. 

/ of 4 u = 4 X 79.6 = 320 

A • for 4 li - 13.23 X 4 X 30.93* = 50,600 
(/of cover plate about own axis 

neglected) 

A • dP for C.P1. = 18 X 2 X 33.62* X 2 - 31,200 

Total = 95,590"< 


6 


V Q 268,000 X 463 


- 1300#/in. 


Single shear rivet = 7220#. Two rivets in a trans- 
verse line. Hence 

2_X 7220 
V 1300 


The exact method, however, is too irksome to use 
in the average case, and an approximate solution 
is generally considered as satisfactory. A formula 
may be derived by taking the one used for the pitch 
of rivets in the vertical legs of the flange angles and 
modifying it by the ratio of the total net area of 
one flange, Afn, to the total net area of the cover 
plates, Acn • Such a step may be made on the 
assumptions that the horizontal shear is uniformly 
distributed over the entire flange section, and that 
the cover plate is taking its share of such a force 


n • B • d e v> Apjf 

1 v~ X A^‘ 


OS- 33) 


Illustrative Prob. 64b. Determine the pitch of rivets in 
the cover plate in Illustrative Prob. 64a by the approx- 
imate method. d e * 65.5". 

The net area of the flange with one cover plate « 30.6O" 
The net area of the cover plate * 12.0i3" 


^ n- R-de Aw _ 2 X 7220 X 65.5 39JB 
P “ V * Acs ” 268,000 x 12.0 

V - 11.6". 


Compare with Illustrative Prob. 64a. 


66. Practical Requirements for Cover Plate Rivets. 

When there is more than one cover plate, naturally 
the grip of the rivets is increased, and consequently 
the rivets are not quite as efficient. The outer 
plates tend to slide on those beneath them, so that 
a rivet has to resist this action as well as that of the 
inner plate tending to slide on the flange angles. 
Theoretically these two amounts of horizontal 
shear should be calculated separately and then 
added and the rivet pitch based on this sum. 
Such a degree of accurate calculation is unwarranted, 
and the following specification is advised. 

SPECIFICATION CLAUSE 

Reduction of When more than one cover plate exists, the 
Pitch pitch as theoretically calculated shall be reduced 

15% for each cover plate more than one. 

Maximum requirements for the pitch of rivets in 
cover plates are generally covered by specification 
clauses. Where two or more plates are in contact, 
rivets should not be spaced greater than 12" apart 
in any direction. This requirement assists in hold- 
ing the plates well together and prevents them from 
wrinkling or buckling when subjected to compressive 
forces. i 

SPECIFICATION CLAUSES 

The maximum pitch of rivets in a direction 
Pitch parallel to the line of stress shall not be greater 

than 16 times the thickness of the thinnest 
plate, nor in any case greater than 6". 
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Distance The distant* A (Fig. 112) y perpendicular to 

n- the h ne °f strifes, shall not be greater than 32 
ppot e Lute times the thickness of the thinnest plate. 

Met The distance B (Fig. 112) shall not be greater 

Distance than 8 times the thickness of the thinnest plate, 
plus 1", nor, in any case, greater than 5". 

Some structural companies allow the maximum 
pitch to be increased from 6" to 8" for and 1" 
rivets. This corresponds to a reaction in recent 
years that cover plate riveting has been excessive. 
When the flange angles each have two available 



(a) 


reduced to the nearest and preferably to jft le 
nearest \ n below the theoretical values; as explained 
before (Art. 62). A common procedure is to locate 
the end rivets 1}" from the ends of the cover 
plates to provide ample edge distance in case the 
plates should underrun in mill shipping lengths. 

In order to drive the rivets and not have them 
foul each other, and to maintain the net section, 
rivets in the cover plates, in the majority of in- 
stances, must stagger with those in the vertical legs 
of the flange angles. Rivets on the outside gauge 
lines may lie driven in the same vertical line with 
those in the vertical legs of the angles in many 
cases. Therefore, it is expedient to keep cover 
plate rivets on the outer gauge lines when possible. 
In detailing, the plan of the girder should be laid out 
to see if any rivets in the cover plates foul the rivets 
in the flanges or the stiffener angles themselves. 



(b)* 

Fig. 112 


gauge lines in the outstanding legs it is possible to 
use four lines of cover plate rivets. This is usually 
not necessary, especially if the girder is to be encased 
in concrete, and two lines of staggered rivets, one 
either side of the web plate, are ordinarily sufficient. 
Figure 112 (6) shows a typical view of cover plate 
rivets. 

Pitches as determined by the usual formula will 
result in values with decimals. These should be 

* Courtesy of New England Structural Co. 


The first cover plate must have its full strength 
developed by rivets before the second cover plate 
is reached, and so on, and the top plate must have 
its full strength developed before it reaches the 
point of maximum moment. Some designers go 
to the extent of developing the full strength of the 
cover plates by using the minimum allowable pitch 
at the ends, and then using the maximum allowable 
pitch elsewhere. This method requires more rivets 
than necessary in the majority of cases, and it may 
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reduce the net section used in the design by necess- 
itating an insufficient stagger of rivets. 

Prob. 66 a. Determine the pitch of the rivets in the first 
cover plate for the following data: 

Use approximate solution. J" rivets 
60 X A web plate (| Aw used in flange) 

6X4X1 flange angles, net area — 7.500" 

14 X 1 cover plate, net area * 6.000" 

Shear at end of plate = 04,000#. 

How many rivets are necessary to develop the tensile strength 
of the plate? 

66. Rivets in Stiffeners at Concentrated Loads. 

The number of rivets required to make a stiffener 
function properly is a simple calculation, being that 
of dividing the concentrated load by the controlling 
value of the rivet, or 


P 



Such a calculation is based upon the assumption 
that each rivet takes its share of the load. In 
general, the rivets passing through the flange angles 
should not be counted upon to develop the load, 
as they may be fully stressed by flange action. 
When the stiffeners under consideration are at or 
near the supports, these rivets may be counted upon 
if necessary, as the flange stress at such points is 
relatively small. When the number of rivets is 
known, the arrangement may be obtained by spacing 
them equally in the available height. Such spacing 
should not exceed the usual specified maximum 
(Art. 25). 

Fillers have already been mentioned as necessary 
to make up for the difference in thickness of the 
web plate and flange angles. These are classified in 
two groups as loose fillers and tight fillers. A loose 
filler is a bar which has no other connection to the 
web plate except the rivets which pass through the 
stiffener, while a tight filler is riveted fo the web 
plate by one or more independent rows of rivets. 
When rivets pass through a loose filler the number 
should be increased as there is some bending on the 
rivets between the point where they pass through 
it and that portion from which they receive their 
load. A common rule of thumb is to add 10% to 
the number otherwise required, for each loose filler. 
A tight filler can be used to advantage where the 
number of rivets required for the load would make 
the spacing in the stiffener too close. A value equal 
to that which the rivets fixing the filler can carry, 
may be taken from the web plate into the filler and 
thence carried by the filler into the stiffener by its 
connecting rivets. The rivets fixing the filler will 
have bending on them in addition to the shear. 
Rather than figure the combined stress on these 
rivets, for a detail of this kind, it is usually sufficient 


*to make a liberal allowance. Some designers, 
therefore, double the number of rivets required, to 
allow for fixing the filler. 

If a concentrated load occurs very near a support, 
reinforcing web plates may be used and extended 
beyond the concentration a distance sufficient to 
develop the. plate by rivets. Such a plate is in 
reality a tight filler and the design is accomplished 
as before. 

Illustrative Prob. 66a. If a pair of 6 X 3J X l 12 . acting 
as stiffener at a concentrated load of 65,800# arc riveted to 
a 66 X A w ^b plate, how many J" rivets are required? 

Double shear = 14,440# 

Enclosed bearing on A" web =» } X A X 30,000 *=11,500# 
7 — “ * 6 . 2 loose fillers 6X12 = 7.2 required 

1 1 puUU 

( 10 % for each loose filler) 

66 — 5" (for gauges) * 61" out to out rivets. 

61 1n 
— = 10 spaces. 

Use 11 rivets 6 " o.c. on account of specification. 

Prob. 66b. How many J" rivets are required for a pair 
of 5 X 3J X i angles carrying a load of 80,000#? Web plate 
60 X ]■ What spacing should be used? 

67. Rivets in Stiffeners at End Bearings. 

The detail design required for obtaining the 
numl>er of rivets necessary in stiffeners at the 
supports of a girder is the same as that for any 
other concentrated load, although special features 
may develop. Some designers prefer an alternate 


oo - o -o — o 



Fig. 113 

method of design, namely, by making the number of 
rivets in the end stiffeners equal to the number 
required to connect the flange angles to the web 
plate in a distance equal to the effective depth of 
the girder. The reasoning used is that the diagonal 
stress caused in the end panel is the result of a 
horizontal shearing force, as H in Fig. 113, and a 
vertical shearing force, V. If x rivets are required 
in the distance AB, then the same number are 
required in a distance BC. When there are several 
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pairs of stiffeners requited for the end reaction, a one-* 
piece tight filler under them is cheaper than loose 
fillers under each. If a girder is to frame into a 
column the better detail from a standpoint of 
reliability and erection is to use a seat angle with 
stiffeners under it. When one girder frames into 
another and there is not room for a seat angle, the 
tight filler may be used to good advantage. 

Prob. 67a. How many J" rivets are required in the 
stiffeners in Fig. 113 if the end reaction, R, is 200,000#? 
Web plate 60 X J. Stiffener angles 5 X 3} X f. Make a 
sketch showing the spacing to be used. 

68. Rivets in Intermediate Stiffeners. 

The number of rivets to place in intermediate 
stiffeners cannot be determined by any definite 
calculation. The arrangement is governed princi- 


pally by the number and spacing of rivets in other 
stiffeners. 

SPECIFICATION CLAUSE 

Maximum The maximum spacing of rivets in inter- 
Sptcia* mediate stiffeners shall not exceed 16 times the 

thickness of the angle, nor be greater than 6". 

The spacing of rivets from top to bottom in the 
stiffeners should be uniform across the girder for 
the sake of symmetry and also to make multiple 
punching possible. Some rivets may be omitted 
in such stiffeners as compared with those in other 
stiffeners, providing the maximum spacing just 
specified is not exceeded. The reason why the 
rivets in intermediate stiffeners cannot be more 
positively located is because the load coming upon 
them is not definite. However, the common 
practice has proven to be satisfactory. 


Section 5h 

SPLICES 


69. General Requirements. 

Thef-e are limiting lengths of plates and angles 
as governed by rolling mill practice (Art. 7) so 
that it may become necessary to splice the web 
plates, sometimes the cover plates, and in special 
cases, the flange angles of long plate girders. If 
the part under consideration can be obtained in 
one piece, it should be used to avoid splicing. How- 
ever, local fabricators may use the available lengths 
of their stock material. In such a case the location 
of the splice is a detail handled by the fabricator and 
not by the engineer. If the length of the girder is 
such that the maximum available lengths of the 
parts will not allow the girder to be fabricated 
without splices, the engineer may show where he 
prefers the splices to be located and in certain 
instances he may design the required splice. In 
either of the above cases, the design involves the 
same procedure. 

Many specifications require that the splice shall 
be as strong as the original parts spliced. A splice, 
particularly in as large a member as a plate girder, 
is a critical point, regardless of where it is located, 
because there are many factors which may weaken 
its strength, such as loose rivets, misalignment, and 
the like. To supply area enough to compensate for 
the area cut may be an excessive provision in many 
cases, for the maximum moment and the maximum 
shear cannot occur at the same point, and if the splice 
is located at a proper point, neither the moment nor 
shear at such a point will be a maximum. Never- 
theless, girders may be loaded differently than the 
original loading diagram used in the design because 


of a different occupancy of the building, concentra- 
tions, and so on, and it would not be desirable to 
have a girder overstressed on account of its splices. 
In special instances when the specifications permit, 
a splice may be designed for the actual moment 
and the actual shear which occur at the splice line. 
Such practice should be limited to conditions 
which are positive. 

The following suggestions are of value in design- 
ing splices: 

(1) Locate a splice where there is an excess 
of material and not at a point of maximum 
stress. 

(2) Do not use splices if the material may be 
obtained in one length. 

(3) No two parts should be spliced within 
2'-0" of each other, and preferably the distance 
should be greater. 

(4) The rivets should be arranged as closely 
as convenient to make the transfer of stress 
occur in a minimum distance. The spacing, 
however, must not violate the requirements of 
the net section and must provide the necessary 
clearance for driving rivets. 

(5) No allowance should be made for the 
abutting edges of the parts spliced. 

(6) A desirable point to locate a splice is just 
inside the end of a cover plate, for at such a 
point, practically all the area of that cover plate 
is in excess. This excess metal will aid in 
supplying any deficiency in strength the splices 
might have. 
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70. Types of Tension and Shew Splices. 

When plates are spliced directly or when they 
are used to splice rolled shapes, the joints which 
may be used are classed as: 

(1) lap joints. 

(2) butt joints ( 55 p ! a 5® on only, and 

l (b) plates on both sides. 

Of these types (2 6) is by far the most commonly 
used, and in fact, it is always used when possible, 
the others being exceptions. 

The lap joint is seldom allowed in structural work, 
first, because it presents a poor appearance and 
makes bad details, and secondly, and principally, 
because the forces are eccentric, by an amount equal 
to the center to center distance tetween the plates 
in cross-section, or l in Fig. 114 (a). The direct 
stress equals the load on the plate divided by its 
area, or 


P 



Fig. 114 


The external moment, M e = P • e, “ P • t if the plates 
are equal in thickness. The resisting moment is 


in which s* = the maximum allowable fibfe stress. 

Equating M $ = M r , 

P -t - *2 • or 82 = ^ = 6 

o b • t 

If there were no deformation, the unit bending stress 
would be six times the unit direct stress, which 
obviously controls the design. As the joint deforms, 
the eccentricity becomes smaller, as shown in the 
figure, and hence the moment smaller, but the 
rivets would certainly be in tension. Figure 35 (d) 
shows a typical failure of this kind. 

Illustrative Prob. 70a. Considering the joint in Fig. 114 
(6), what force can it safely withstand in tension? 

Single Shear per rivet = 12,000 X 0.4418 * 5300# 
Unenclosed Bearing per rivet - 24,000 X l X i - 6750# 
5300# controls 

6 X 5300 - 31,800#, allowable shear 


1 Allowable direct tension » [8 X | - (3 X i X t)] 16,000 
- 47,800# 

M - P X l 

* X 8 x (I) 1 X 16,000 - P x 1 . 

P m 8000#, allowable force. 

From this it should be obvious that such a joint is not efficient. 

The butt joint with one splice plate is in reality 
two lap joints in tandem, and the same objections 
hold true (Fig. 115). The 
path of the stress is from 
the main plate on one 
side to the rivets, to the 
splice plate, to the rivets 
on the other side, and 
back to the main plate 
on the other side. This 
action induces a large 
bending moment, and 
the design is similar to that of lap joints. 

The butt joint with a splice plate on each side, 
as in Fig. 116 (n), is the ono most commonly used 
for structural memters. Due to the fact that there 
is a plate each side of the main plate, no bending is 
theoretically developed. The rivets may fail in 
double shear or in tearing on the main plate, or on 
the combined thicknesses of the splice plates. For 




Fig. 116 


this reason each of the splice plates should have a 
thickness equal to, or greater than, one-half the. 
thickness of the main plates. In almost all com- 
pression calculations, no allowance is made for the 
main plates butting against each other, and in fact, 
each of the plates is generally cut short of the 
center line of the splice, the rivets carrying the 
stress across the joint. 

Illustrative Prob. 70b. What force can the joint shown 
in Fig. 116 (a) safely withstand in tension? 

Double shear per rivet » 2 X 0.6013 X 12,000 * 14,430# 

Bearing £" plate per rivet - 24,000 XfXj - 13,130# 
13,130# controls 

13,130 X 2 = 26,260# Ana. 

Allowable tension on net section — 16,000 (5 X f — 2 (1 X 1)1- 

=» 29,900# 

The splice or butt plates should be -fo" or j" thick. 

For wide plates, it may not be convenient to 
consider the entire width at once. The plate may 
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be divided into a number of equal strips each of* 
which includes a group of rivets, and these being 
designed properly, the continuous joint will be 
satisfactory. In some eases, judgment will deter* 
mine the arrangement of the rivets. In Fig. 
116 (b), the net section is smaller than in (c), while 
the strength of the rivets is the same in bearing and 
shear. Type (c) requires a slightly larger splice 
plate but it provides better side distance for the 
rivets. 

The arrangement shown in Fig. 117 is more or 
less theoretical and it is not commonly resorted to 
in structural joints. The not section at W-W has 
one hole out. Before the main plate can tear across 

X-X, the rivet at W-W 
must fail by shear or 
bearing. Thisoffsetsthe 
weakening of the main 
plate by one rivet hole 
so that section X-X is 
really only weakened by 
one hole, and, therefore, 
it could be considered 
as strong as the section 
W-W. The same reason- 
ing can be applied to 
F-F for no failure can occur here until the rivets at 
W-W and X-X fail. The splice plate section, how- 
ever, is reduced by three holes and consequently must 
have a thickness greater than one-half the thickness of 
the main plate. If the plate in Fig. 117 were 8" X J" 
and the rivets were the thickness of one splice 
plate would be 
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16,000 (8 X h ~ 1 X h) = 0 or" 
2 (8 - 3 X 1) X 16,000 ’ ' 


or f" splice plates would be required. 

In certain joints, it becomes necessary to deter- 
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mine what the maximum condition of stress is. 
Thus in Fig. 118, the shears are as follows: 

Between plates 1 and 2, V = 60,000 

2 and 3, V - 10,000 

3 and 4, V = 10,000 

4 and 5, V = 40,000 

The maximum condition of rivet stress must also be investi- 
gated. From Table 24, for j" field rivets, 

Bearing on A" plate * 4690# 
i" plate - 5630 
A" plate - 6560 
i" plate - 7500 
Single shear - 4420 


The number of rivets required in each instance then is. 


r Plate, 
I" plate, 


llOjOOO 

7500 

70,000 

5630 


14.7. 


12.4. 


A" Plate, 
A" piate, 


100,000 

6560 

60,000 

4690 


15.3 

10.7 


Shear, ^' 000 ^ ximum - 13.6. 


Use 16-|" field rivets. 


Prob. 70c. Determine the safe strength of the joint 
shown in Fig. 119 (a). 

Prob. 70d. What is the maximum safe tension that the 
joint in Fig. 119 ( b ) can withstand? 
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71. Types and Requirements of Web Splices. 

A web splice should be strong enough to equal 
the capacity of the web plate in shear, and also to 
withstand any proportional part of the moment that 
the web has been designed to resist.* The latter 
value is usually expressed by 

fo)- (M4 > 

If the design specifications did not allow any portion 
of the web plate to be counted upon as flange 
material, the usual procedure is to design the splice 
for the shear capacity of the web only. This point 
must be positively known before a web splice is 
designed. 

It is desirable to have the web plate in the mini- 
mum number of pieces, but for very long girders it 
may be more economical to use splices. The width 

* Some designer* neglect the portion of the moment usiipied to the 
web because they believe that web splices are none too efficient at best 
and that web splices are unsatisfactory in resisting moment. However, 
if designed for the moment the web resists, the splice is safer than if not 
so designed. Some specifications require that a web splioe shall be de- 
signed for moment and shear even though the web has not been counted 
upon for moment, as the additional strength of neglecting the bending 
value of the web is lost If the web is not spliced for moment. Even If 
the web plate is not designed to take moment, it will, nevertheless, actu- 
ally carry a portion of the bending. 
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of the splice plate must be sufficient to accommodate 
the rivets and maintain proper edge distances for 
them. It is better not to use the minimum spacing 
of rivets if it can be avoided, but to use 3" or 4" 
on centers instead. This is done to maintain the 
equivalent of the net section of the web plate 
(Art. 45). 

The usual types of splice plates are shown in 
Fig. 120. A plate should be used on both sides to 
keep the joint concentric and to increase the effi- 
ciency of the rivets. There should be at least two 
lines of rivets either side of the splice line. This 
will prevent any tendency of the joint to rotate, 
which might occur with one line of rivets. If a 
rivet in one line started to fail, the rivet in the other 
line would help to relieve it. The standard clear- 
ance dimension is from the edge of the web plate 
to the splice line each side, to allow for any irreg- 
ularity of the edges of the web plate as sheared, as 
shown at A in Fig. 120 (a). When the splice is not 
under a beam connection, is also allowed top and 
bottom for clearance, as shown at B, for the width of 
the flange angles may overrun. Type (a) is the most 
common and it should be used if possible. It is 
used for small girders and also where loading con- 
ditions are not too heavy, and particularly when no 
moment is considered to be carried by the splice. 
In cases where the moment to be carried by a splice 
is relatively small, this type may still be used, if 
the rivets can be conveniently arranged. Since 
this type is the simplest, others are used only when 
too many vertical lines of rivets would be required. 
Not over three or four lines either side of the splice 
should preferably be used in this arrangement. 

In certain cases it may be more convenient to 
locate a splice directly under a stiffener. The 
stiffener will help the splice if its center line is placed 
under the stiffener as shown in Fig. 120 (5). Two 
alternate details may be used. In one, the splice 
plate can serve the additional purpose of*being the 
filler for the stiffener. Here the splice plate will 
have to be the thickness of the flange angles. This 
may be in excess of the. material required for the 
splice. The other alternate is to use a separate 
filler under the stiffener, the thickness of which is 
the difference between the thickness of the flange 
angle and that of the splice plate. In this case 
extra rivets should be added as specified in Art. 66. 
In either type (o) or (b) the rivets in the vertical 
legs of the flange angles for a short distance, say, 
l'-O", on each side of the splice line may be con- 
sidered as a part of the group of splice rivets, as 
they really help to splice the web because of their 
attachment to the flange angles. If such rivets are 
counted upon, the longitudinal shearing stress com- 
bined with that for the splice should not exceed the 
allowable for the rivets. 




Fio. 120 

When types (<x) and ( b ) are not satisfactory or 
there is a considerable amount of moment involved, 
types (c), (d), (e) or (J) may be used. The rivets 
are more efficient in resisting moment because a 
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larger number of thetia will act with greater level* 
arms than in (a) and (b). The total number of 
rivets will be less and therefore less plate surface is re- 
quired. The farther the rivets are removed laterally 
from the splice line, the less efficient they are in 
making a transfer of stress. There should be a 
practical limit for the number of lines in the plates, 
P, for this reason. This is usually made 5 or 6 
lines. Type (c) is preferable to (d) in that it does 
not encroach upon the flange angles, but ( d ) obtains 
a better splice on the web plate when its whole depth 
is considered. Type (d) may be used when a 
sufficient number of rivets cannot be arranged in 
(c). In general, three rows of rivets in the plates 
P in the figure (c) should be the limit, because more 
than that will make the splice approach types (a) 
and (6). For the total number of rivets used, the 
majority in the latter case would not be acting at 
lever arms to make them efficient in resisting moment. 
When web splice plates are used on the vertical legs 
of the flange angles, as in (d), they should be de- 
signed to splice the portion of web covered by the 
flange angles. Some designers use a method of 
designing the plates P for the moment and the 
plates* W for the shear. This method does not seem 
as logical as to consider the group as a unit and 
design it for both stresses combined. In types (e) 
and (f ), the plates should be strong enough to safely 
provide for the horizontal shear at the edge of the 
flange angles. Type (/) shows an alternate detail, 
in which the splice plates may be crimped as shown 
at C or fillers used, as shown at D. Crimping 
plates is expensive but the use of additional fillers 
increases the grip of the rivets and consequently 
lessens their efficiency. However, crimping plates 
is not recommended. If the splice is to be located 
near the end of a cover plate, additional protection 
is gained by running the cover plate by the splice, 
as suggested by the dotted lines, in Fig. 120 (g). 

72. Web Splices to Resist Shear Only (Art. 70). 

When the web plate is designed to resist no 
moment, the calculation of the splice is compara- 
tively simple. The two splice plates must have a 
net area at least equal to the net area of the web 
plate. The splice plates must also be riveted to 
the web plate on either side of the splice line with 
a sufficient number of rivets to develop the shear 
value of the web plate. The number of rivets 
required will be that found by dividing the shear 
value of the web by the controlling value of the 
rivet as determined by bearing or double shear. 
The latter suggestion is based upon the assumption 
that each rivet takes its share of the load. As a 
matter of fact, the rivets near the neutral axis are 
carrying more than those near the upper and lower 
edges of the splice, for the actual intensity of 


shear is larger there. However, the assumption 
is reasonable because only a few rivets are stressed 
more than the “average value, while the majority are 
stressed at the average or below, so that the group 
as a whole is satisfactory. 

Illustrative Prob. 72a. Design a splice for a 60 X ) web 
plate to resist shear only. 6X6 flange angles. J" rivets. 

b. to b. L» - 60 + I - 60.5" 

60.5 — 2X6 — 2 X 1 ■* 48" height of splice plate 
Awn - 60 x I X i * 16 . 0 D" 

16.9 -48X1X2X}! - 0.23" 

Use 2 -A" plates for practical reasons. 

Double shear « 10,600# 

Bearing on web * 24,000 X j X J - 6750# 

16.9 X 12,000 * 203,000# shear capacity of web 

203,000 on . , 

„ ’ * 30 rivets. 

6750 

Use two vertical lines each side of splice. 

15 x 3" - 45". 45 4- 2 X 1J (edge distance) * 48" 

Use 32 rivets, 16 in a line, 3" o.c. 1J" edge distance 
Space laterally 1J" edge distance, 3", 3J", 1 j" edge 
distance. (See Fig. 120 (a)). 

Use 2-12 X A Pis. X 4'-0". 

Prob. 72b. Design a splice to resist shear only for a 
48 X i web plate. 6X4 flange angles. J" rivets. 

73. Web Splices to Resist Both Shear and Moment. 

If a portion of the gross area of the web plate has 
l>een considered as flange area, or the specifications 
require it, the web splice must be designed for 
moment as well as shear. In such a case, the splice 
plates and rivets must be sufficient to carry not only 
the shear value of the web, but its proportional part 
of the total bending moment. The latter value is 
expressed by 

Mw = M ( ) (Art. 71). 

\A fn + t Aw/ 

When a splice is subjected to bending as well as 
to direct stress, the procedure must be developed 
by “ cut and try ” methods, — that is, a trial 
number of rivets is selected, their arrangement is 
established, and the stresses are investigated and 
compared with the allowable to note whether the 
rivets assumed are overstressed or understressed. 
If the actual stress is reasonably near and below the 
allowable, the joint is satisfactory; if otherwise, 
the number of rivets is increased or decreased ac- 
cordingly. The problem of how many rivets to 
assume for trial is a matter of judgment and experi- 
ence. As in splices for direct stresses only, it is 
assumed that each rivet in the group receives its 
proportionate part of the direct load. In other 
words, the direct stress on a rivet is equal to the 
load divided by the number of the rivets, and it is 
assumed to act opposite to the direction of the load. 
The number of rivets to assume in any given case 
certainly will not be less than that required to carry 
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the direct load. The number to add to the latter 
depends upon the magnitude of the moment and 
the relation of the rivets to each other. A rule of 
thumb which may be used as a guide, is to allow one 
extra rivet for each 50,000"# of bending. 

The indirect stress on a rivet induced by the 
moment is assumed to act in a direction perpendicu- 
lar to that of the bending, and its amount is assumed 
to be proportional to the distance of the rivet from 
the “ neutral axis ” of the group, similar to the 
general theory of beams. If ro represents the stress 
on a rivet 1" away from such an axis, then the 
stress on a rivet y inches away is ro • y* The 
moment of this stress about the axiB is (r 0 • y) - y 
— r 0 : V *. The moment of resistance of the group 
of rivets', M„ is evidently the summation of the 
moments of resistance of each of the rivets, m,, or 
in algebraic terms, 

M, = 2m, = 2r 0 • y* = r D • 2 y*. 

The external moment, in tills case Mw, must be 
balanced by the internal resisting moment, M„ as 
in all cases of equilibrium, or Mw = M,. Hence 

M w = ro • 2 y*, or r 0 = ^ , 

which is the stress on a rivet 1" from the axis. The 
stress on a rivet y inches away then is 


r = r 0 -y 


_ Mw • y 


t in that r* corresponds to 8, I, to I, and d* to c. The 
resistance of a group of rivets may be imagined to be 
as shown in Fig. 121, if the external moment, M„ is 
replaced by P • a, an equivalent moment. The 
moments of the two couples must balance. As 
R - P, 

P • a = H • b. 






Mtrfee*/ r*ats?*nc* of fir*?* 

/fa •M»3s(8ff)fls(4ff)** (fn) 

Fio. 121 

In a joint which has a large number of rivets, the 
analysis above may not agree exactly with actual 
tests, but the error is probably not greater than that 
when it is assumed that each rivet takfcs an equal 
share of a direct load. Formula (S- 35) may there- 
fore be used for all practical purposes. 


It is obvious that the farther a rivet is from the 
axis, the greater its indirect stress. The rivet 
which is the farthest away from the axis is then 
stressed the greatest and it controls the design. 
Only the extreme rivets may be stressed to their 
maximum allowable, and the others are stressed only 
to a lesser value, the amounts being proportional 
to the distances from the axis. If d « represents the 
distance to the extreme rivet, then formula (1) 
becomes * 

_ M w -d n /ON 

n = —zrz — 
hf 

In this formula, the expression 2y 2 is often called 
the polar moment of inertia of the group of rivets, 
and it will be designated by I t . It may be defined 
as the summation of the squares of the distances 
of all of the rivets one side of the splice line from the 
axis. Formula (2) may then be .written as 

Mw'dn /c or:\ 

r k = — . (aS-35) 

If 



This is similar to the general flexure formula 

M 'C 

*- j , 

* This o trees is Mourned to vary directly as the distance from the neutral 

plane, — the name as in the general theory of beams. 


FlC. 122 

Illustrative Prob. 73a. Calculate the value of I f for the 
group of rivets shown in Fig. 122. 

(3)* « 9 270 X 2 - 540 for 1 line 

(6) 2 - 36 2 

(9) 2 = 81 1080 for 2 lines 

(12) 2 = 144 

270 for 1 line above 


I r - 1080. 
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by 


The direct stress oh each rivet may be expressed 


r 9 = — , in which 
nr 

V = the direct force (in this case the shear), and 
n f = the number of rivets on one side of the 
splice line. 

The resultant stress may be obtained graphically 
as shown in Fig. 123, or analytically by 

(£-36) 


r * V (r A ) 2 +■ (r,) 2 


The value of r must not exceed the allowable, R f 
as determined by the size of the rivets used and the 

thicknesses of the metal 
involved (Art. 28). 

The splice plates also 
must not become over- 
stressed by the moment 
carried. The design of 
the plate girder section 
is based on an allowable 
stress of 16,00()#/n". 
In order not to have 
this stress exceeded, the stress at the extreme fibre 
of the splice plate must not exceed a value of 



Fig. 123 


16,000 X 


the depth of the splice plate 
the effective depth of the girder 


This truth is illustrated in Fig. 124, for it is known 
that the stress due to bending varies directly as the 



distance of the fibre from the neutral axis. Kmploy- 

. . j 

ing M = again, the thickness of the splice 

c 

plates required for the moment may be found. The 
value of s must be that obtained in a manner out- 


lined above. Thus 
Mw 

from which t 


8 • t • d 2 
6 1 
6 Mw 
8 • d 2 


(£- 37 ) 


In other words, the I of the splice plates must equal 
that of the web plate, both referred to the neutral axis. 

The design of such a splice is largely a matter 
of “ cut and try.” To eliminate some of the work, 
the following method is suggested. Divide the 
shear value of the web by the controlling value of 
the rivets, R. This will be the number required 
for shear only and will serve as a guide. If the con- 
trolling value of the rivet, R , is divided by one-half 
the effective depth of the girder, \ d €) the value of a 
rivet 1” from the neutral axis in resisting moment 
will result. Arrange one line of splice rivets in a 
tentative way for trial, and calculate the value of 
2y 2 for this line. Mw divided by St/ 2 and the value 
for a rivet 1” from the neutral axis, will give the 
number of lines of rivets theoretically required. 
This result will be a number with decimals. 
If the next whole number above is taken as the 
number of lines, there will probably be enough 
rivets to carry the shear also. The stress on the 
outermost rivet can now be calculated by the 
formula for this arrangement and compared with 
the allowable. An advantage in obtaining this 
trial number of lines is that the designer is given an 
opportunity to decide whether a splice of the type 
(a) in Fig. 120 may be used, or whether a splice of 
the type (c) or (d) will have to be employed. If 
the number of trial lines exceeds three, the latter 
types should be used. In such a case, the number 
of rows in the vertical splice plate may be limited 
to two either side of the splice line. The moment 
of resistance of the rivets in this plate may be 
calculated and subtracted from Mw . The resistance 
of a trial line in the horizontal splice plate may 
then be calculated and this value divided into the 
remaining value of Mw to obtain the number of trial 
lines required. As before, with an arrangement 
determined, the stress on the outermost rivet may 
be calculated and checked with the allowable. 

Illustrative Prob. 73b. Design a splice for a 42 X A 
web plate, i Aw used for moment resistance. 6 X 6 X i 
flange angles (net area, two holes out of each angle, =» 8.80D"), 
2-14 X J cover plates (net area, two holes out of each plate, 
- 9.18CJ"). L - 40'-0". w = 5000#/ft. d e = 41.12". 

M - 1.5 w • U - 1.5 X 5000 X (40) 2 - 12,000,000"# 

* Aw - i X 42 X A * 1-64D" 

Afn - 1.64 + 8.80 + 9.18 - 19.G2D" 

1 84 

Mw - 12,000,000 X * 1,000,000"# 

Fmax - 42 X A X ! X 12,000 - 118,000# 
b. tob. If - 42 + i - 42i". 42J - 2 X 6 - 2 X J - 30". 

Use 30" Splice Plates. 

118,000 - 12,000 X 30 X i X 2 t t - 0.22" for shear. 
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Maximum allowable stress at edge of splice plate 
30 


1 6, 000 X 4 ~-ll,060#/ a / 


1 , 000,000 


11,660 X 2 IX (30)* 
6 


t - 0.286" for moment. 


Try vertical plates only 


Use 2-A" plates. 


10 spaces @ 2}" + 2 X 11" edge distance * 30" 


(2.76)* - 7.5 

(6.50)* - 30.25 
(8.26)* - 68 
( 11 . 00 )* - 121 
(13.75)* - 188 
415 
2 


R for f" rivet = 5630 

R for 1" from N.A. - - 274# 

20.56 


830 Resistance of 1 line 274 X 830 * 247,000"# 


1 , 000,000 

247,000 


3+ Must use horizontal plates 


Use upper two rows in horizontal plate. 


(2.75)* * 7.5 

(5.50)* = 30.5 
(8.25)* - 68 
106 
2 

212 (1 line) 


Use 2 lines in vortical plate 
2 X 212 m 424 

424 X 274 * 116,000"# = M r 
of vertical plate 


1,000,000 — 116,000 ■= 884,000"# by horizontal plates 

(11)* - 121 618 X 274 - 169,300"# - M r 

(13.75)* — 188 of 1 line in horizontal plate. 

309 
2 

618 (1 line) 

= 5-f . Try 5 lines in horizontal plate. 

I T of arrangement = 424 + 5 X 618 = 3514 
dn - 13.75 

Mw • dn _ 1,000,000 X 13.75 
It 3514 


Th = 


34 rivets one side of splice line 
118,000 


34 


- 3480# 


r = V (3480) 2 + (3930)* - 5340# 
r (allowable) *= 5630 


}° 


K. 


Prob. 73c. Design a splice for a 48 X } web plate. ) 
Aw used for moment resistance. 6X6X1 flange angles 
(net area, two holes out), 2-14 X i cover plates (net area, 
two holes out, each plate). M ma2 * 20,000,000"#. Cal- 
culate d«. 


74. Cover Plate Splices. 

Quite frequently required lengths of cover plates 
are greater than those available (Art. 8) and it 
becomes necessary to splice them. Cover plates 
should be spliced with plates of equal section, with 
the same dimensions, as illustrated in Fig. 125 (a).* 
The exact method for determining the pitch of 

* Some designers plan to butt the ends of the oover plates in the com- 
pression flange at the splice line instead of allowing the clearance shown 
for the tension flange. 


rivets required is to calculate the amount of hori- 
zontal shear per linear inch at the plane where the 
cover plate under consideration rests. The follow- 
ing formula is again used: 


If the value of this shear (q • b) is x pounds, then the 
spacing is determined by dividing the controlling 
value of the rivet (single shear or bearing) by this 
value; or 

R 

p = — (as before). 

X 


An approximate solution is more common in prac- 
tice. The number of rivets used in the splice should 
develop the full strength of the plates to be spliced. 
This results from dividing the product of the net 
area of the plate and 16,000#/a" by the controlling 
value of the rivet, or 

«, = d™ * JMOO (5-38) 

ti 

When the number of rivets is known, they may be 
arranged in accordance with the details* as deter- 
mined by the point of splice. When the splice 



plate is not in direct contact with the plate to be 
spliced, as shown in Fig. 125 (c), the rivets are not 
as efficient in transferring stress and some allowance 
is usually made for this condition. A common 
specification is to require one-third more rivets on 
each side of the splice line than those theoretically 
required, for each intervening plate. Due to disad- 
vantages of long rivets through intermediate plates 
being subjected to bending, poor appearance, 
uneven surfaces to start walls upon, and so on, 
cover plate splices are unsatisfactory, and they 
should be avoided when possible. For these reasons 
it is quite common practice to splice one cover plate 
with another. The top cover plate may usually be 
obtained in one length, and it may be used to splice 
the other plates. Ingenuity may be exercised in the 
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selection of the Bplice location by making the splice 9 
line where the plate above would otherwise* stop, 
and running the latter plate far enough beyond the 
splice line to accommodate the splice rivets as 
suggested by the dotted lines in Fig. 125 (b). If the 
plate above is thinner than the plate to be spliced, 
the former may be carried over to a point where a 
cover plate of a thickness equal to the thinner plate 
is required only. The above reasoning is based on 
the assumption that the stress in the end of the plate 
to be spliced is transferred to the plate just above 
it and thut beyond this point it takes its increment 
of stress as usual. 

Illustrative Prob. 74a. Design tlic splice required for a 
20 X 1 cover plate (2 holes out, J" rivets). 

Net area 20 X 2 - 15.75a" 

15.75 X 10,000 = 252,000 # maximum tension 
Single shear 2" rivet = 7220# 

252,000 _ Use 36 rivets, 18 each side of center 

7220 * J ’’ line of web. Space in two lines 

staggered, 3J" o.c. 

Use 20 X l splice plate. 

Length = lO'-O" 

If a • plate intervened between the splice plate and the 
plate spliced, J would be added to the number of rivets 
theoretically required, or 

1.33 X 36 = 48 48 rivets would have to be used. 

Prob. 74b. Design a splice for a 14 X 1 cover plate 
(2 holes out, }" rivets). 


76. Flange Angle Splices. 

Since angles can generally be obtained in longer 
lengths than plates, flange angle splices are not 
required as often as other kinds of splices. When a 
splice is necessary, only one angle should be spliced 
at a time. The usual splice is made by a length of 
angle of equal net section riveted to both legs of the 
flange angle, as in Fig. 126 (a). Usually a splice 
angle is selected with legs of the same width as those 
of the flange angle. The projections are planed off 
as shown at A in the figure to make a more work- 
manlike job, and the corner, shown at B, is also 
ground off to dear the fillet of the flange angle. 
Special gauges in the angles will be required in order 
to drive the rivets properly. An angle of the same 
size as the flange angle but of greater thickness will 
be required, inasmuch as some of the area has been 
eliminated by grinding or milling. If the required 
net section cannot be supplied by one angle without 
exceeding the maximiun thickness allowable (equal 
to the diameter of the rivet usually), the largest 
possible splice angle is used and the remainder of 
the required area is made up by a plate riveted to 
the vertical leg of the flange angle on the far side, 
as in Fig. 126 (6). In order to keep splices suffi- 


ciently staggered, the top angle should be spliced 
on the nearside and the bottom angle on the far 
side, and the reverse order should be followed on the 
other side of the center line of the span. This is 
diagrammatically illustrated in Fig. 127 (a) and it 
will keep the punching symmetrical. The splice for 
the compression flange angles is made the same as 
that for the tension flange angles, for reasons of 
symmetry. 
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The number of rivets required for a splice, where 
no cover plate exists, can be obtained by dividing 
the value of the net section of the angle in tension 
by the controlling value of the rivet (usually single 
shear). It is unnecessary to allow for the variation 
of the flange stress due to the changing moment 
here, for the rivets are able to carry the full value 
of the angle and therefore can carry any increment 
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Fig. 127 

of stress. When cover plates occur at the flange 
splice, the number of splice rivets calculated as 
above should be increased to cover the increase of 
flange stress occurring in the length of the splice 
angle. The extra number required cannot be 
accurately obtained unless the length of the splice 
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angle is known in advance. 41 Since the splice usually 
occurs where the increment is small, it is generally 
sufficient to allow two or three extra rivets for this 
purpose. 

The required number of rivets should be pro- 
portioned between the legs of the splice angle ac- 
cording to their areas. If the legs are equal, one- 
half of the rivets are placed in each leg, and so on. 
Rivets already transferring horizontal shear may 
l)e considered as splice rivets if they are included 
in the splice angle. The rivets should be placed 
close together to make the transfer in as short a 
distance as possible, but the net section of the 
basic design must be maintained. As before, a 
cover plate carried beyond where it is needed will 
aid the splice, as indicated by the dotted lines in 
Fig. 127 (6). 


Illustrative Prob. 76a. Design a splice for a 6 X 6 X 4 
flange angle (2 holes out, j" rivets). 

Gross section * 5.75D" 

2 holes l X J - 087 _ 

4.88U" 

Tensile strength - 4.88 X 16,(XX) «= 78,000# 

Single shear J" rivet * 5300# 

Bearing on }" metal * 9000# 

78,000 _ ^ , Use 16 rivets, 8 in each leg. 

5300* Space 3" o.c. staggered. 

Splice L 5J X 5J (Planed from 6X6) 

5i X 5| X J “ 7.69 
2 holes I X J - 1.31 

0.380'' 

51 X 5} X I - 6.48 
2 holes j X { = 1.09 

5.39" 

Use 5J X 5} X J X 4'-0" Splice angle. 
Prob. 76b. Design a splice for an 8 X 8 X I flange angle 
(3 holes out, I" rivets). 


Section 5r 


DESIGN SUMMARY 


76. Typical Design Example. 

In order to review the principles discussed in the 
preceding articles, the following problem is given. 
The reasons and article references are often shown. 
It is understood that such explanatory notes are 
not a part of the design. A typical design sheet 
would be carried out more in the order of Art. 39. 

Design the plate girder for the condition of loading shown 
in Fig. 128 (a). Height from the finished floor to the bottom 
of the girder fire protection must be approximately 8'-0" 
on account of door ownings, and so on. 

The span will lie taken as 59'-0" (assuming the H columns 
to be 12" as a minimum), as in Art. 40. An approximation 
for the weight of the girder must be rnude. From Art. 42, 

W,=3+ 4^5“ 3 + S“ 16-6 B “ y 17#/D '• 

L.L. = 200 • 

1" Grano. Fin. = 12 
10" Slab = 120 
Plastered Ceiling Direct * 5 

Girder - J7 
T.L. « 354 say 355#/a'. 

The approximate height of the partition above, as in (6), 
w 14'-0" - (l'-4") - 12.67'. 6" T.C. plastered two sides 

35# per superficial foot. The cross section shown in 
Fig. 128 (c) will be used in an effort to reduce the weight of 
the girder fire protection. 3" T.C. plastered one side «= 22# 
per su|)erficial foot.. Its height is approximately 4'-7". As- 

* Referring to Fig. 126 (a). Prof. C. M. Spofford in his “ Theory of Struo- 
tufra " states: "... the rivets at a must carry, from the flange into 
the splice angle in the distance mn, one-half the increment in flange stress 
in that distance (the other half going through the same rivet to the flange 
angle on the left-hand side) plus one-half the stress in the main angle at 
m (since the angle is equal-legged). The rivets at c should be computed 
to carry the same amount, since it is proper to assume that all the incre- 
ment in flange stress is carried by the oover plates, the angle being fully 
stressed before cover plates are added." 


Burning 14" for the dimension u, the width of concrete is 18". 
Assuming 3" as the thickness of the total flange metal, the 



\%-3itooo 9 erJHooo* 

60 

Fia. 128 

thickness of concrete will he approximately 8". The load 
per foot may now be calculated. 
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Load per linear foot. 

Floor - 365 X » -7810 

Partition « 12.67 X 36 - 444 

F.P. T.C. « 2 X 4.58 X 22 - 201 
Concrete - 18 X 8 - 144 

8699 say 8600#/ft. 

The load from the column* #26 and #26 is 70,000# each, 
obtained from other data. Figure 128 (d) shows the loading 
diagram. 

fi, - /{, - — + 70,000 - 323,700 nay 324,000#. 


The maximum moment occurs at the center of span. 

8000 X (29.5)* 


M mtI - 324,000 X 20.5 - - — ~ v ""' — - 70,000 X 10 

« 

- 5,110,000'#. 

Web Plate. 

V - 324,000#. Allowable v - 12,000#/o" (Art. 45). 
v 324 non 

Awn — — — — * — 27D" net area of web plate required. 

v 12,000 

Awn - « Aw, the gross area (Art. 45). 

Hence } X 27 = 360" gross area of web plate required. 

The depth of girder should be between ~ and (Art. 41). 

10 12 


15 * 5 »' 


71" 


“ xi2 


59" 


Try 66" Web Plate 


on account of limiting conditions (see statement of problem). 
That iq, 14'-0" - (8'-0") = 6'-0" = 72". Allowing for tire 
protection, 66" maximum available. 

Aw _ 36 
d W 66 

^ * 0.41" (Specification Art. 45). 
160 


> 0.54 
O.K. > 


Use 66 X A Web Plate. 


Flanges. 

M mft x * 5,110,000'# = 61,320,000"# 

The trial effective depth will lie taken as the depth of web 
plate. 

Flange stress, F - - 933,000# (Art. 47) 

66 


Total flange area required (net) * * ■■ 58.2 □" 

lbjCKKJ 

| the gross area of the web will tie allowed as available flange 
material. { Aw — i X 66 X A - 4.640". The amount 
to be supplied by the flange proper is then 58.2 — 4.64 » 
63.50O". As a guide, about one-half the flange area should 
be in the flange angles if possible (Art. 37). 

^5? = 26.780" - 13.390" for one angle (net). 

2 2 

rivets arc to be used. The largest available angle is 
then 8 X 8 X J, unless 1" rivets arc used. 

Gross area l - 8 X 8 X if L - 13.23d" 

2 holes out each L »2 X 1 X J «■ 1 .75 

11.480" net area — 1 angle. 
53.56 — (2 X 11.48) — 30.60" to be supplied by the cover 
plates. With 2-8 X 8 angles, 18" or 20" cover plates are 
used (Art. 49). 

Try 2-18 X J Pis. and 1-18 X 5 PI * 

Gross area - 18 X 0.75 - 13.500" 
2 holes out * 2 X 1 X * 3 1.50 

Net area — 12.000" 


* 2-18 x 1 C.PIb. were tried and found insufficient. Also 2-20 X | Pis. 
are insufficient. If 3 plates arc necessary, an 18" width may as well be 
used ae a 20" width. 


30.6 - (2 X 12.00) - 6.60" 

Gross area 18 X f PI. - 18 X 0.62 - 11.250" 

2 holes out - 2 X 1 X t - 1.25 

10 . 000 " 

Some excess of flange area should be provided in addition to 
that theoretically required to allow for contingencies. Hence 
the following make-up of flange material will be used: 

i Aw - 4.64 « | of 66 X A Web PI. 

2L! CaS^ngk ) “ 22.96 - 2-8 X 8 X i flange angles 
2 Cover Plates 

(L£hpla°te) “ 24 00 - 248 * * Cover Plates 
1 Cover Plate 

(2 holes out) » 10.00 - 1-18 X l Cover Plate 
61.600" Total net area w 
58.200" Required 

The section should now be tested to note whether the dis- 
tance between the centers of gravity of the flanges is within 
the distance back to back of angles (Art. 37). Referring 
to Fig. 129, 

2X11.48X30.93 d-12.0 x33.62 4-12.0 X34.37+10 X35.06 _ ;< 
2 X 11.48 + 12.0 + 12.0 + 10.0 

Distance c.g. Flange to c.g. Flange * 2 X 33 - 66" 1 n K 
Distance back to back of Flange L? — 66.5" J ' 1 

The above calculation is based upon net sections. The result 
is not materially different if gross sections were used. 



The next step is to determine the cover plate lengths. The 
values of the moment at a sufficient number of fioints along 
the span must be calculated to establish the moment curve. 
Thus 

M @ 4'-0" from R x - 324,000 X 4 - ^ (4) * 

- 1,227,200'# 

M @ 8'-0" from R, - 324,000 X 8 - 8600 * (8) * 

- 2,316,800 

M @ 12'-0" from R t - 324,000 X 12 - P 600 * (12) > 

- 3,268,800 
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U & Ifl'-O" from A - 324,000 X 16 - ^°° ^ (16 ? . 

- 4,084,000 

M @ 19'-6" from Ri - 324,000 X 19.5 - 8600 * (19,6)> 

- 4,680,000 

U @ 24'-0" from A - 324,000 X 24 - 9 600 * (24) * 

- 70,000 X 4.5 - 4,984,200 

M @ 28'-0" from A - 324,000 X 28 - 860(1 * 

- 70,000 X 8.5 - 5,105,800 

M @C.L. - maximum, as already calculated « 5,110,000"# 

These values are plotted in Fig. 130, the flange areas are 
superimposed upon the diagram, and the resulting cover 
plate lengths are found, as described in Art. 53. The 
results are: 

1-18 X } C.P1. X 40'-O" 

1-18 X i C.P1. X 30'-O" 

1-18 X | C.P1. X 26'-0" 




The engineer’s sketch (shown in Fig. 131) often includes 
only the information calculated thus far. The remaining 
computations are more in the order of detail design and 
often are supplied and submitted for approval by the struc- 
tural fabricator. 

Stiffeners @ interior concentrated load. P = 70,000# 

Bearing area required “ ~ * 20 065 " 3,50D ” 


4 If are required under the column for practical reasons. 

* 3 50 

—■ « 0.87D" area required for one L . 

The size should be 6 X 31 (Table 28). 

Available length of bearing * width of outstanding leg of 
stiffener angle — radius of the fillet of the flange angle, or 
0 - | * 5.37" (Fig. 132). 

0.87 

t ® ^ * 0.10" required. The minimum available is J". 

Hence use 4-0 X 3j X | L? . The number of rivets required 
may be calculated as follows: 

Enclosed bearing on web « J X A X30,000 ■ 14,780# 

Double shear - 24,000 X 0.0013 - 14,430# controls 

M . . 70,000 . 0 

No. rivets * » 4.8 say 5. 

14,4oU 

The maximum allowable spacing of 0" will control the design 
here however. The arrangement is shown in Fig. 132. 



Intermediate Stiffeners. 

1 00 

o.n. leg not leas than — (depth of web plate) + 2" » — - -|- 2 
oO 30 

= 4.2. 

Use 5 X 3J X A stiffener angles X 5'-4J" and 3Xl har 
fillers X 4-2". 

The spacing of intermediate stiffener angles may be ob- 
tained from 

V @ l'-0" from A - 324,000 - 8600 - 315,400 

ds - ~~(l2,000 - - 0.1" say 10". 

It will be more economical to revise the web plate size, 
making it 00 X f . Hence 

t m 0.03 Awn * 1 X 00 X 0.03 - 31.20" 
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V @ l'-6" from R\ - 324,000 - 1.6 X 8600 - 311,100 

d, - 9^12, 000 - - 33" say 2'-6" 

V @ 6'-0" from R, - 324,000 - 6 X 8600 - 281,000 

d, « ^^12,000 - j - 48.7" say 4'-0" 

V @ ll'-O" from R, - 324,000 - 11 X 8600 - 229,400 

d, - ~( 12,000 - - 74" use 6'-0". 

40 \ 31.2 / 


This method is too laborious to be of use commercially and 
• an approximation may be made by employing 


V 

V 


(Art. 60). 

V Afn 

14,430 X 01.86 27.6 _ „ 

302,500 22.96 


A still simpler solution may be made by using 


V 


R-de 

V 


Specifications require that the maximum spacing of inter- 
mediate stiffeners shall not exceed the depth of the girder, 
or in any case 5'-0". The above calculations are used us a 
guide, and the stiffeners must be arranged to meet actual 
conditions as shown in Fig. 133. 


in which the effective depth, d e , is taken as J" less than the 
depth of the web plate. 


V 


14,430 X 65.5 _ 
302,500 


Use 3" 



Spacing of Flange Rivets. The cxuct method involves cal- 
culating the horizontal shear per linear inch. For panel A, 
Fig. 133, the angles constitute the flange. Referring to Fig. 
129. 


The statical moment Q = A • d 
The shear per linear inch = bq =» 


* 26.46 X 30.93 
VQ 
/ 


I (the inertia) 


66 X A PI. 


M* _ 0.5625 X (66)* 
12 “ 12 


820"* 


/ of 4 L2 *4X 79.6 = 320 

Ad* of IS = 13.23 X 30.93 2 X 4 * 50,600 

64,390"« Total 


V @ C.L. panel A = 324,000 - 8600 X 2.5 = 302,500 


bq 


302,500 X 820 
64,390 


3950#/in. 


The load directly on the top flange 


8600 

12 


720#/in. 


The resultant - v 7 (3950) 2 + (720)* = 4140# 

The controlling value of the rivet * 14,430# (see preceding 
computation). 

14 430 

V - - 3.48" pitch of rivets in panel A. 


The remaining values of the pitch figured in 
arc as follows: 

this manner 

Panel B. 

_ 14,430 X 05.5 _ 

V 284,500 438 

Use 31" 

C . 

_ 14,430 IX 65.5 _ , 

H 244,800 

Use 3J" 

D. 

14,430 X 65.5 

V 201,900 

Use 4J" 

E. 

14,430 X 65.5 = 5 95 „ 

1 168,900 

Use 5i" 

F. 

_ 14,430 X 65.5 _ 

P 115,900 817 

Use 6" 


When the calculated value exceeds 6", no further calcula- 
tions are necessary, as the rivets must be spaced 6" on centers 
as a maximum. The above method is one which is often 
used in commercial design rather than some other more in- 
volved method. It will l>e noted that when the actual 
pitches to be used are selected (to the nearest }" below), the 
same selection results in many cases for a given panel, irre- 
spective of the method used. The influence of the direct load 
at the top chord on the rivet pitch is small in this case, as 
illustrated above, and therefore it is neglected in the remainder 
of the calculations. 

Cover Plate Rivets. The largest horizontal shear affecting 
the cover plates occurs at the end of the inside plate. The 
exact method involves the shear per linear inch as before. 

Q (the statical moment) of the cover plate about the 
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neutral axis « 18 X 1 X 33.62 - 463"*. The moment of 
inertia of the whole cross section with one cover plate top 
and bottom (see Fig. 129) is 

/offlfl X ft PI. - M 0.562 5 X (60)* _ 13 470 

12 12 

/ of 4 L* - 4 X 79.6 - 320 . 

A • d* for l» - 13.23 X 4 X 30.03' - 60,600 

(/of cover plate about own axis 
neglected) 

A • d* for C.P1. - 18 X ! X 33.62* X 2 - 31,200 

95,590"' (Total) 

F @ end of cover plate — F ® 6'-6" from Ri ■ 324,000 
- 8600 X 6.5. 

F = 268,100# 

268,100 X 463 
95,590 




1300#/in. 


i Unenclosed Bearing 4> rivet 

24,000 X I X A ® 11,800# controls 
Double Shear - 14,430# 

No. of rivets required for shear - - 29 

l Aw has been counted upon as flange material. Therefore, 
the splice must carry this proportion of the moment. 

A/max “ AprXdt X 16,000 = 61.6 X66 X 16,000 - 65,000,000"# 

Mw (the moment carried by the web) * A/ max Lli? 

Apt 

a aA 

Mw 


A < 14 . 

65,000,000 X - 
61.6 


4,900,000"#. 


A trial arrangement must be assumed. Considering three 
rivets in a vertical line in the horizontal plate in Fig. 134, the 
polar moment of inertia is 


23.5 


552.5 


The rivets are in single shear, and the controlling value 
*= 7220#. There are 2 rivets in a transverse line. Hence 


2 X 7220 
1300 


11 . 1 ". 


205* - 420 
i7.5* - 306 

1278.5 - 22d* for these 3 rivets. 


Such a solution is not used in practice and an approximate 
method is sufficiently accurate. Thus 


V 




Afn 

Acn 


(Art. 64). 


The effective depth may be assumed as less than the 
depth of web plate as before. The net section where one 
cover plate occurs is 4.64 -f 22.96 + 12.00 = 39.6D" - Apt 
at this point. Then 

_ 2 X 7220 X 65.5 X 39.6 _ 

V 268,100 X 12.0 ' ‘ 


This value agrees well with the exact method. The maxi- 
mum allowable pitch is 6" so that this determines the pitch 
for the cover plates. This is usually the case so that neither 
the approximate nor the exact calculations would influence the 
pitch to Ikj used generally. It is wise to make the calcula- 
tion for the extreme case to show that a 6" pitch is satis- 
factory, however. Many designers believe that there should 
be enough rivets at close spacing at the end of a cover plate 
to develop its strength. Thus 


Acn 


12.00D" Its tensile strength 


192,000 

7220 


27 rivets. 


12.00 X 16,000 
192,000# 


Hence use 28 rivets at the ends of the cover plates at 3" 
alternate spaces. All cover plate rivets shoidd be checked 
in location to see that they do not “ foul ” any stiffeners. 

Web Splice. Since the length of the girder is 59'-0", one 
web splice is required if the maximum available length of 
plate in this case is 33'-0". Detail dimensions: 

i" from b. to b. of IS at each end. 

59'-0" - (2 X }) - 58'-10J" 

58'-10j" — (2 X i" clearance at splice) « 58'-10" 
58'-10" - (33'-0") - 25'-10" 

Use 66 X A X 33'-0" 

66 X A X 25'-10". 

C.L. of splice located 25'-ll" from R\. The web must bo 
spliced for capacity. 

Awn - 66 X A X } - 27.9C3". Fmax - 27.9 X 12,000 

- 335,000#. 



The same value occurs for the 3 rivets in the horizontal 
plate at the bottom. Thus 

2 X 1278.5 = 2557 = 2d* for rivets in one line 
(neglecting the rivets in the vertical plate for the time being). 
The value of a rivet 1" from the N.A. is 

1^5 - 358#. 

The moment of resistance of the rivets in one vertical line 
of the two horizontal plates is 

358 X 2557 - 915,000"# 

The number of lines required * * 5.3. 

91o,000 

Try 5 lines. The arrangement is shown in Fig. 134. 

2d* for vertical plate 

2* * 4 336 X 2 *» 672 for 1 vertical line 

6* * 36 672 X 2 ■ 1344 for vertical PL 

10 * - 100 
14 * -196 

336 (above N.A.) 
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Si* for hori zontal Pis. • 

23? - 362.5 

20.5 * - 420 

17.5* - 306 

1278.5 for 1 line in 1 PI. 

2 _ 

2557 for 1 line in Pis. top and bottom lines 

5_ 

12,785 for vertical Pis. 

1,344 for horizontal PI. 

14,129 total. 

rt - (Art. 73) 

If 

n - — - silo# 

v_33yoo_ 

n 46 

Resultant - V(8150)> + (7240)* - 10,900# \ njc 
It (allowable) - 11,800# j ^ 

The above design may be altered somewhat if desired so 
that the actual stress on the extreme rivet is nearer the 
allowable by using a few less rivets, but this splice will be 
used.* It is always advisable to be conservative in the de- 
sign of splices. The thickness of splice plates required will 
either be controlled by the shear or by the moment, carried 
by the web. 


The average stress for the horizontal plate is approximately 

. 12,120 + 7320 _ 982(Wd „ 

2 

The total moment of resistance may then be expressed as 
M r " Vertical Plate + 2 Horizontal Plates 

« + 2 X ave. stress X area X arm 

6 

- - " ■ 1‘ - - + 2 X « (ave.) X 0 X t X 20.5. 

6 

M r - 7520 * Xft iL * + 2 x 9820 X 9 t X 20.5 - 4,900,000"# 
6 

t (for both plates) * 1.01" Use splice Pis. J" thick. 

The sizes are indicated in Fig. 134. These are determined 
by maintaining 1 j" edge distance for the rivets. 

Flange Angle Splice . Since angles are usually available 
in 0O'-O" lengths and sometimes longer, no splicing of the 
flange angles is required. 

Caver Plate Splice. Assuming that the maximum length 
of cover plate available is 36 # -0", the inside cover plate 
would have to be spliced. The lengths of the cover plates 
are 46'-0", 36'-0" and 26'-0". The second cover plate, 
therefore, projects by the splice line 5'-0" approximately 
and it may be used as a splice plate. This method is always 
desirable, as it avoids an awkward splice plate on the top of 
the girder. 

A civ (the net area of the plate to be spliced) * 12.0E" 
12.0 X 16,000 * 192,000# 



Fici. 135 



There is no intervening plate between 
the plate spliced and the splicing plate 
.so that no extra rivets will have to be 
added to those theoretically required 
(Art. 74). 



line of girder. 


13 spaces @ 3" = 39". lienee these 
rivets may be easily placed in the 5'-0" 
available. 

Erection Seat. An erection seat will be 
required to facilitate the erection. The 
weight of the girder and the time of the 
erection may be calculated as follows: 


Awn from above = 27.9E". Height of the three plates 
= 9 + 9 + 31 - 49". 

= 0.57". A" PI. each side for shear. 


To safely resist the bending, the stress at the edge of the 
outside splice plate must be such that the stress at the center 
of gravity of the flange does not exceed 16,000#/a" as al- 
ready designed. This stress may be found by the propor- 
tionate distances to the respective flbres. Thus in Fig. 135, 


Stress @ a-a 25 
16,000 “ 33 

Stress @ 5-6 _ 15.5 
16,000 * 33 


Stress @ o-o - 12,120#/p" 
Stress @ 6-6 - 7520#/a" 


* 4 vertioel line, in the horiiontal pint, are not quite .uffioient. The 
rivet, might be .paced a little farther apaft vertically and a few leu uaed, 
a. a poMible arrangement. 


2-18 X I C.P1. X 46'-0" = 1.5 X 46 X 30.6 X 2 = 4,240# 

2-18 X i C.P1. X 36'-0" = 1.5 X 36 X 30.6 X 2 «= 3,310 

2-18 X | C.P1. X 26'-0" = 1.5 X 26 X 25.5 X 2 = 1,990 

4-8 X 8 X j L‘ X 59'-0" - 4 X 45 X 59.0 - 10,620 

1-66 X A Web PI. X 59'-0" - 5.5 X 59 X 22.95 « 7,450 

27,610 

Add 10% for the weight of 

details such as stiffeners, etc. ■ 2,760 

30,370 

The reaction due to this weight * = 15,180#. The 

standard erection seat is a 6 X 4. The controlling value 
of the rivets as in Fig. 136 is 7220#. 

xt - j 15,180 0 , 

No. required - - 2.1. 

Use 4 for practical reasons. 
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Fig. 138* 


-8 

< 

•8 

Steam#* 

9VfyJi 

8 

8 



<*> 

• 


1 

- «<>'-<>’ \ 



il -tso 

SmfJb- 3 
SubT/r - J 

fSbb - 73 


/VOrJtofJLJL 
Fig. 130 


54 required. 


End Connection. The end reaction =* 324,000#. For the 
web connection, the controlling value of the rivet is 14,430#. 

324,000 00 r f><1 . . . . 

- — « 22.5 or 23 rivets are required. 

14,430 

For the rivets in the outstanding legs of the connection 
angles, the controlling value for field rivets is 6020#. 

“ 54 required. 

Figure 137 shows the end connection. 27 rivets are used 
in each leg of each angle for symmetry. Figure 138 shows 
a typical shop drawing of a similar girder, but not the one 
designed. 

Prob. 76a. Design a plate girder for the conditions of 
loading shown in Fig. 139. 

* Courtesy of the Eastern Bridge and Structural Company, Worcester, 
Mass. 
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PLATE GIRDER DETAILS 


77. General. 

“ No engineer is thoroughly competent to design 
steel structures unless he has had previous experi- 
ence in detailing. For this reason fabricating 
companies seldom employ as designers men who have 
not spent three or more years in making working 
drawings. Instructions for a drafting room can 
usually be read with profit by a designer.”* This 
is particularly true in the case of plate girders. An 
inexperienced designer may call for details which 
are entirely wrong, or perhaps impossible, from a 
fabricator’s viewpoint. Some of the important 
details are discussed in this section for this reason. 
In addition, many points are mentioned in the 
previous discussion which border on the nature of 
details, purposely placed there. 

78. Beam Connections. 

If a stiffener is to be used to serve jointly as a beam 
connection,the flanges of the beam may be blocked off 
on one side, and the web of the beam may be placed 
against* the outstanding leg of the stiffener angle. 
A field connection may be made as shown in Fig. 
140 (a). The stiffener is located with respect to 
the length of the girder by “ witnessing ”t its gauge 
line. The dimension must be such that the center 



line of the beam is in the correct position. It is 


often advisable to space at least one rivet through 
the web of the girder unsymmetrical with the depth 
to prevent the possibility of placing the stiffener 
upside down. In Fig. 140 (a), only the bottom end 
of the stiffener need be milled. Some fabricators 
mark the bearing end, B.E., to make sure that the 
stiffener is properly placed. The above method is 
satisfactory for light beams but when heavy beams 
frame in, some other form of connection is used, 
because it is difficult to support the beam and drive 
the rivets at the same time. 

Illustrative Prob. 78a. If tho beam in Fig. 140 (a) is a 
12 1 31.8 having an end reaction of 14,000#, and the stiffener 
is a 4 X 3 X l angle, how many field rivets are required? 

Web thickness of 12 I 31.8 = i". 

Bearing of }" rivet on f" metal (either the beam web or 
the angle in this case) = 5630#. Single shear « 4420#. 

14JOOO _ 3 2 Use 4 field rivets as shown spaced 3" o.c. 

4420 

Standard connection angles on beams may be 
connected to plate girder webs, as illustrated in 
Fig. 140 (6), if the clearance below the flange allows 
the riveting. The same objection, however, is 

* Fh>m an article by H. Fleming, Engineering News Record, June 

8 , 1020 . 

t The lines which tie the dimensions of details to each other and which 
bound other dimensions ars called “ witness lines." 



Fio. 140 
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present here, as for beams framed into the stiffeners, 
namely, that difficult erection is encountered in 
many cases. 

Figure 140 (c) shows a common framing detail for 
a beam, which is the standard seat angle with the 
stiffeners under it. The design is similar to that for 
seat angles for beams on columns (see Index). 

Illustrative Prob. 78b. If the beam in Fig. 140 (c) is 
an 18 I 54.9 having an end reaction of 50,000#, how many 
rivets are required? J" held rivets. 

The size of the stiffener angles is determined in the usual 
way (Art. 55). 

Single shear =* 4420#. 

Bearing on |" metal ■= 5630#. 

50,000 0 „ io • . 

~ 11.3 Use 12 rivets. 

4420 

4 are placed in seat angle, as shown. 

8 more must be placed below seat angle. 

The spacing must not exceed 6". 

Use 6 X 4 X i seat angle X 0'-6" 
2-4 X 3 X | stiffener U?. 

Use fillers to take up the spaces between the thickness of 
the flange angle and the seat angle and the web plate. In 
such a case, one filler may lie eliminated by making the thick- 
ness of the seat angle the same as that of the flange angle. 
Use 34 X 3 X 2 top clip (T.C.) to secure beam laterally. 

A side clip may be used instead of a top dip in 
certain instances, such as when clearance controls, 
as illustrated in Fig. 140 (d). 

Prob. 78c. If the beam in Fig. 140 (a) is an 18 I 54.7 
having an end reaction of 22,000#, and the stiffener is a 
5 X 34 X i angle, how many J" field rivets are required? 

Prob. 78d. How many J" shop rivets are required in 
Illustrative Prob. 786? 

79. Stiffener Details. 

The following details, controlled by stiffeners, are 
important: 

(1) The outstanding legs of exposed stiffeners in 
double pairs should be stitch-riveted 12" o.c., or 
else they should be spaced at least 2" apart to allow 
for field painting and inspection. 

(2) Stiffeners should be ordered £" longer than 
actually required, in order to allow for milling. 

(3) Crimped stiffeners should be ordered to a 
length equal to the finished length plus the thickness 
of each angle over which it is offset. 

Stiffeners control certain rivet spacings, as 
illustrated in Fig. 141. The spacing of the flange 
rivets in (a), either side of the stiffener, is controlled 
by the dimensions of the rivet die (Art. 25). The 
clearance for rivets in crimped angles must be main- 
tained, as in (6). The cover plate rivets must not 
foul the stiffeners and clearance must be provided 
so that the rivets can be driven, as shown in (c). 

When stiffeners are placed under columns, their 
outstanding legs should be directly in line with the 
flanges of the columns, as shown in Fig. 142. If 


» the web of a column happened to be at right angles 
to the web of a girder, it may be better to use two 
plate girders with the webs under the flanges of the 
column or to use a box girder (Art. 84). 

Intermediate stiffener angles are generally faced 
so that their outstanding legs are toward the center 
line of the girder, although this is a matter of local 
practice and it makes no particular difference. 
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80. Filler Details. 

Fillers are used when a stress is transferred from 
one plate to another which is not in direct contact 
with the first. They are classified as loose or tight 
according to the method of riveting them. In 
Fig. 143 (a), the filler is loose because it is free to 
move with any deformation of the joint. It should 
never be used where a transfer in the direction of 
stress occurs, as dangerous secondary stresses are 
developed. Figure 143 (b) shows one type of a 
tight filler, that is, the filler is connected by in- 
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dependent rivets and it is not free to move. In the 9 
latter type, in addition to the rivets required for 
direct stress, rivets are required for the secondary 
stress.* There are various rules which have been 
used to approximate the extra rivets required, and 
a common one is to add 60% to the number of rivets 
required for the direct stress, for each intervening 
filler. Such a rule takes no account of the relative 
thicknesses of the plates and the filler, in offering 
bearing resistance. It is also assumed that the 
rivets distribute the stress from plate a in Fig. 143 



Fig. 143 

(6), uniformly over plates b and c, as if they were 
one piece. A more exact solution would be to 
distribute the rivets in proportion to the thicknesses 
of the .plates, especially if the thickness of a is less 
than tne thickness of b or c. In any case the load 
should be assumed to travel in the direction which 
gives the greater number of filler rivets. The top 
plate may be extended, as indicated by the dotted 
lines in Fig. 143 (c), if desired. 


(4) When girders are laterally unsupported, the 
top and bottom flange angles may be of different 
thicknesses. ' This necessitates judgment relative 
to the thickness of the filler. The following is 
suggested: 

Difference Filler 

fa" use filler of either angle thickness. 

i" use mean thickness. 

>£" use two fillers of different thicknesses. 

(5) In case of fa" differences in the thicknesses 
of metal, use a filler to the nearest fa" above, as the 
paint and scale on the metal will tend to make up 
the difference. 

81. Framing Details at Columns. 

When an end of a plate girder is to be supported 
by a column, it may be framed into the face of the 
column or it may run over the top. In the first 
case, the common method is to use an erection 
seat and a pair of special connection angles 
(Art. 29), as shown in Fig. 144 (a). A typical set 
of design computations is given in the last part of 
Art. 76 and the details resulting are shown in 
Fig. 137. An alternate detail is shown in Fig. 
144 (b), in which the end reaction is carried by a 
seat angle with stiffeners under it. This method 
involves more material, as stiffeners are required for 


This virtually makes a loose 
filler but with a sufficient 
number of rivets to develop 
the stresses. 

The following suggestions 
are useful in determining filler 
dimensions: 

(1) Loose fillers should be 
made the same width as the 
leg of the stiffener adjacent 
to the web plate. 

(2) A clearance of J" is 
generally maintained be- 
tween the ends of a filler bar 
and the toes of the flange 
angles, top and bottom, ex- 
cept for exposed work. In 
the latter, the length is made 



Fig. 144 


the same as the clear distance 


between the toes of the top and bottom flange angles, 
in order to avoid rain pockets. Care should t>e taken 
to provide against the overrun of the flange angles. 

(3) Fillers less than fa" thick are not generally 
used. 

* The method of design which is nearest to correct is that for designing 
pin plates (see Index), although such a method is considered too conserva- 
tive by some designers for this detail. 


the girder and the seat also. The seat angle and 
its stiffeners are shop riveted to the column so that 
they become a part of that member (for typical 
design, see Index). These stiffeners often affect 
the details with respect to the fire protection ma- 
terials. In any case, a combination of the Bpecial 
connection angles, as in Fig. 144 (a), and a seat 
angle detail, as in Fig. 144 (6), should never be used 
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if it can bo avoided (Art. 29). The stiffener angles 
A and B in (b) have to be very heavy, as only one 
pair can be used to develop the end reaction. 

When the end of the girder runs over the top of a 
column, a detail similar to that in Fig. 144 (c) may 
be used. This is considered by many engineers to 
be a good detail to use even if the column continues 
above the girder, as indicated by the dotted lines. 
A stiffening plate, C, should be used to make the 
connection more rigid and to aid in reducing the 
eccentricity in the column as much as possible. 
When the girder deflects, as it will, more load is 
thrown into the stiffeners B than into those at A. 
The exact amounts of the load are indeterminate, 
but a conservative rule is to design the stiffeners B 
and D for two-thirds the end reaction and the 
stiffeners -4 for one-half the end reaction. Those 
at A and B may be designed as described in Art. 56, 
while those at D may be designed as described for 
seat angles (see Index). 

82. Ends of Girders Bearing on Walls. 

When an end of a plate girder rests upon a wall, 
the arrangement of the end stiffeners is important. 
They may be placed as shown in Fig. 145 (a) or (6). 
In (a), the stiffeners A and B are placed so that their 
outstanding legs are flush with the outer and inner 
edges of the bearing plate, respectively. The web 



plate is sheared to a dimension J" less than the 
finished out to out length at each end. This gives 
a finish to the fabrication. If more than four 
stiffener angles (A and B) are required to develop 
the end reaction, a third pair at C, may be 
placed with their gauge line coincident with the 
center line of bearing, faced either way. In Fig. 
145 (6), the two pairs of stiffeners, D and E, are 
placed symmetrically about the center line of bearing. 
Many engineers consider this to be a better detail, 


as the loads on the stiffeners in (a) are more or less 
indeterminate.. In either detail, the design is 
accomplished by the use of the principles outlined 
in Art. 56. For detail (a), a conservative rule is 
to design stiffeners B for two-thirds the end reaction 
and stiffeners A for one-half the end reaction. 

When the end of the girder is detailed to sustain 
the end reaction, it still remains to distribute the 
load properly on the wall. For light girders, it 
may be possible to use a simple bearing plate 
similar to those for rolled beams (Art. 15). In the 
usual case, however, the thickness of plate required 
is excessive, and a sole plate is riveted to the bottom 
of the girder, as shown in Fig. 145, to provide a 
portion of the required thickness. Such a plate also 
ties the outstanding legs of the bottom flange 
together at the bearing, and in addition, it provides 
a place for the anchor bolts. A typical design is 
given near the end of Art. 39. 

Plate girders which are connected to columns are 
given rigidity by the end connections (Art. 29). 
When a girder rests upon a wall, anchor bolts are 
used in many cases to aid in making the end secure 
against motion. They are used particularly ^^tfhen 
an uplift is exerted at the end of a girder by un- 
balanced loads caused by cantilevers. TMf size is 
arbitrarily made 1" when only a question of lateral 
rigidity is concerned, but when uplift is possible, 
they should have a sufficient net section to offer 
a safe tensile resistance to such action. The 
bolts in the latter case must have a length of 
embedment which will engage a sufficient weight of 
masonry to offset the uplift.* At the lower ends of 
the bolts, single washers or a combined plate washer 
must be used which will have area enough to develop 
the tensile strength of the bolts by bearing on the 
masonry. The thickness of the washers must be 
great enough to safely resist the bending induced 
in them by the bearing action (Art. 13, Book 1). 

The holes for anchor bolts are generally drilled 
iV' greater than the diameter of the bolts to allow 
for the placing of the girder after the bolts have been 
set. 

When a girder is exposed to the weather, an 
appreciable change in its length occurs, due to 
expansion and contraction, if the span exceeds 
50'-0". The change in length may be computed 
by using the coefficient of expansion. For girders 
which are confined to the interiors of build- 
ings, the change of length is naturally much less, 
and no provision is made in many cases for short 
spans, and particularly when the girder is encased 
with fire protecting materials. For other cases of 
interior work in which the girders are exposed, the 

♦ This does not mean below the bearing of the girder, except for roof 
girders, as the upper story masonry assists in providing weight in the 
usual ease. 
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change may be calculated upon a basis of a smaller , 
range of temperature. Provision for the longi- 
tudinal movement of a girder caused by such action 
may be made by the use of slotted holes, as shown 
in Fig. 146 (a). Incidentally, these give extra 
allowance for any inaccurate setting of the bolts. 
The length of the slot is dependent upon the change 
of temperature, and it should allow movement in 
either direction from the mean position of the bolt. 
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A rule of thumb employed instead of using calcula- 
tions is to allow a length of for every 10-0" of 
span. For very heavy girders, rollers may be 
used, as shown in Fig. 146 (6), but these are not 
common for girders in building work. 

Illustrative Prob. 88a. If the anchor bolts are 2-1 J"* 
and the girder span is 70* -0" and is exposed to outside tem- 
peratures what size of slotted holes should be used? 


Size of anchor bolts * 1}". Drill holes lA". 

Low temperature say —20° 

High temperature say 100° 

rah go ** 120° — T 

k for steel - 0.0000066/° F. 
e-l-T-k 

e - 70 X 12 X 120 X 0.0000066 - 0.66" say tt" 
lA + tt - 2}". Make slotted holes 2i" long. 

If the rule of thumb were used, e — 7 X i — J". 


For very large reactions and limited wall'bearings, 

a sole plate and wall plate combination may be 
insufficient, as the thickness of the sole plate is 
limited by its riveting (Art. 23), and the thickness 
of the wall plate should ordinarily conform to stock 
sizes, say, l£" thick as a limit. A rolled steel slab 
may be employed instead of a bearing plate in such 
an instance (see Index), but its use may mean delay, 
as these slabs are usually mill shipments. An alter- 
nate method is to use a grillage. 

Illustrative Prob. 82b. Design an arrangement for a wall 
bearing of a plate girder with a 60 X i web plate and 8 X 8 X t 
flange angles. 24" brink wall, 1 : 3 P. C. mortar, 1" rivets. 
End reaction = 200,000#. 

Allowable bearing « 250#/o" 

^ . . 200,000 0/1A1 -,„ 

Required area = — 250 ” * 8000 

Maximum available bearing length = 24 — 4 =* 20". 

Bearing width = ^ = 40". 





Referring to Fig. 147 (a), the projection beyond the toe of 
the fillet of the flange angle is 20 — (i + J + f) " 18.26". 

M, for a 1" strip - 250 X P 8 - 25 . * ? - 41,600"# 

A 

Use 20 X i" sole plate X l'-8". 
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\ 


4.’ 


M f of flange angle leg and sole plate combined - ^ * ** 

6 


_ 2o y ooo xixq + i)^ 


6 


10 , 200 "#. 


t 


/ 3M00X 

V 20,000 


Moment still to be carried — 41,000 — 10,200 =* 31,400"#. 

- ™ 3 08" Use 3J" Rolled Steel Slab. 

20" wide, 3'-4" long. 
20 X i sole PI. X l'-8". 

Bearing under sole plate - - 500# /□" O.K. 

20 X 20 

Alternate design. 

Total moment about toe of fillet, Fig. 147 (5), is 
31,400 X 20 - 628,000"# 

I . , 628,000 ono//1 

c’ reqmred “ 1*000 

20" width available. Try 4 small beams. 

— - 0.8''* per beam. Try 7 I 15.3. 

4 

flange width b - 3.66". 4 X 3.66 * 14.64" 

20.00 — 14.64 — 5.36". 3 spaces between beams 
5 36 

- 1.78 O.K. for concreting. Space beams 5f" o.c. 
3 

Maximum shear in grillage beams 
1 


v 

L 

v 


W.. L- a 

L 2 n • d • t 

3.33', a = 1.67', n - 4, d * 10", t 

1 


0.25" 


200,000 3.33 - 1.67 

3.33 X 2 X 4 X 10 X 0.25 


- 5000#/d" 


Buckling* ft 


16,000 - 120 j 


O.K. 

allowable - 10,000#/n" 
120 X 10 


16,000 - 


0.25 


Sb 


fb * 1 1,200# /□" allowable 
W 200,000 


n^l2a+^f 4^20 + ™ jo25 


« 8000#/n" O.K. 


Use 20 X i sole plate X l'-8" 
Use 4-7 I 15.3 X 3'-4" 

Use 20 X ! X 3'-4" distributing plate under beams. 

Use 1" gas pipe and rod separators (Art. 32fc 


Prob. 82c. Determine the size of slotted holes for two 
1"0 anchor bolts for a girder span of 80'-0" exposed to 
outside temperatures. 

Prob. 82d. Determine an arrangement for the end tear- 
ing of a plate girder on a 20" brick wall, 1 : 3 P. C. mortar, 
if the end reaction is 70,000#. Plate girder section 48 X J 
web plate, flange angles 5 X 3J X |. I" rivets. Use sole 
plate and bearing plate if possible. 

Prob. 82e. Design an arrangement for a wall bearing 
of a plate girder with a 60 X § web* plate and 6X6X1 
flange angles. 24" brick wall, 1:3 P. C. mortar. 1" 
rivets. End reaction « 150,000#. 


83. Camber. 

When a structural member has a long span, an 
optical illusion occurs and the member appears to 
sag. Quite frequently a plate girder is bowed up- 

* This is one instance where buokling should be earefully investigated. 


# ward slightly in the fabrication to offset this appear- 
ance. The amount of such distortion is called 
camber. It is also advantageous in that a girder 
will not deflect unduly below a horizontal when it 
is fully loaded, and consequently protection against 
cracking is afforded any materials fastened to the 
girder. In the fabrication, the girder is blocked up 
at the center the required amount when it is being 
assembled. The amount of camber may be equal 
to the maximum deflection as calculated (Art. 51), 
or it may be made only a portion of that value, 
depending upon judgment. The following rules 
are sometimes employed to determine the amount 
of camber for girders of spans greater than 50 / -0 // : 

1/1000 to 1/1500 of the span, or 

1/16" per lO'-O" of the span. 

When a girder is cambered, the rivet spacing must 
be adjusted. The web plate is usually kept straight 
and the variation of the pitch of the rivets in the 
vertical legs of the flange angles is determined by the 
template maker. The top flange angles are detailed 
slightly longer than those at the bottom, the differ- 
ence being determined by the difference in/the 
lengths of the two arcs, as illustrated in an exagger- 
ated way in Fig. 148 (a). The rivets in weJJ splices 
are placed slightly farther apart at the top than at 
the bottom in order to aid the fabrication, as in (6). 




tS/tohHy dnvfcr Htatfa? 





Fiu. 148 


Some engineers believe that cambering is prac- 
tically useless and an unnecessary expense. The 
authors believe that cambering should be used in 
certain cases such as when the soffit of the girder is 
exposed. Care must be used on the job to see that 
any fire protecting materials and plaster attached 
to the soffit in such a case follow the established curve 
of the bottom of the girder, for otherwise the prin- 
cipal object of the camber is destroyed. When a 
suspended ceiling is used, cambering of a plate girder 
is not necessary if the deflection is within safe limits. 

Prob. 88a. What camber should be allowed for a girder 
of 70'-0" span? 
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Section 5k 

MISCELLANEOUS GIRDERS 


84. Box Girders. 

A box girder is one in which more than one, and 
usually two, web plates are used, as illustrated in 
Fig. 149. Some of the instances in which they are 
used are as follows: 

(1) When the available depth for a girder is 
limited, such as over assembly halls, lobbies 
and so on, 

(2) when the shear is large, 

(3) in foundations where the exterior columns 
are carried by cantilever construction, 

(4) to distribute loads from heavy columns 
or to support thick masonry walls,* 

(5) for the bridge girders of electric traveling 
cranes, 

(6) when a girder lacks lateral support, the 
broad flange of a box girder offers stiffness, as 

V it has a well distributed horizontal area of steel. 
\ 

A boV girder is uneconomical as compared with a 
single pjate girder. There is a gain of only about 
12% ove: the single plate girder when a box girder 
with the same flange steel and depth is used. Such 
a member is clumsy and expensive to fabricate and 
it is not accessible for field painting and inspection. 
The flange rivets are limited in strength to single 
shear, which also increases the cost of the girder. 

In certain canes, such as when crane girders have walk- 
ways on the sides, torsional moment is introduced unless 
provisions are made to eliminate it. It is better to avoid 
torsion than to provide for it. In the case of a walkway, a 
stiffening girder, attached by lattice bars (sec Index), may 
l>e used to avoid any torsional moment. The bottom flange 
forms the support for the walkway and the web system 
serves as a railing. If a stiffening girder is not used, over- 
turning moment is develojied by the walkway. If the latter 
consists of two or three planks supported by light brack- 
ets, the moment, is small and it may be neglected. If 
the walkway is of steel or if a motor is located upon it, a 
considerable moment is developed uud the torsional stresses 
must be kept within safe limits. The theory of such stresses 
acting on a rectangular prism is very vague. The following 
is suggested by Mr. R. Fleming: 

SPECIFICATION CLAUSE! 

Torsional “The torsional moment in box girders shall 

Momont be assumed to produce vertical shears in the 
web plates and horizontal shears in the cover 
plates. These shears are assumed to produce 
no bending in the members in which they act 
and are to be regarded as pure shears. The 

* Two usual plate girders aide by side are considered better by many 
engineers for the support of brick walls more than 12" think. The 
flanges are very often braced, but this does not approach the expense 
involved for l>ox girders. 

t Developed by the Chicago engineering office of the American Bridge 
Co. 


torsional moment shall be divided equally be- 
tween the web plates and the covers, that is, 
Si • b * St • h (Fig. 140); where Si and S% are 
the total shears in web plates and cover plates, 
respectively. 

“Full-length diaphragms shall be placed at 
all points of applied eccentric loads to distribute 
the shears properly to the component parts of 
the girder. Sufficient diaphragms shall bo used 
throughout to maintain the true form of the 
girder. 

“ The unit stress in the connection between 
the web plates and the covers, produced by the 
torsional moment alone, shall be taken as equal 
to Si/h » $i/b. This stress acts in a direction 
parallel to the axis of the girder.” 
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At least one full-length cover plate should be used 
to hold the webs of box girders together and to aid 
in providing stiffness by distributing the stresses. 
The distance between the webs must, be within a 
reasonable figure, so that the breadth of the cover 
plate will not be too great, compared with its thick- 
ness. If more than one cover plate is used, the 
cut-off points of the outside plates may be deter- 
mined in the usual way (Art. 53). Stiffeners 
should be used on both sides of the web plates and 
proportioned and spaced as described in Sect. 
5e. Diaphragm separators should be used at 
any interior columns (Art. 33). Field connections 
for beams should be preferably made with through 
bolts. Short bolts may be used if hand holes are 
provided (Art. 33). The assembly of a box girder 
must be in a definite manner in order that the 
rivets may be conveniently driven. The two web 
plates with their respective flange angles and stiff- 
eners are first riveted together as individual units 
and then they may be tied together by riveting the 
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cover plates. Figure 150 shows a typical girder 
detailed. 

Illustrative Prob. 84a. Design a box girder to carry the 
loading shown in Fig. 151 (a). The depth is limited to 30" 
on account of headroom. A 20" width of soffit is also de- 
sired as a maximum. 


, AW - 100,460 X 10.97 - 930 X 6 X 7.97 - 19,100 
X ~ — - 822,500'# 

Awn (2 Plates) - - 12.940" 
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Test rivet pitch: Try }" rivets. 

R - d e __ 5300 X 28 
V “ 166,300 


P - 


- 0.96" (too close). 


U»eJ"rivets,p - .. 1.3"O.K.ifrivetettrcBt8ggered. 

155,300 


This pitch is only required for a short distance at the right- 
hand end and is calculated at this time as a guide so that 
net sections may be calculated. About one-half of flange 

area should be in the flange angles. — 9.25n" 

2 

Try G X 4 X 3 * 6.94 2 X 5.44 = 10.88O" O.K. 

2 holes out 

2 X 1 X i * JL50 Use 2-6 X 4 X 1 flange 15 
5.44 

18.50 — 10.88 == 7.620 " to l>e supplied by the cover plate. 
Try 16" plate (on a/c 20" soffit and 2" F.P. each side). 

16 X i PI. * lo.oon" 

2 holes out 

2 X 1 X t *= 1.25 Use 16 X i cover plate. 

8.76CJ" Place web plates 7" o.c. to 
maintain 16" width. 


I 24 X 12 
b “ 16 


18 < 20 O.K. 


^+1+2X2* 

\ 12.5 
0.5 


25 


= 12*" o.c. between rivet lines 

= - ratio for cover plate O.K. 

t 


Taking moments about, the neutral axis, to locate the center 
of gravity of the flange, 


th o 10 X 14.56 + 2 X 6.94 X 12.17 
2 ** 10 + 2 X 6.94 

26.4" < 28.5" O.K. for specification. 


13.2" d t = 26.4" 


Check compression area. 


F 

352. 000 

14.000 


352,000 f c - 14,000#/a" 
26.1D" gross 


* Aw « 3.50 
2 If - 13.88 
16 X f PI. ■ 10.00 

27.380" O.K. 


Check stress on extreme fibre. Calculate I 


M 


bj^iF 

12 


for 2 web plates 


2 X 0.5 X (28)» 
12 


A • d* for 2 If net - 5.44 X 2 X 12.17* 

/ for 4 15 - 4 X 24.5 

A • d 2 for 2 If gross * 6.94 X 2 X 12.17* 
/ for cover plates about own axes 

neglected 

A • d 2 for plate net « 1 X 8.75 X 14.56 * 
A • d 2 for plate gross *1X 10.0 X 14.56* 

I (total) 


1828 

1610 

98 

2058 


1853 

2120 

9567" 4 


— - 0,870,000 - * - 15,300# /a" O.K. 

C 14.87 


The cover plate extends the full length of the girder. No 
intermediate stiffeners are required (see previous calculations). 
Stiffeners should l>e placed at the 16,000# concentrated load 
(see loading diagram) according to the details of the con- 
struction. (For typical design, see Art. 55.) 


Flange Rivets. 

_ R-d § 7220 X 26.6 , „„ TT 

— ^ - 185,300 “ 13 Use lV °-°- Sta ® ered - 

Spacing diagonally O.K. for 2J" gauge. 
V @ l'-0" from R 2 - 155,300 - 19,100 - 136,200 
7220 X 26.6 


P * 


- 1.41" 


Use li" 


136,200 

V ® 2'-0" from R , - 155,300 - 2 X 19,100 - 117,100 
7220 X 26.6 

P ■ 


At left 


Ri * 
P - 


117,100 
100,460# 
7220 X 26.6 
100,460 


1.64" Use 11" pitch 


- 1.91" Use 11" pitch 


Similarly, the pitch at other points could be calculated and 
an arrangement determined for the girder. A maximum of 
6" o.c. staggered should not be exceeded. 


For the cover plate rivets, p ■> 

_ 2 X 7220 X 26.6 23J3 _ 

P “ 155,300 * 8.75 

Use 6" o.c. 


v ApN 
Acn 

= 6.56" 
staggered. 


No Hplices are required in the web, cover plate, or flange 
angles, as the girder is only for a 24'-0" span. If the girder 
rested upon walls, the design could be carried forward as illus- 
trated in Art. 39, and if it framed into columns, the design 
would be similar to that described in Art. 76. 

Illustrative Prob. 84b. If the box girder section in 
Illustrative Prob. 84a is subjected to a torsional moment 
of 350,000"#, what are the additional shears that should be 
provided for in the web plates and cover plates? 

Torsional moment divided equally between the web plates 
and the cover plates 

35(> ; <XX) = 175,000"#. 6-0" h — 28.5" 

jSi = vertical shear due to torsion in one web plate 
Si • b - 175,000 - Si X 9 8 X = 19,450# 

*S a * horizontal shear due to torsion in one cover plate 
S % • h = 175,000 - S 2 X 28.5 = 6160#. 


The rivets must resist these forces in addition to those caused 
by the vertical loading. 

Prob. 84c. Design a box girder to carry a load of 160,000# 
concentrated at the middle of a 32'-0" span. Depth limited 
to 40". Soffit limited to 20". 


86. Latticed Girders.* 

Occasionally a girder is used in which the solid 
web plate is replaced by a system of diagonal web 
members. Angles are practically always used for 
the latter and such bracing may be either single or 
double, as illustrated in Fig. 152 (a) and ( b ). A 
common use of such a girder is to place it beside 
a long span crane runway girder (see Index) to 
act as a stiffening member and thus brace the crane 
girder against transverse thrusts caused by swinging 
loads and the like. The latticed girder is placed so 
that either its top or bottom flange is at the proper 

* “ Latticed girders ” and " latticed trusses ” are often used to mean 
the same thing. For a roof truss, the member will be called a triangular 
or Warren truss. A “ latticed truss ” will refer to a wood truss, ortly 
(see Book 1). 
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elevation to make a lateral tie to the top flange of ( 
the crane girder by means of tie plates and lattice 
bars as illustrated in the figure. Another common 
use of these girders is in elevated railroad frames 
and lateral roof bracing. 

Since a latticed girder is composed of members 
which constitute a triangular framing, the principles 
of truss design are involved (Part III) . The common 
type approaches a Warren truss in nature although 
the depth is used in multiples of 6", while the panels 
are made equal in length when possible. Although 
the working lines should theoretically be the gauge 
lines of the top and bottom chord angles, in order to 
eliminate secondary stresses, auxiliary working lines 
are usually employed for these light members, as 
shown in Fig. 152, in order to keep the gusset plates 
alike and thereby reduce the number of details and 
the number of templates. Stitch rivets should be 
used, as shown, spaced from 2'-0" to 3'-0" on centers. 

86. Riveted Beam Girders.* 

When the loads are excessive for the use of ordinary steel 
shapes, beams are sometimes reinforced by riveting plates 
to bb<h the top and the bottom flanges, as shown in Fig. 
153. >hat in (a) is the section used in practically all cases. 
Such a ^veted beam girder is often more economical than 
two beamA placed side by side (cither with plates or with 
separators); and it admits repainting of the exposed surfaces. 



A, (k) 

Fia. 153 


The design of these girders is accomplished by employing 
the general principles of the design of steel beams. It should 
be remembered that the moment of inertia of the net section 
should lie used. If tho rivets in the cover plates can be 
staggered sufficiently to maintain a maximum net section 
(Art. 48), less metal will have to tic taken out in these 
calculations. It is recommended that the holes in the top 
flange be deducted, as well os those in the 1 >ot tom flange, 
for the reasons given in Art. 10f A trial section may be 
established by selecting a beam with a section modulus 

* A nnlectnl line of riveted beam girders is given in the Carnegie Steel 
Company’s “ Pocket Companion ” which have approximately twice the 
carrying capacity of the beams alone. The uniform loads they ’Kill carry 
on given spans, the increases in load carried for each increase in the 
thickness of the flange plates added, tho areas, gross section moduli, and 
weights per foot are tabulated. 

t Home engineers deduct only the rivet holes in the bottom flanges in 
these calculations and assume the location of the neutral axis unchanged. 

f The width of plate is governed by the projection beyond the rivets 
(Art. 66). The maximum thickness of plate is limited to the diameter 
of the rivet in order to avoid drilling holes. 


somewhat below that required, and adding plates -of pro- 
portionate dimensions, t 

The cover plates need not extend the full length of the 
girder except when the girder is to carry a wall. In such a 
case it may be desirable to provide a level bedding surface 
for the wail. Otherwise, the points where the cover plates 
may be cut off, are established by the methods used for 
plate girders (Sect. 5d). The plates should extend a dis- 
tance beyond the theoretical points of cut-off sufficient to 
develop the stress in them (usually taken as l'-O"). The 
pitch of the rivets connecting the cover plates to the flanges 
of the beams may be calculated in the manner described in 
Arts. 04 and 65. It should be remembered that the plates 
add to the flexural resistance of the member only and hence 
no increase in web resistance is provided. Duckling and 
shearing stresses should therefore be particularly and care- 
fully investigated. Stiffeners might be required for a given 
beam which was satisfactory in flexural resistance, but they 
are not ordinarily economical for rolled shapes, and a heavier 
beam should be used if the web is weak. 

The relation of girder weight to carrying capacity can be 
best illustrated by an example as follows: 

A 15 I 42.9 on a 20'-0" span can carry a load of 31,400# 
uniformly distributed. A 15 I 42.9 riveted beam girder 
with 2-8" X i" cover plates (weight 70.1#/'ft.) on a 20'-0" 
span can carry a load of 61,000# uniformly distributed 
(practically twice 31,400). 

31,400 = 37 2 ]bs. of load per lb. of beam. 

42.9 X 20 ^ 

=* 44.0 lbs. of load per lb. of beam. 

70.1 X 20 1 

The increased efficiency results by adding the area of the 
plates at the extreme fibre where it is most effective in re- 
sisting flexure. The difference pointed out above should not 
be misinterpreted, because the cost of riveting the cover 
plates to the beam offsets the usual saving in weight, and 
architectural considerations of headroom and trim should 
necessitate these beams before they nre resorted to. 

Illustrative Prob. 86a. Calculate the maximum safe load 
per linear foot which a riveted beam girder composed of a 
20 I 65.4 and two 10 X f plates can carry, j" rivets. Span 
20 '- 0 ". 

I of I-beam - 1 169.5"* 


I of 2 plates about their own axes 
neglected. 

A • d 2 for 2 plates (armj* 10 + A) 

2 X 10 X } X 10.31* 

Grip of rivet = J + l — 1 i" 

Area of 1 rivet hole = lj X J - 1.2d" 
A • d 2 for 4 rivet holes (arm — 10" 
approximately) 

1.2 X 4 X (10)* 


= 1330 

2499.5"* gross 


480 

2019.5"* net 


Mr 

Me 


s • I _ 16,000 X 2019.5 
c 10.625 


3,040,000"# 


- 1.5 w • L* - 3,040,000 - 1.5 w (20)* 
w = 5050#/ft. total 
Wt. of gdr. * 110 

w - 4940#/ft. net. 


Prob. 86b. Design a riveted beam girder to carry a 
total load of 124,000# uniformly distributed on a 26'-0" 
span. Use a 24"-81.4# I-beam as a basis. Detennine the 
size of cover plates, their length and the pitch of rivets re- 
quired. 



PART II 

DESIGN OF FLOOR CONSTRUCTION 



CHAPTER 6 


GENERAL CONSIDERATIONS 

87. Live and Dead Loads Defined. roofs, and all other permanent construction entering 

The design of floor construction is largely a into a building arc examples of t^ class of load. The 
practical application of the beam theory, and the live loads include all loads which are indeterminate as 
design of beams (Part I), coupled with such lim- to their exact locations at all times. Applied par- 
itations as the column design may impose (Part IV). ticularly to floor construction, the dead load is the 
The accuracy in stress computations is defeated weight of the flooring, fill, carrying floor and the 
unless the loads causing the stresses are calculated ceiling attached to it, and the live load is any that 



Fig. 154. Suspended Ceilings and Metal Lath Furring* 

(o) furred beams and cornices ( b ) false beams (c) flat ceilings 


and estimated upon a scientific basis. The loads is imposed upon the floor by the occupancy. Live 
which a structure is designed for are commonly loads often include those loads which are due to the 

classed as dead loads anfl live loads. The former possible relocation of partitions, but do not include 

are developed by those portions of a building which partitions which form a definite enclosure, such as 

constitute the physical enclosure and finish. Walls, would occur around public spaces, 

permanent partitions, the floor frame, finish floors, * Courtesy of Wickwire Spencer Steel Corporation. 
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Prob. 87a. Lb furniture in a house classed as live or dead 
load? What kind of load is plastering? What kind of load 
is a printing press? 

88. Dead Loads. 

As stated above, the weight of the floor construc- 
tion itself is an important factor in the determination 
of the total load which a floor system carries. The 
necessary calculations involve the determination of 
the nature of the construction, as established by 
the architectural plans, and a reasonably careful 
estimate of the weights of the materials included in 
the floor finish, the fill if any, the definite floor struc- 
ture, and the ceiling construction when it is attached 
to the carrying floor. Table 30 is useful in making 
the assumptions for such computations. 

TABLE SO 

WEIGHTS OP MATERIALS FOR 7LOOR CONSTRUCTION 
Finish Floors 


Floor Boarding (per inch of thickness) 3#/a' 

Granolithic 44 “ 12 

Floor Tile 44 44 10 

Stone Flagging? 44 44 14 

Grout 44 44 13 

Asphalt Mastic 44 44 12 

Paving Brick 44 44 13 

Wood Block 11 41 4 

Linoleum (I" Std. Thickness) 11 

Rubber Tile (j" Std. Thickness) 4 


Fills 


Cinder Concrete (not tamped) (per inch of thickness) 6* 

Screeds (Nailing strips) 2* 

Sand (per inch of thickness) 8 


Structural Floor 


Floor Boarding (per inch of thickness) 3 

Plank Flooring “ " ?. 3} 

Cinder Concrete (tamped) (per inch of thickness) . . 9 

Stone Concrete 44 12 J 

Terra Cotta Blocks 44 1 

Gypsum Blocks 44 3 

Steel Tile 44 1 

Structural Steel (per sq. ft.) 8-10 

Reinforcing Steel 44 44 44 4-0 


Celling* 

i 

Plastered direct (2 coats) 5 

Plaster on Wood Lath (direct) 6 

44 44 44 (suspended) 10 

44 Metal Lath (direct) 10 

44 44 44 (suspended) 15 

Wood Ceiling Boards 2) 

Stamped Steel Ceilings (including metal furring 
strips) 2 


* Usually combined and estimated a s 8#/D'. 


When a suspended ceiling is required, the designer should 
make sure that he is making a sufficient allowance for it. If 
a plain, flat suspending ceiling is to lie used, as shown in (c) 
in Fig. 154, then an Allowance of 15 #/d', as given in Table 
30, is amply sufficient, and some designers only allow 12#/o'. 
When more complicated ceilings are involved, the designer 
should make sure that 15#/a' is ample, if the status of the 
architectural drawings permits him to do so. Some sus- 
pended ceilings, such as illustrated in (a) and (b), may weigh 
more than the usual amount. 

The usual ceiling of this type consists of 1J" X A" strap 
hangers (or A" 0 rods), 4 # -0" o.c., looped around the steel 
l>eams or anchored into the slata, supporting 1J" cold rolled 
channels (or A” X }" flat steel bars), 4'-0" o.c. The latter 
serve as runners, and 2" cold rolled channels, usually 12" o.c., 
running in the opposite direction, are attached to them with 
#10 gauge galvanized wire. The 2" channels serve as the 
furring to which the metal lath is clipped. The special 
ceilings may require extra hangers and lient bars, as shown 
in (a) and (b) in Fig. 154. Figure 180 also shows other de- 
tails. Although a suspended ceiling is naturally more 
expensive than one applied directly to the construction, its 
advantages should tie considered, as it has heat insulation 
value, particularly for the top story. 

The allowance for the weight of the beams and 
girders in a particular system of framing is dis- 
cussed later in connection with them. The weights 
of interior walls and the permanent par tit ions,; which 
are a part of the dead load, as contrasted with mov- 
able partitions, are discussed in Part IV. design 
work, the finish flooring and the floor fill (ff any) arc 
never included as a part of the strength of the floor, 
but their weights must be provided for, as for any 
other loads. 

Prob. 88a. What is the dead load per square foot for u 
floor construction consisting of a 1" wood finish flooring, 2f " 
matched plank, and a suspended ceiling of metal lath and 
plaster? 

89. Live Loads in General. 

Live loads arc specified as so many pounds per 
square foot of floor surface (#/□') depending upon 
the use of the structure. Building codes state the 
amounts of minimum live load that must be used 
in any particular case, and if a structure is to be 
erected within the jurisdiction of a code, that ruling 
must be explicitly followed. In places where no 
code exists, that of a nearby city is specified or the 
recognized rules of good practice arc followed. 

By the nature of the problem, live loads must be 
estimated to approximate the extreme conditions 
which the floor will be subjected to. They must 
be conservative and yet not excessive, and must 
serve economy and safety. Live loads as given in 
various building codes are often inconsistent, even 
for a given kind of occupancy, as they do not 
have a common basis and in some cases are largely 
matters of tradition and ultra-conservatism. The 
minimum values imposed are in too many cases 
planned to cover unexpected and possibly unregu- 
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l&ted changes of occqpancy. On the other hand,* 
there are many instances of overloading, particularly 
in storage buildings, due to the lack of occasional 
inspection and the provision for the enforcement of 
wise decisions following such inspections. In place 
of completely listing the usual classes of occupancy, 
many codes leave the minimum requirements to 
the building commissioner, which is distasteful to 
him, and makes irregularities possible. As a con- 
sequence, there has been considerable discussion 
relative to the drafting of standardized building 
laws which could be easily adopted as municipal 
ordinances. The most recent example of the move- 
ment along these lines is that of the investigation 
by the United States Senate Committee on Re- 
construction and Production, appointed in 1020. 
The following excerpts from the reports of that 
committee are significant: 

11 The building codes of the country have not been de- 
veloped upon scientific data, but rather on compromises; 
they are not uniform in principle and in many instances 
involve an additional cost of construction without as- 
suring more useful or more durable buildings.”* 

'‘A study of these codes and experience under them 
wquld be of great service in preparing the material for 
the\h*afting of a building code which would be as nearly 
unifotjm as the varying conditions in the different cities 
would\ermit; . . . new drafts of codes could be pre- 
pared in the light of the collected experience of the whole 
country, and not as a result of purely local consideration. 

. . . “ A great saving in building throughout the country 

could be secured by careful study of building construc- 
tion and standardization of building materials similar 
to the work done by the Bureau of standards in other 
lines.” f 

Secretary Hoover, of the Department of Commerce, 
recognizing the necessity for some central coordi- 
nating body to standardize, as far as possible, the 
building laws of the country, organized the Building 
Code Committee for that purpose. The committee 
is a part of the newly created division of building and 
housing, which has under way a broad program of 
investigation into the causes of the sluggishness in 
the building industry and the possible remedies 
which may suggest themselves. This committee, 
as a part of its work, has published a report on 
“ Minimum Live Loads Allowable for Use in Design 
of Buildings.” This report presents load require- 
ments recommended for general adoption with the 
object of preserving safety, stimulating uniformity 
of requirements, and effecting conservation of 
materials and labor. Some of the loads given in 
the report are lighter than those corresponding in 
many codes, but each is reasonably conservative 
in view of the large amount of data studied. The 
loads may be used for the purpose intended, if a 

* Preliminary report, 
t Senate Report No. 820, p. 87. 


system of control is maintained after the struc- 
ture is erected. They may be applied to portions 
of buildings rather than to buildings as a whole. 
Special cases should be designed for the loads 
which the occupancy suggests, such as library 
stack rooms, laboratories, and so on. In view of a 
building being sold, or let for another purpose in- 
volving heavier loads, the committee suggests de- 
signing some bays for heavier loads than others so 
that the new occupancy could be distributed ac- 
cording to the placarded loadings. 

Live loads may be divided into two classes as 
suggested by the Building Code Committee, namely: 

(1) human occupancy, and 

(2) industrial or commercial occupancy. 

90. Live Loads for Human Occupancy. 

In the study of the loads on floors in rooms of 
habitation, or in rooms with fixed seats, considerable 
data have been compiled. In residences, the loads 
from furniture do not average over 10#/o' and the 
heaviest loads discovered by investigators are those 
of pianos, which may approach 55 #/q' of hori- 
zontal projection, and bookcases, which may reach 
170# per linear foot. These are, however, distril>- 
uted in such a way as to bring the equivalent uniform 
load below that usually specified. In hotel rooms, 
the furniture averages about 4#/o'J. In school 
classrooms, the average load including both furni- 
ture and pupils is about 10 to 12#/n' under normal 
conditions, but this load may approach 30#/p' 
under extremely crowded conditions.! In hospital 
wards, the load averages from 7 to 9#/p' including 
the furniture and patients.|( 

In general, from the reported observations of 
several reliable investigators the loads from furni- 
ture seldom exceed 20#/p' in the majority of 
cases, but the loads induced by crowds in the types 
of rooms discussed above may average 40#/p'. 

SPECIFICATION CLAUSE1T 

Dwelling 1. For rooms of private dwellings, hospital 

Room Floors rooms and wards, guest rooms in hotels, lodging 
S*nJf teed And tenement houses, and for similar occu- 
pancies, the minimum live load shall he taken 
as 40 pounds per square foot uniformly dis- 
tributed, except that where floors of one and 
two family dwellings are of monolithic type, or 
of solid or ribbed slabs, the live load may be 
taken as 30 pounds per square foot. 

t Investigations by the Hotels Statler Co. 

{ Bee article in Engineering News Record, May 8, 1020, relative to 
loading tests by the Milwaukee Board of Education. Also see article 
in the American Architect, April 11, 1023, relative to the investigations 
of Norman M. Steineman. 

|| Based upon measurements obtained at the New York State Hospitals 
for the Insane at Rochester and Brooklyn. 

f Report of the Department of Commerce Building Code Committee 
on “ Minimum live Loads Allowable for Use in Design of Buildings," 
issued in 1024. 
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The above specification, which is also included 
in the committee’s final report on “ Recommended 
Minimum Requirements for Small Dwelling Con- 
struction,” received practically unanimous approval 
from those to whom a preliminary report was sent 
for critical discussion. The smaller load is allowed 
for monolithic floors because of the more coherent 
distribution of load, the greater proportion of dead 
load to live load, and the inherent rigidity of such 
construction. 

The live loads in office buildings may reach a 
higher value because the furniture often is of a 
heavier type, especially when safes, sectional filing 
cases, card filing cabinets, and the like, are con- 
sidered. In the majority of cases, the larger pro- 
portion of the load is confined to a zone approxi- 
mately 3'-0" wide around the walls and partitions 
and hence is carried directly to some unit of the 
structural frame. The arrangement of the office 
may concentrate the furniture somewhere within 
the central zones of the floor panels, and this con- 
dition actually exists at times when cleaning or 
moving is in progress. When a building is properly 
designed to obtain sufficient light and ventilation, 
the maximum condition probably is to have three 
fully loaded offices or storerooms tributary to one 
column. At any rate there is an indefinite factor 
in the live loads which movable objects impose 
upon a floor system. It is therefore imperative 
that the engineer analyze the situation so as to 
determine the economic maximum which may 
exist due to the ordinary use of the building. 

The average load from the typical office furniture 
is from 7 to 9#/a', while that imposed by the 
human occupancy is from 1.5 to 2.5 #/□'. For an 
extreme case, such as would exist in a large steno- 
graphic office, the total load may approach 30#/a'.* 

SPECIFICATION CLAUSEt 

Office Floors 2. For floors for office purposes and for rooms 
with fixed seats, as in churches, school class- 
rooms, reading rooms, museums, art galleries, 
and theaters the minimum live load shall be 
taken os 50 pounds per square foot uniformly 
distributed. Provision shall be made, however, 
in designing office floors for a load of 2000 pounds 
placed upon any space 2} feet square wherever 
this loud upon an otherwise unloaded floor 
would produce stresses greater than the 50- 
pound distributed load. 

In public places, or other spaces where at times 
crowds assemble, it has been shown that it is possible 
to obtain a live load of 140#/a' by using unusual 
experimental methods. Such a load could not 
exist for any considerable time because of the dis- 

* See article in “ American Architect and Architectural Review," Jan. 
3, 1023. Also see article in the Engineering News Record, March 20, 
1023, entitled “ Live Loads in Office Buildings,"- based upon data obtained 
by Mr. C. T. Coley, manager of the Equitable Building, New York City. 


comfort of the people. Consequently it is un- 
reasonable to design for such a load and a lesser 
value is commonly allowed. When such a condition 
does exist, the factor of safety will provide protec- 
tion but in no case should the stresses developed 
exceed the elastic limit of the material. A general 
check should be made for main carrying members 
to determine' their resistance to the maximum 
condition. 

SPECIFICATION CLAUSE f 

Floors in 3. For aisles, corridors, lobbies, public spaces in 

Public Spaces hotels and public buildings, banquet rooms, 
assembly halls without fixed seats, grandstands, 
theater stages, gymnasiums, stairways, fire 
escapes or exit passageways, and other spaces 
where crowds of people arc likely to assemble, 
the minimum live load shall be taken ns 100 
pounds per square foot uniformly distributed. 
This requirement shall not apply, however, to 
such spaces in private dwellings, for which the 
minimum live load shall be taken as in paragraph 
1 of this section. 

Prob. 90a. What live loads per square foot should be 
used for a hospital in the wards, private rooms, stairways, 
and fire escapes? 

91. Live Loads for Industrial or Commercial 
Occupancy. v 

When live loads are considered for buddies other 
than those for human occupancy, more factors 
enter into the problem, due to the many kinds and 
weights of machinery and manufactured products. 
In any case, a minimum live load should be estab- 
lished, but in particular instances, the value may 
have to be increased to correspond with the actual 
conditions. When heavy machinery is imposed 
upon a floor it must be remembered that additional 
practically vacant space must be provided for the 
ease of operating the machines. This relieves the 
structural parts immediately under the machines 
to some extent. The lay out of these special 
cases should be reasonably well fixed before the 
design is undertaken. When this forethought is 
given to the problem many of the concentrations 
may be carried directly to the girders and columns 
without becoming a factor at all in the general live 
load considerations. 

SPECIFICATION CLAUSEt 

Floors for In designing floors used for industrial or com- 
Storsge tnd mercial purposes, or purposes other than previ- 
Manufacture 0Ufl iy mentioned, the live load shall be assumed as 
the maximum caused by the use which the 
building or part of the building is to servo. The 
following loads shall be taken os the minimum 
live loads permissible for the occupancies listed, 
and loads at least equal shall be assumed for uses 
similar in nature to those listed in this section. 

t Report of the Department of Commerce Building Code Committee 
on " Minimum Live Loads Allowable for Use in Design of Buildings," 
issued in 1924. 
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Minimum Uve load 
(lba. par sq. ft.)* 


Floors used lor — 

Storage purposes (general) 100 

Storage purposes (special) 100 

Manufacturing (light) 75 

Printing plants 100 

Wholesale stores (light merchandise) . . . 100 

Retail salesrooms (light merchandise) . . 75 

Stables 75 

Garages — 

All types of vehicles 100 

Passenger cars only 80 

Sidewalks 250 


(or 8000 pounds concentrated, whichever 
gives the larger moment or shear). 

It should be carefully noted that the above are 
minimum values, and in many cases, much larger 
values must be used. 

For manufacturing buildings, the following table 
shows some interesting data. 

TABLE 31 


DATA ON FLOOR LOADS IN MANUFACTURING BUILDINGS* 


Occupancy: 


* 1. 

Automobile plants — 

Observed loads (lbs. persq. ft.) 


Machine shop floors .... 

. . . 60, 76, 80, 95, 100, 110, 
115, 120, 125, 200. 

.. 15-35. 


dtody building 


Nfotor assembly 

.. 110. 


CV assembly 

.. 00. 


Ovens 

.. 150. 


Furnaces 

.. 300. 


Storage of parts 

.. 60,65,70,75,80,85,90, 
110, 140, 145, 165, 195, 
225, 235, 345. 


Storage of bodies 

. . 14, 27, 32, 33, 41, 50. 

2. 

Automobile tire plants — 



Vulcanizers 

... 175. 


Dryers 

... 75. 

3. 

Textile mills — 



Cardrooins 

...80. 


Other departments 

...50. 

4. 

Machine shops — 



Light work 

, . . 7 bays at 30 pounds, 2 
at 35, 4 at 40, 3 at 45, 
9 at 50, 4 at 55, 5 at 
60, 2 at 70, 5 at 75, 2 
at 85, 3 at 90, 1 at 95, 
2 at 100. 


Heavy work 

... 150-175. 

5. 

Garment factories 

.. 100. 

6. 

Perfumery works 

. . 40, 65, 75, 85, 105, 120, 


150. 


7. Printing and binding — 

Heavy pressrooms 250-400. 

Light presses 175. 

Composing rooms 75-85. 

Linotype rooms 75-85 

Type cases, closely packed . 250. 
Stereotype rooms 200-250. 


The live loads for warehouse construction should 
be even more carefully decided upon, because of 
the many variations of storage. Table 32 is useful 
in this connection. 


TABLE 88 

DATA ON FLOOR LOAD8 IN 8TORAG1 BUILDINGS* 


Class of Commodity 


Aoids 

Agricultural machinery. 

Asbestos 

Automobiles, crated 

Automobile parts 


Automobile tires 

Automobiles, uuorated. 


Empty. 

Packed. 


Beverages 
Bricks: 

Building 

Fire-clay 

Cable and wire 

Carpets and rugs. . . 

Cement 

Cereals 

Chain 

Chemicals 

Clocks and watches 

Cocoa 

Cotton: 

American baled | 

Foreign do 

Cotton goods 

Cutlery 

Electrical goods and machin- 

Extracts 

Flour and menl 

Fruits, dried or canned 

Fruits, fresh 

Furniture 

Guns and ammunition. 

Gypsum 

Hardware, small 

Hides, green 

Hemp, jute and other fibres, 
leather and leather goods. . . 

Machinery, light 

Meat and meat products 

Milk, condensed 


Nonferrous metals, bulk. 

Oils and greases 

Paints 

Paper and books 


Photographic supplies 

Plumbing: 

Fixtures 

Supplies 

Potash 

Rope, fibre 

Rubber, crude 

Shafting, steel 

Silk ana silk goods 

Soaps 

Steel, bulk 

Sugars, sirups, and candies . . 

Tiles 

Tobacco bales 

Tobacco, hogsheads and bbls. 
Toilet articles, miscellaneous 

Tools, small, metal 

Trucks 

Varnishes 

Vegetables, canned or dried . 


Woods, bulk 

Wool and woolen goods. 


Maximum 
Probable 
Weight 
per Cubic 
Ttotof 
Storage 

W 


m 

65 

60 

13 

40 


30 

8 

6 

20 

40 

46 

76 

76 

30 

66 

45 

100 

50 

40 

35 

30 

40 

45 

45 

40 

60 

45 

50 

35 

20 

65 

50 

110 

55 

35 

40 

20 

45 

50 

250 

45 

90 

50 

40 

30 

55 

55 

30 

50 

125 

4ft 

50 

225 

50 

50 

35 
28 

36 
75 
22 
55 
45 

45 

50 


Maximum 
Probable 
Weight 
per Square 
Foot of 
Storage 

» 


440 

440 

400 

104 

320 


240 

64 

48 

160 

320 

360 

600 

600 

240 

520 

360 

800 

400 

320 

280 

240 

320 

360 

360 

320 

480 

300 

400 

280 

100 

520 

400 

880 

*40 

280 

320 

160 

360 

400 

2000 

360 

720 

400 


240 

440 

440 

240 

400 

1000 

360 

400 

1800 

400 

400 

280 

224 


176 

440 

360 

360 

400 


Observed Loads 
per Square Foot 


in Storage 
Buildings 
(Lbs.) 


200 


60. 68. 60. 76. 80. 90. 
HO. 140. 160. 165, 
200. 226. 285. 346. 
700 

90. 100. 171 


220 


256.200 

1200 

370.600 

210. 450 
180 


200, 300-400, 350 
350, 450, 340, 315. 

300-400, 400 
250 

250, 60-85, 100 


250 

220 

175, 210, 200, 85 300 
150 

410, 370, 340 
370, 305, 365, 360, 
385 

240 

270, 395, 340, 300, 
275, 500, 200 


75 

300, 330 

250, 310, 400 
435,650 


200, 350. 325. 350. 
300-400 

180 


100 

250 

285. 250, 
400 


300-400, 


245. 250, 330 


* Report of the Department of Commerce Building Code Committee on 
“ Minimum Live Loads Allowable for Use in Design of Buildings," issued 
in 1924. 

t The maximum probable weight per cubic foot of storage space is based 
upon careful study of data oompiled by the U. S. Shipping Board for use 
of the American Expeditionary Foroe and published in " Stowage Factors 
for Ship Cargoes," obtainable from the Superintendent of Documents, Gov- 
ernment Printing Office, Washington, D. C., at 35 cents per copy. 

t The maximum probable weight per cubic foot of storage space is based 
upon an 8'-0" depth of stored material, whioh is considered as a fair average 
basis, having in mind the use of modern elevating machinery for piling pack- 
ages to full-story height in warehouses, the neoessary clearance for handling 
goods, or for effective sprinkler notion. 
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Prob. 91 a. What live loads should be used, in the design 
of a plant manufacturing automobile tires, for the rooms in 
which light machines are to be operated, storage rooms for 
tires, storage rooms for the chemicals, rooms for the vul- 
eanisers, those for the dryers, and the office portion? 

92. Allowance for Movable Partition Loads. 

An estimate of a uniformly distributed load which 
will be equivalent to the effect of relocating par- 
titions, is difficult to make. In residential build- 
ings and in apartment houses of modern design, 
there is little probability of the partitions being 
rearranged. In storage buildings and those planned 
for heavy manufacturing, the question is also not 
important, as the weight of the partitions is gener- 
ally small compared with the heavy live loads re- 
quired. In office buildings, public buildings, and 
those planned for light manufacturing, however, 
relocation of partitions is quite probable. From 
a study of this situation* it was found that the dis- 
tributed partition weight might vary from 25# to 
30#/n' should all the partitions be included. For 
the types of buildings referred to above, designers 
usually make an allowance of from 15# to 20#/ □' 
in the tabulation of the floor load to provide for 
random partitions. 

SPECIFICATION CLAUSEf 

Movable Floors in office and public buildings, and in 

Partitions other buildings subject to shifting of partitions 
without reference to arrangement of floor beams 
or girders shall be designed to support, in addi- 
tion to other loads, a single partition of the type 
used in the building, placed in any possible po- 
sition. 

ALTERNATE CLAUSES 

Beams and All beams and girders shall be designed to 
Girders sustain in addition to other loads a partition 
of not less than 300 pounds per linear foot less 
the specified live load per square foot 
Floor Elements Arches, slabs, joists, and other direct load 
carrying elements shall be designed to sustain 
in addition to the other loads, a minimum con- 
centrated cross partition load of 3()Q[ pounds 
for each linear foot of width of the strip on cen- 
ter to center spacing of joists, applied at the 
point of maximum moment. 

The variations involved in the design of floor 
systems where movable partitions must be provided 
for, naturally impose upon the engineer a study of 
each particular case. The above specification is an 
attempt to provide minimum requirements. In 
the case of beams and girders, the full partition load 
is included because of the natural lines of subdivision 
which they afford. For this reason it is customary 
to provide beams under partitions when possible 
and consistent with architectural effect, should the 
partition be later removed. If a partition is changed 
from one location to another, an attempt is usually 

* See first footnote, p. 120. 

t Report of the Department of Commerce Building Code Committee 
on “ Minimum Live Loads Allowable for Use in Design of Buildings," 
issued in 1024. 


,made to relocate it over an existing beam, if possible. 
It is therefore advisable to design these members 
for such a contingency. The object of deducting 
the live load per square foot from the weight of 
the partition per linear foot should be obvious when 
one considers the fact that two objects can not oc- 
cupy the same space at one time, and furthermore 
that furniture or occupants must remain at least 
3" away from the plaster line. 

The direct load carrying elements which span 
between the beams present a different condition. 
It is entirely possible for a partition to impose a 
load of about 300 pounds pier linear foot upon such 
an element, especially if it nins parallel to the span 
of the element. It is, however, improbable that 
this single element will alone resist the partition 
load, and the authors believe that under the usual 
conditions the adjoining strips will assist in carrying 
the load. It is wise to make all elements sufficiently 
strong to carry a minimum of 300 pounds per foot 
of width as specified, concentrated at the center of 
the span of the element in order to provide for trans- 
verse partition loads. 

A very excellent method is to study the layout 
with the object in mind of determining the actual 
maximum number of linear feet of partiticii which 
a definite area might have and still be usr/ul. The 
total weight of these partitions may then be dis- 
tributed over the area and a check made of the load. 
The concentrations mentioned above should be 
provided for, in addition. The partitions coming 
directly on main beams or girders may be omitted 
in this general study but should be included in the 
design of the beams which directly support them. 

93. Reduction of Live Load. 

When a beam or girder carries a considerable 
portion of a floor, it is reasonable to expect that the 
probability of the full live load existing simultane- 
ously on every square foot of floor surface contribu- 
ting to the load on the member, is remote. This, 
of course, is more probable in certain types of build- 
ings than in others. Many building codes take this 
phase of loading into consideration for specified 
types of occupancy. 

SPECIFICATION CLAUSES? 

Area* Lest Every plank, slab and arch, and every floor 
than loo □' beam carrying one hundred square feet of floor 

or less, shall be of sufficient strength to bear 
safely the combined dead and live load sup- 
ported by it, but the floor live loads may be 
reduced for other parts of the structure as 
follows: — 

Areas 100 In all buildings except armories, garages, 
to MOD' gymnasiums, storage buildings, wholesale stores, 
and assembly halls, for all flat slabs of over 
one hundred square feet area, reinforced in 
two or more directions, and for all floor beams, 

X The Building Law of the City of Boston. 
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girders, or trusses carrying over one hundred 
square feet of floor, ten per cent reduction. 

Areas mo For the same, but carrying over two hundred 
toSOOD' square feet o t floor, fifteen per cent reduction. 
Areas Exceed- For the same, but carrying over three hun- 
inf SOOD' dred square feet of floor, twenty-five per cent 
reduction. 

More than These reductions shall not be made if the 
One Floor membor carries more than one floor and there- 

fore has its live load reduced. . . . 

Oarages In public garages, for all flat slabs of over 

three hundred square feet area reinforced in 
more than one direction, and for all floor beams, 
girders, and trusses carrying over three hundred 
square feet of floor, . . . twenty-five per cent 
reduction.” 

ALTERNATE SPECIFICATION CLAUSE* 

Floors, joists and beams shall be designed for 
the full dead and live loads. Floor girders 
shall be designed for the full dead and not less 
than eighty-five per cent of the live load. 

Prob. 08a. If a girder carries 1800' of floor and the loads 
per square foot are 150#/n' L.L. and 100 #/d' D.L. in a 
machine shop, what superimposed total load may the girder 
be designed to carry? 

Prob. 03b. If the load data of l’rob. 03a are used and the 
girder carries 280n' of floor in a garage, what superimposed 
total load should the girder be designed to carry? 

94. Increase of Usual Values for Live Load. 

Impact effects of moving loads in buildings can 
usually be neglected. In special cases of industrial 
occupancy, the dynamic effect of moving machinery 
must be considered in addition to its weight, localise 
of the vibration induced. In some instances, this 
is provided for by the use of more rigid floor con- 
struction or extra bracing. Some designers prefer 
to increase the live load. 

SPECIFICATION CLAUSE 

Impact For structures carrying machinery, such as 

cranes, conveyors, printing presses, etc., at 
least 25 per cent shall be deducted from the 
allowable stresses to provide for effect of impact 
and vibrations. 

In certain cases, such as for factories, lofts or ware- 
houses, it is wise to provide for unusual load con- 
ditions, as follows: 

SPECIFICATION CLAUSE 

Any floor beam or girder shall be sufficient 
to carry a live load of 4000# concentrated at 
the center of its span. 

95. Control of Floor Loadings. 

As a means of obtaining adequate supervision of 
floor loadings, some building departments of city 
governments issue occupancy permits. A If a floor 
is strong enough for its intended use, there is no 
need of providing an additional surplus so that 

* Building Ordinance of the City of Chicago. 


considerable economy can be effected by using loads 
which are reasonably low. However, the additional 
cost of a heavier floor and supporting members may 
be returned many times over in superior adapta- 
bility of the building, so that a study of this situation 
is always advisable (Art. 98). Zoning ordinances 
are now being adopted in many cities, and these 
are an aid in establishing floor loads. Many 
building departments require that for mercantile 
buildings, the allowable load should be conspicu- 
ously posted in each stoiy by the use of permanent 
floor-load placards. 

SPECIFICATION CLAUSESt 

Floor 1. Estimate of floor capacity. In every build- 

Capadtlee ing now existing or hereafter erected, occupied 
wholly or in part as a business building, in which 
heavy materials are kept or stored, or machinery 
is introduced, the weight that each floor will 
safely sustain shall be estimated by the owner 
or occupant, or by a competent person employed 
by the owner or occupant. Such estimate shall 
be filed with the superintendent of buildings, 
properly verified by the person making the same 
in such manner as such superintendent may 
direct, and shall give full information on which 
the estimate is based. When such estimate 
is found to be satisfactory and correct, the 
superintendent of buildings shall approve tho 
same. If the superintendent of buildings shall 
have cause to doubt the correctness of said 
estimate, he is empowered to revise and correct 
the same and for the purpose of such revision 
the officers and employees of the bureau of 
buildings may enter any building and remove 
so much of any floor or other portion thereof as 
may l>c required to make necessary measure- 
ments and examination. Any expense neces- 
sarily incurred in removing any floor or other 
portion of any building for the purpose of mak- 
ing any examination herein provided for shall 
be paid by the comptroller, upon the requisition 
of the superintendent of buildings, out of the 
fund paid over to him under the provisions of 
§039 of this chapter. Such expenses shall bo 
a charge against the person or persons by whom 
or on whose behalf said estimate was made, 
provided such examination proves the floors 
of insufficient strength to carry with safety the 
loads found upon them when such examination 
was made; and shall be collected in an action 
to be brought by the corporation counsel against 
said person or persons, and the sum so collected 
shall be paid over to the comptroller, to be 
deposited in said fund in reimbursement of tho 
amount paid os aforesaid. 

2. Posting floor capacities. Before any build- 
ing hereafter erected is occupied, in whole or in 
part, us a business building, and before any 
building already erected but not heretofore 
occupied as a business building is occupied or 
used, in whole or in part, for such purpose, the 
safe live load for each floor as approved by the 
superintendent of buildings shall be posted in 
a conspicuous place in the story to which it 

t The Code of Ordinances of the City of New York. 
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Irelates. When the safe live load for any exist* 
ling floor, ascertained as hereinbefore provided, 
(has been approved by the superintendent of 
I buildings, the owner or occupant shall post 
I such approved live load in a conspicuous place 
[ or places on each story occupied for any of the 
; purposes indicated in this section. 

3. Loading of floors . No person shall place, 
or cause or permit to be placed, on any floor of 
any building any greater load than the approved 
safeioad. 

4. Safes. No safe shall be placed on a stair 
landing or in a stair hall, nor shall its weight be 
carried by any beam which also carries the floor 
of any landing or stair hall. 

The following* is a sample of such a floor load 
placard: 


THIS FLOOR WILL SAFELY SUSTAIN 


150 

POUNDS PER SQUARE FOOT 
UNIFORMLY DISTRIBUTED 


IT IS UNLAWFUL TO PLACE ANY 
GREATER LOAD ON THIS FLOOR 
OFFENDERS ARE SUBJECT TO PROSECUTION 


OCTOBER 

1924 


JOHN DOE 

BUILDING INSPECTOR 


Permission usually must be obtained from the 
building department to use a building for a heavier 
load than posted upon the placard. 

96. Floor Tests. 

A common building code specification, when a 
newly proposed system of fire resisting floor con- 
struction is not susceptible of analysis and compu- 
tations according to the usual methods of design, 
is to require a test of a sample panel. * 

SPECIFICATION CLAUSBf 

When the strength of any floor construction 
cannot be determined by the methods prescribed 
in this section or by the application of accepted 
engineering formulas, the safe uniformly dis- 
tributed carrying capacity shall be taken as one 
sixth of the total load causing failure to a full- 
sized construction with the Joad applied at two 
points, each at one third of the span from the 
ends of the span. 

Another instance of floor tests is when there is 
doubt as to the quality of the materials used or of 
the workmanship, or of both, in an accepted type 
of floor construction already in place. 


SPECIFICATION CLAUSBf 

The commissioner may order loading tests 
to be made, at the expense of the owner, on any 
structure or part thereof, ut such time and in 
such manner os will satisfactorily demonstmte 
to him that the unit stresses in any materials 
do not exceed those permitted under this act. 
Concrete construction shall be capable of bear- 
ing- a live and dead load equivalent to twice 
that for which it was designed without causing 
permanent deformation. 

The common method of loading for the first kind 
of test is that of employing two equal concentrated 
loads at the third-points of the span. This is clone 
on account of the difficulty and cost of providing a 
uniform load which will cause failure, and also be- 
cause the arching effect in the loading materials 
makes the results in a uniform loading test unre- 
liable. Furthermore, a uniform moment exists be- 
tween the loads. In the second kind of test the 
floor is subjected to a uniform load equal to twice 
the live and dead load designed for, which it must 
sustain for 24 hours without injury to the floor or 
any permanent deflection. This corresponds ap-* 
proximately to a factor of safety of 4, based upon 
the total dead and live loads. Both kinds of the 
tests arc usually made on a section of floor not less 
than 4'-0" wide and on a full span length.. Figure 
155 shows the moment and shear coefficients for the 
two cases for two equal spans, only one of which is 
loaded. These are obtained by an application of 
the principles of continuous l)eams. In the case of 
the test of a new type of floor construction to ulti- 
mate failure, the allowable working load is generally 
taken as Jth the total load (one-half is applied at 
each third-point) which caused failure. This cor- 
responds to a factor of safety of approximately 8 
on the basis of a uniformly distributed load. This 
higher value is desirable for a combination of 
materials the strength of which is not well estab- 
lished. This relation may be developed in the 
following manner: 

Let W =* the sum of the two concentrated loads applied 
at the third-points of the span, 

M = the external bending moment caused by such 
loading, 

W u — the equivalent uniform load, 

M u — the external bending moment caused by W Ut 
L «= the span in feet, 

B = the breadth of the panel under test, and 
W s * the allowable live load on the floor panel. 


For a simple span, 

M u « and M 


W L 
2 ' 3 


W • L 
0 


XT - * + » - I - 1-33 

Mu 


* Report of the Department of Commerce Building Code Committee on 
“ Minimum Live Loads Allowable for Uae in Design of Buildings." 


f The Building Law of the City of Boston. 
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Hence ^ “ t> or W " * 

W, -E, or 

For a restrained span, as in Fig. 155 (a), when the anchor 
span has one end free as is preferable. 




about 1000° F., it loses about 70% of its strength. 
Temperatures in severe fires often exceed these 
values, so that exposed structural steel is subject 
to considerable distortion in such cases, and eveij 
collapse. 

Prob. 96a. If a floor panel 4'-0" X 12'-0" is tested to 
failure and carries a total ultimate load of 102,000#, what 
safe load per sp. ft. should be allowed? 


From (5), 


+ m w - 

J.+-L 

7.2 10.5 


1.46, or 


As before 


1.46, and W 
W ur 

T or w ‘ m 


1 y a rr » 

1 1.46 8.76’ 


97. Classes of Construction. 

Buildings are commonly divided into three classes, 
namely first, second, and third. Some codes further 
classify them according to the occupancy or fire- 
resistance. The following are typical examples of 
the requirements and limitations of each class: 


In either case, the allowable load in pounds 
per square foot is W divided by the area under 
test and a factor of safety of 6, or 

W 

"bb-l* 

The same relations may also be shown to be true 
by comparing the corresponding coefficients for 
the case with both ends of the anchor span 
fixed, and again for the negative moments in 

both cases. 

\ 

In fire^resisting construction, strength 
to carry loads is of course essential, but 
sufficient strength in case of fire is also 
required. Incombustible materials are 
not the only requirement. They should 
possess fire-resistance and the construc- 
tion should be a poor conductor of heat. 
A low coefficient of expansion is also 
desirable, both in the action of a fire, 
and the subsequent reactions when hose 
streams strike the materials. Conse- 


ttaprefoab/e 
jy jy to beir outside 
¥ ¥ endofanchor 

Test Span pacharjfeat 7 j 


fhdfaety i 
*0»rAd 1 


Test Span \4ncharJjpon\ 


STND/N6 Mount T3 
Anchor span 
Tired both ends 


Anchor jpa/9 

one end tree 


Shcaz 

Anctror span 
fired hath ends 


ichor span 
* end free 


BbMDws Moments 
Anchor span 
fired both ends 

« ain't 


Anchorspan 
one end free 


SMCAB 
Anchorspan 
fixed hat# ends 


Anchor span 
yne end tree 



Fig. 155* 


quently, fire, load, and water tests are 
often specified, especially when new types of con- 
struction are proposed for use. 

SPECIFICATION CLAUSEt 
Test of Floor Fillings (a) Fire Tests: In test- 
ing the fireproof qualities of any floor filling, at 
least one panel of the proposed maximum span, 
carrying a live load of at least 150 pounds per 
square foot, shall be subjected to a fire con- 
tinuous for 4 hours at an average temperature 
of 1700 degrees F., followed by the application 
for not less than 10 minutes of a hose stream 
from a II in. nozzle at. 60 pounds pressure, with- 
out appreciable deterioration, or the passage of 
flame through the floor during the test. 

Structural steel commences to lose some of its 
strength at a temperature around 500° F., and at 

* Based upon the figure shown in the Building Code of the National 
Board of Fire Underwriters. 

t Iaws and Regulations of the Building Code of the City of New York, 
as amended to May 1, 1022, oovering Fireproof Construction, Sec. 354, 
Art. 6. 


SPECIFICATION CLAUSES* 

In this act the following terms shall have the 
meanings respectively assigned to them os 
follows: 

First Class A first class building shall consist of fireproof 
Building material throughout, with floors constructed of 
iron, steel or reinforced concrete beams, filled in 
lx*twcen with terra cotta or other masonry 
arches or with concrete or reinforced concrete 
slabs; wood may be used only for under and 
upper floors, windows and door frames, sashes, 
doors, interior finish, hand rails for stairs, 
necessary sleepers bedded in the cement, and 
for isolated furrings bedded in mortar There 
shull be no air space between the top of any 
floor arches and the floor boarding. 

Second All buildings not of the first class, the exter- 

Clisa nal and party walls of which are of brick, stone, 

Building iron, s teel, concrete, reinforced concrete, con- 
crete blocks, or other equally substantial and 
fireproof material. 

* The Building Law of the City of Boston. 
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TWydCtoM A wooden frame building. 

C«n#Mlt» A building partly of second class and partly 
Building of third class construction. Composite build- 
ings may be built under the same restrictions 
• as, and need comply only with the require- 

ments for, third class buildings as to fire pro- 
tection and exterior finish. 

Every building hereafter erected more than 
seventy-five feet in height, or hereafter increased 
in height to more than seventy-five feet, shall 
be a first class building. Every second class 
building hereafter erected, and more than four 
stories in height, and any second class building 
now in existence and increased in height to more 
than four stories shall have the first floor and 
the basement and cellar stories of first class 
construction. Every hotel, tenement house and 
lodging house hereafter erected covering more 
than three thousand five hundred square feet, 
or more than five stories in height, shall be a 
first class building; and every building altered 
or enlarged and occupied or to be occupied as a 
hotel, tenement or lodging house to be in ex- 
cess of sixty feet in height, or in excess of three 
thousand five hundred square feet in superficial 
area, or in excess of five stories in height, shall 
be a first class building. Every building here- 
after erected within the building limits to be 
occupied as a permanent schoolhouse shall bo 
a first class building. Every building hereafter 
erected as a theatre, and every building here- 
after altered to be occupied as a theatre, shall 
be a first class building. Every building here- 
after erected for, altered to or converted to use 
as a moving picture house shall be a first class 
building. All other buildings may be of second 
or third class construction. 

Except os is otherwise provided herein, new 
buildings adapted for habitations, and not more 
than five stories in height, may he erected of 
second class construction, but no such building 
shall exceed three thousand five hundred square 
feet in superficial area or sixty feet in height. 
The first story or basement, or both the first 
story and basement, in such buildings, so con- 
structed, remodelled, or enlarged may be used 
for mercantile purposes, provided that the 
first floor and the basement and cellar stories 
shall be of first class construction, and any 
stairway leading from the first floor to the base- 
ment or from the basement to the collar shall 
be enclosed in masonry walls not less than eight 
inches thick or with two inch solid metal and 
plaster partition, with self-closing fireproof 
doors at the top and bottom of the stairway. 

SPECIFICATION CLAUSES* 

Classification of Buildings 
» 

Occupancy. 

Construction. 

When buildings are required to be fireproof. 

When buildingg may be non-fireproof. 

One-story special buildings. 

Occupancy 1. Classes designated. For the purposes of 
this chapter, all buildings or structures shall 
be classified, with respect to occupancy and 
use, as public buildings, residence buildings and 

* The Code of Ordinances of the City of New York. 


business buildings, a a hereinafter specified and 
» defined. 

2. Public buildings. Public buildingB are 
buddings or parts of buildings in which persons 
congregate for civic, political, educational, 
religious or recreational purposes, or in which 
persons are harbored to receive medical, chari- 
table or other core or treatment, or in which 
persons are held or detained by reason of public 
or civic duty, or for correctional purposes, in- 
cluding among others, court houses, schools, 
colleges, libraries, museums, exhibition budd- 
ings, lecture halls, churches, assembly halls, 
lodge rooms, dance halls, theatres, bath houses, 
hospitals, asylums, armories, fife houses, i>olioe 
stations, jails and passenger depots. 

3. Residence buildings . Residence buildings 
are buddings or parts of buddings in which 
sleeping accommodations are provided, except 
such as may for other reasons be classed as 
public buildings, including among others, dwell- 
ings, tenement houses, hotels, lodging houses, 
dormitories, convents, and studios and dub 
houses having Bleeping accommodations. 

4. Business buildings. Business buildings are 
buildings or parts of buildings, which ore not 
public buildings or residence buildings, including 
among others, office buildings, stores, markets, 
restaurants, warehouses, freight depots, car 
barns, stables, garages, factories, lal oratories, 
smoke houses, grain elevators and coal pockets. 

5. Doubtful classification . In casejany build- 
ing is not specifically provided for, or where 
there is any uncertainty as to its classification, 
its status shall be fixed by a rule promulgated 
by the superintendent of buildings. 

6. Mixed occupancy. In case a building is 
occupied or used for different purposes in differ 
ent parts, the provisions of this chapter applying 
to each class of occupancy shall apply to such 
parts of the building as come within that class; 
and if there should be conflicting provisions, 
the requirements securing the greater safety 
shall apply. 

Construction 1. Classes of construction. For the purposes 
of this chapter all buildings or structures shall 
be classified, with respect to construction, as 
fireproof, non-fireproof and frame. 

2. Fireproof. Fireproof buildings or struc- 
tures are those which ore constructed as re- 
quired in article 17 of this chapter. 

3. Non-fireproof . Non-fireproof buildings or 
structures are those which do not conform to 
the requirements for fireproof buildings or 
structures, but which are enclosed with walls 
of approved masonry or reinforced concrete. 

4. Frame . Frame buildings or structures 
are those of which the exterior walls or any 
parts thereof are of wood, or which do not 
conform to the requirements for fireproof or 
non-fireproof buildings. 

When 1. New buildings. Every building hereafter 

Buildings m erected shall lie a fireproof building, as follows: 
BsFkeproof Every public building over 20 feet high, 

in which persons ore harbored to receive medical, 
charitable or other care or treatment, or in 
which persons are held or detained under legal 
restraint; 

(6) every other public building over 40 feet 
in height, or exceeding 6000 square feet in area; 
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(c) every residence building, except tene- 
ments, over 40 feet in height and having more 
than 16 sleeping rooms; 

(d) every tenement house exceeding 0 stories 
or parts of stories us provided in the Tenement 
House Law; 

(e) every residence building having more 
than 15 sleeping rooms and exceeding 2*500 
square feet in area, unless divided by interior 
partition walls of approved masonry or rein- 
forced concrete into sections of less than 2500 
square feet area; 

(/) every other residence building over 75 
feet in height; 

(g) every business building exceeding fifty 
feet in height, used as a garage, motor vehicle 
repair shop or oil-selling station within the fire 
limits or the suburban limits; 

( h ) every building over 4 stories in height 
used as a factory as defined in the Labor Law; 

(t) every building or structure within the 
fire limits or the suburban limits used as a grain 
elevator or a coal pocket; 

(j) every business building over 75 feet in 
height; 

(k) every business building within the fire 
limits or the suburban limits which exceeds an 
area of 7500 square feet when located on an 
interior lot or when facing on only one street 
or 12,000 square feet when facing on 2 streets 
or 15,000 square feet when facing on 3 or more 
streets, provided that when any such building 
is equipped throughout with an approved system 

1 of automatic sprinklers, fireproof construction 
shall be required only when the areas exceed 
double those herein specified for the respective 
conditions, and provided also that when any 
such buildings are divided by approved interior 
fire walls, fireproof construction shall be re- 
quired only when any undivided area exceeds 
7500 square feet. Buildings of greater areas 
than herein specified for the respective condi- 
tions may, considering location and purpose, 
be constructed non-fireproof by special per- 
mission of the superintendent of buildings, 
provided they do not exceed 2 stories in height. 

2. Alterations, (a) By extending. When any 
building now existing is to be enlarged by 
extending it on any side so that the enlarged 
building would exceed the limits of height or 
area specified in subdivision 1 of this section for 
a new building, the extension or enlargement 
shall be constructed fireproof, provided that, 
in cose the existing building is not of fireproof 
construction, the existing and new portions of 
the building shall be separated by fire walls. 

(b) By raising in height. No building now 
existing shall be raised in height so as to exceed 
the limits of height specified in subdivision 1 
of this section unless it is fireproof. 

Whan 1. New buildings. Except when required by 

Buildings this article to be fireproof, or when permitted 
iKn-FtesBg oo f k- v article 5 or article 22 of this chapter to bo 
frame, any building hereafter erected may bo 
non-fireproof. 

2. Alterations. Except when required by 
this article to be fireproof, or when permitted by 
article 5 or article 30 of this chapter to be frame, 
any building which shall hereafter be enlarged 
in any manner, may be non-fireproof. 


3. Special fire protection . In all non-fireproof 
buildings, hereafter erected or hereafter altered 
qr converted to bo used as garages, motor 
vehicle repair shops or oil-selling stations the 
columns and girders, unless of fireproof con- 
struction, and all wood floor and roof construe-' 
tion shall be covered and protected on all sides 
with such fire retarding materials and in such 
manner os may be prescribed by the rules of the 
Board of Standards and Appeals, except that when 
such buildings are not more than one story high, 
without basement or cellar, such protection shall 
not be required for the roof construction. 

Existing non-fireproof buildings heretofore 
occupied os garages, motor vehicle repair shops 
or oil-selling stations shall not be required to 
comply with the provisions of this sub-division, 
except as may be specifically provided in rules 
hereafter adopted by the Board of Standards 
and Ap;>cals. 

One-Story Nothing in this article shall prohibit the use 
BuUdin s * lcet me tal not less than No. 26 gauge in 

** tliickness, or other approved incombustible, 
weatherproof material of such character and 
thickness as may be prescril>cd by rules of the 
Board of Standards and Apj)eals, for the exterior 
walls of any building, irrespective of occupancy 
or location, except when otherwise specifically 
prescribed by this chapter; provided that such 
building is not more than one story high above 
the curb or the surrounding ground level, and 
that all sides, except for necessary window and 
door openings, and the roofs of such buildings 
are of the same material and construction, and 
provided further that the area does not exceed 
1250 square feet, and the side walls 15 feet in 
height. (Added by ords effective Dec. 26, 
1916, May 15, 1917, and July 17, 1917.) 

Since types of floor construction are more or less 
controlled by the class of building in which they are 
to be built, the natural divisions which result arc 
wood, steel and concrete frame. That is, the main 
frame will involve one of these three materials as 
the basis, although the secondary framing may be 
a combination of materials. 

Prob. 07a. If it is desired to erect an apartment house 
covering an area of 5600D', six stories high, what class of 
construction must be used according to the Boston building 
law? What would be necessary in New York City? 

98. Selection of the Type of Floor Panel. 

In some kinds of construction, the type of floor 
panel is more or less settled by common practice, 
such as for houses of third-class construction, apart- 
ments and standard mill buildings of second-class 
construction. In other types of buildings, however, 
such as public and office structures, many kinds of 
floor construction may be used. 

When designing floor construction, it should be 
remembered that simplicity is important, and that 
a minimum number of sizes should be used. It is 
better to make several beams which have only slight 
differences of loading, the same size, thereby en- 
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frftnning the appearance of the interior and minimiz- 
ing the number of details. 

The selection of a given system for a particular 
use will depend primarily upon the architectural 
considerations, the use of the building, conformity 


located where they take up the least valuable space, 
or where they may be hidden from sight, and so on. 
The majority of systems use floor beams and girders 
with a spacing of beams varying from 6'-0" to 
10'-0". Occasionally cross beams are used only 


Tyf>c 37” SrccL & T/lb 





Fig. 156* 


to the law, and economic considerations. The 
locations of the columns and bearing walls are 
determined by the architectural features of the 
building. In general, it may be said that they are 

* Based upon a paper entitled “ Comparison of Types of Fireproof 
Construction " by Chester L. Post, Consulting Kngineer; Vice-President, 
Condron Co., Chicago, Illinois, — presented to Western Society of 
Engineers, March 24, 1024. 


on the column center-lines. These should be used 
in many cases to stiffen the structure. The direc- 
tion of the girders is usually that of the short spans 
so that shallower and more economic construc- 
tion will result. They should preferably run at 
right angles to the length of the building. 

For certain types of buildings, there is not any 
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single system of floor construction which would be 
used advisedly in all cases, even if the designer were 
to choose without any Ulterior conditions affecting his 
selection. There are so many variables that there 
is no definite rule for selecting one type. However, 
some systems are naturally better adapted than others 
to the uses, shape, and nature of the structure. In 
deciding upon the type to use, material assistance is 
obtained inmaking thedccision by preparingaltemate 
designs for a typical panel and making comparative 
estimates, based upon the market prices of the re- 
spective materials involved, in addition to the cost 
of erection. Figure 156 shows two comparative 
estimates. This is not to be taken as a proof of 
one against the other in this instance, but as an 
illustration of how to make comparisons. The 
quantities should be based upon current market 
prices of materials delivered by truck, and upon 
average wages for lal>or, not considering premium 
wages or unusual rush conditions. The following 
prices* were used (1924) for making comparative 
estimates, and will serve only as a guide for practice 
problems: 


Structural steel — fabricated (f.o.h. cars) $90 .00/ton 

erection 20.00 

• in place 110.00 

Reinforcement (f.o.b. cars) 00. (X)/ ton 

(standard increases for sixes lielow base) 

Standard bending 6.00/ton 

Trucking 3 CX) 

Rending stirrups 18.00 

Detailed shop drawings 3.00 

Spirals for columns 90.00 

Placing reinforcement 20 . (X) 

Forms — lumber $47 . 00/M .B. M . 

Removable column forms (incl. erection and removal) 

cylindrical without cap $15. 00/colunm 

with capitals 16.00 

Dropped heads $ 10 . 00 each 

10" clay tile 0.25 each 

Removable metal domes (rental) 0.08/n' 

(no deductions for openings < l(X)u') 

Metal lath ceiling plastered direct ( com- 

plate) $2. 10/a yd. 

Plastering only (2 coat work) 0.90 /d yd. 

Concrete (1 : 2 : 4 mix) 0.44/cu. ft. 

(1:1:2 mix) 0.54/cu. ft. 


(based upon cement at $2.90 per bbl., less discount and less 
sacks = $2.45 per bbl., net; crushed stone $2.75 per cu. yd. 
delivered, sand $2.75 per cu. yd. delivered. 

For purposes of comparing quantities, the values 
are often reduced to a common basis. The cubic 
feet of concrete, including that in the beams and 
girders, is divided by the number of square feet in 
the panel to get an answer of the number of “ board 
feet ” of concrete per square foot of panel. Similarly, 
the forms may be expressed as the number of board 

* From a paper entitled “ Analysis of Cost of Types of Fireproof Con- 
struction " by Arthur F. Klein, Vice-President, It. C. Wieboklt Co., 
Chicago, Illinois, — presented to Western Society of Engineers, March 24, 
1024. 


feet per square foot of panel, and the reinforcement 
as so many^ pounds per square fo6t^ These figures 
may be increased 25% to allow for the extra filling 
in columns, beams and girders, and the extra cost 
of spandrel beams. From the study of various 
types of construction (mentioned in previous foot- 
notes), the following guides as to economy were 
derived, mentioned in the order of their economy: 


Floors with light loads (such as apartments, hotels, etc.): 

(1) metal tile joist 

[terra cotta tile 

(2) masonry tile joist concrete tile 

gypsum tile 

(3) concrete beam and girder 

(4) terra cotta arches and steel beams 


Light manufacturing: 

(1) two-way flat slab 

(2) two-way slab and concrete girders 1 practically the 

(3) one-way slab, beam and girder J same 

Warehouses: 

(1) two-way flat slab 

(2) two-way slab and concrete girders 

(3) one-way slab, beam and girder 


The cost of the construction is not a full measure of 
economy, however, and adaptability, as well as 
maintenance costs, is important. Some of the 
other factors which determine the use of a type of 
floor construction are: 

(1) The amount of live load to be carried, 

(2) the dead weight of the construction, 

(3) the necessity of lateral stiffness, 

(4) the case and speed of erection, 

(5) the type of ceiling desired, whether it is 
to be flush, paneled or suspended, 

(6) the fire-resistance of the construction, 
(one of the most inq>ortant), 

(7) the questions of water tightness and the 
incident rusting of steel, sound transmission, 
vermin stopping, and so on, 

(8) the coordination with equipment, both 
in installation and repair, such as 

(а) the support of shafting hangers, sprin- 
kler pipes, and the like, on the soffits of the 
beams, which affects their spacing, 

(б) the necessity for carrying pipe and 
conduit work in the floor fill rather than in 
between beams, 

(c) the bedding of machinery on the surface 
of the floor, and 

(9) the size and arrangement of openings in 
the floor, and whether pipe sleeves for small 
openings and inserts may be properly bedded. 

(10) The type of foundation, spacing of col- 
umns, and clear story heights required will of 
course affect the cost of the building as a whole. 



GENERAL CONSIDERATIONS 


139 


The system selected should be a modern type of 
construction. Many kinds of floor framing are now 
superseded beemise of the greater advantages and 
economy of newer ones. The advance in this 
direction has been rapid in the past century and 
only a relatively few years ago systems were used 
which are now practically out of date. 4 ' 

■“^fcrob. 98a. Make a sketch of a rectangular panel 21'-0" X 
16M)", showing steel H columns at the four comers. Try 
ifferent designs for a total load of 150#/a', using the follow- 
ing combinations for the steel beams and girdere: 

(а) girders long way — 4 spaces for beams 

(б) “ “ “ — 3 “ “ “ 

( c ) ** « « 2 “ “ “ 

(d) “ short 11 —3 “ “ “ 

“ “ — 2 “ li " 

What framing is the most economical? What conclusions 
do you draw? 

99. Tabulation of Loads. 

For the purpose of providing an easily checked 
and complete record of the loads which are used 
in the design, it is found that an accurate tabulation 
preceding the calculations for each element of the 
floor system is of distinct value. These tabula- 
tions should be kept in a definite location on the 
design sheets and should be subdivided into the 
various items which a designer, mentally, at least, 
considers in arriving at the loads. For example, 
the tabulation for the design of a slab should be as 
follows: 

Jj.L. = 60 #/n' 

Fin. Fir. = 3 
Sub. Fir. = 3 
2" Cinder Fill = 16 
4" Concr. Slab = 50 (Assumed) 

PI. Ceiling = 5 

T.L. = 137#/d' * 

In a similar fashion, the tabulation for the 
load per linear foot on a steel beam would be 
as follows: 

* In 1865, one type of fire resisting construction consisted of iron joists 
composed of two curved sheets and two flat strips, riveted top and bottom, 
resting upon iron girders. Above the joists, corrugated iron sheets sup- 
ported a concrete fill on which the finish flooring was laid. Such a system 
would lie obsolete in moderu practice. 


Spacing of Beams * G'-O" 

T.L. from floor = 6 X 137 822#/ft. 

Beam + haunch 78 

T.L. « 900#/ft. 

A very common error in beam load tabulations is 
to add the *wcight of the beam and haunch into 
the square foot allowance. This is obviously incor- 
rect. Another common error which creeps into floor 
load calculations is the development of the load per 
linear foot from the load per square foot in joist 
spans. For example, a steel tile, concrete joist, ribbed 
slab in which the joists are 25" o.c., would give a 
load per linear foot of jff times the load per square 
foot. 

In connection with the tabulation of loads for 
girders, great care should be taken to make sure 
that the reactions of the beams framing into 
the girder are considered. Thus, if two beams, 
framing on each side of the girder and which have 
the same span and load for example, have their 
reactions transferred to the girder, the concentra- 
tion will not be the reaction of one beam but that 
of both beams, or, in other words, the total load on 
one beam. Every girder, especially in fire resisting 
construction, has a definite and appreciable weight 
which should not be ignored in the calculations. 

All of these suggestions of course are apart from 
those special conditions imposed by partitions, floor 
openings, hangers, and such other instances of load- 
ing which arc not always a part of the regular floor 
system design. In the discussion of the types of 
floor systems in the following chapters, it will l>e 
interesting to note the methods of tabulation. 

Without efficient tabulation, it is almost impossible 
to interpret the usual building code as affecting 
column design. Here are found many variations 
of suggested live load reductions, each in its own 
way imposing a definite system of tabulation. t 

Prob. 99a. Tabulate the loads for the floor, typical beam 
and girder for the following data: 

Live load 150 #/g'. 

1" granolithic finish floor, 5" slab, ceiling plastered 
direct. Spacing of beams 7'-0", size 12 1 31.S fireproofed. 
Panel 2r-0" square, girders 20 165.4, fireproofed. 

Make a sketch for the loading on the girder. 

t See Chapter 20. 
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100. Comments. 

It is not the intention to discuss the complete 
theory of reinforced concrete beams and slabs here, 
as this may be found in a number of treatises on 
this subject. However, an engineer designing steel- 
framed buildings often employs a type of floor or 
roof construction which involves the use of rein- 
forced concrete slabs. He should be able to design 
the slabs as a part of his work : — to define the slab 
thickness and how this concrete is to be reinforced 
(the sizes of rods or mesh, and how the rods are to 
be bent and placed). Such design involves only the 
simpler elements of the concrete theory. 

101. General Theory. 

The medium which carries the finish flooring and 
transmits the loads to the beams in some forms of 
construction is called the slab. A slab is designed in 
the same manner as a concrete rectangular beam 
except that the width, b> is generally considered to 
be; that of a 12" strip. A strip of this width is taken 
principally as a matter of convenience because the 
load per square foot, ?/><», is then the load per running 
foot, w, for the slab design. If any one foot width 
is strong enough to span the opening, the slab as a 
whole is safe. The required depth may be found 
by applying 

M = K • b • d 2 , in which 

K = a constant, depending upon the allowable 
stresses in the concrete and steel. 
Values arc given in Table 34. 
d = the distance in inches from the top of the 
slab to the center of the reinforcement, 
and 

b = 12", the width of the strip of slab, and 
M - the maximum bending moment for the 
strip, expressed in inch-lbs. 

This formula may be more conveniently expressed as 

IT 

K-b 

* Some engineers prefer to use the formula d - 1 

a» a more convenient application: Thie in the same solution as d - 
M (ft.-lba.) x 12 


The area of steel required for a one-foot strip may 
then be calculated by using 

A, — . in which 

fs-J-d 

A s = the area in sq. ins. of reinforcement re- 
quired per foot of width of the slab, 
f s = the maximum allowable tensile stress in 
the reinforcement, in #/n", and 
j = a constant, which for all practical purposes 
may be used here as J. 

The shear is generally relatively small, so that the 
intensity of shear is usually below the allowable for 
the concrete and no web reinforcement is required. 
Since this is true in the majority of cases, the shear 
investigation is generally omitted in the design of 
slabs. As the typical slab is reinforced with a rela- 
tively large number of small rods and the shear is 
small, the bond stress is usually within safe limits 
and this calculation is also omitted. Consequently, 
the design of slabs is a relatively simple procedure. 

When the finished floor is to be granolithic, that 
is, of a concrete surface, it may be made in two ways. 
One is to float the finish integral with the slab and 
the other is to apply a finish coat later. The latter 
method is more commonly used as it is more con- 
venient and a better result can be obtained, f Since 
such a finish is applied later, it should not be counted 
upon as a part of the effective depth of the slab, but 
as merely additional load. If it is positively known 
that the finish is to be integral the depth may be 
taken as effective to the top of the finish floor. 
Usually a large majority of the structural design 
work is completed before the specifications are finally 
prepared so that the safer practice is to assume that 
the finish will be applied later. 

102. Allowable Compressive and Tensile Stresses. 

The maximum allowable fibre stress in compres- 
sion for flexure is based upon the ultimate com- 
pressive strength of the concrete. In order to refer 
to compressive strengths for uniform conditions, the 
data should be based on the 28-day compressive 

t There are advantages with either method. A finish cast later require* 
careful workmanship to obtain a good bond. However, a better finieh 
ia obtainable, and it is more convenent in coating integral baaes, threaholda, 
and so on. 
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strengths of flt'4 X 12" cylinders, made and stored, 
under standam laboratory conditions,* using the* 
stone conspiracy and mix as in the field. There 
has been considerable tendency in the past few years 
to specify concrete as 1500#, 2000#, 2500#, 3000#, 
etc., for example, and to vary the proportions of the 
cement, fine aggregate, and coarse aggregate to 
fih^a iii such strengths.! 

| Anbther method which is still used in the absence 
oHb&uite knowledge in advance of the construction 
as to just what strength may be expected, or what 
materials are to be used, is that of establishing 
maximum compressive strengths according to the 
arbitrary mixes of concrete which are specified. 
The following table represents average practice. 

The arbitrary method of using average values is 
misleading, as the strength of the concrete is de- 
pendent upon many factors such as: 

(1) the quality of the cement, 

(2) the proportion of the cement per unit volume, 

(3) the character and size of the aggregate, 

(4) its density, 

(5) the relative amounts of mixing, 

(6) its age, and 

(7) the nature of the seasoning. 

However, the above values are the most commonly 
used because of the reasons given below. 

TABLE 33 

COMPRESSIVE STRENGTHS OF DIFFERENT 
MIXTURES OF CONCRETE 
(In Pounds per Square Inch) 


Aggregate 

1:3* 

1 :41* 

1:6* 

1 :7i* 

1:0* 

Granite, trap rock 

3300 

2800 

2200 

1800 

1400 

Gravel, hard limestone 






and hard sandstone . . . 

3000 

2500 

2000 

1600 

1300 

Soft limestone and sund- 






stonc 

2200 

1800 

1500 

1200 

1000 

Cinders 

800 

700 

600 

600 

400 


* ThcBe values are baaed upon the arbitrary mixes, 1-1-2, 1—1 1-3, 
1-2-4, 1 2J-5 and 1-3-0 respectively but the combined volume of lino 
and coano aggregates measured separately should not exceed the figures 
given. 

There is a tendency in recent practice toward 
more careful analysis of the aggregate and the 
establishment of more accurate proportions than 
those usually represented by the arbitrary mixes. 
The ideal way of establishing *the ultimate com- 

* " Tentative Methods of Making Compression Tests of Concrete " 
(Serial Designation: C3D-21T) of the A.S.T.M. (given in Appendix 
XIII of the J. C. Report also), " Standard Methods of Making and 
Storing Specimens of Concrete in the Field M (Serial Designation: C31-21) 
of the A S.T.M. 

t J. C. Report, 1021. Table 4 gives the proportions in which the 
materials should be mixed. It is also stated that the purpose is twofold: 

1. To furnish a guide in the selection of mixtures to be used in pre- 
liminary investigations of the strength of concrete from givon materials. 

2. To indicate proportions which may be expected to produce concrete 
of a given strength under average conditions where control tests are not 
made. 


pressivc strength of the concrete is by averaging 
the results of tests of a series of standard test 
cylinders. These specimens are made of the 
materials which are to be used, mixed in the proper 
proportions and consistency suggested by careful 
laboratory study. However, the design of a struc- 
ture is generally completed except for details beforo 
the contract for construction is awarded. The 
nature of the aggregates to be used will depend upon 
the sand bank and gravel pit or crusher from which 
the contractor intends to take his supply. The 
problem then becomes one of making the concrete 
actually cast as near in strength to that specified as 
possible, if the method of fixing an ultimate strength 
is used, but the human equation also enters even 
though the natural qualities of the aggregate arc 
carefully considered. Therefore many building 
codes specify the ultimate strengths according to 
arbitrary mixes, similar to the table above. 

The working compressive stress is quite univer- 
sally expressed as some proportion of the ultimate 
strength of the concrete at the age of 28 days. The 
following excerpts illustrate this. 

SPECIFICATION CLAUSES (J. C.) 

Flexure Extreme fiber stress in flexure # 0.40 fc 

Extreme fiber stress adjacent to sup- 
ports in continuous beams 0.45 f c ' 

Boston* Compression on extreme fiber in bending shall 

Building Law not exceed thirty-two and five-tenths jxt cent 
of the compressive strength fixed by this art: 
provided, however, that adjuccnt to the supports 
of continuous beams or Nlabs thirty-seven and 
five-tenths per cent may be used. 

The strength of concrete increases with age, so that 
the factor of safety is larger in a concrete structure 
after a period of time than it was when the structure 
was first built. Many building codes make allow- 
ance for this characteristic, if it is desired to use a 
member for an additional load later. 

SPECIFICATION CLAUSE* 

Concrete Concrete one year old shall be considered to 

l Year Old have ft compressive strength twenty-five per cent 
greater than that given in the table for concrete 
of the same grade and proportions. 

Illustrative Prob. 102a. What is the maximum allowable 
compressive stress in flexure for a 2000# concrete,! J. C. 
Rules? 

// - 2000#/d" f c » 0.40 X 2000 - 500#/n". 

Illustrative Prob. 102b. What is the maximum allowable 
compressive stress in flexure for a 1 : 0 concrete, Boston Law? 
That adjacent to the supports of continuous beams? 

f c ' = 2200#/a' f c = 0.325 X 2200 - 715#/a" 

Adjacent to supports f c — 0.375 X 2200 *■ 825#/ n". 

* The Building Law of the City of Boston. (The ultimate strength 
of concrete increases about one-third at the age of tt months — see Bulletin 
#107, Univ. of Wisconsin.) 

§ This expression ib commonly used to designate a concrete which 
has an ultimate compressive strength of such a value in #/□". 
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The maximum allowable tensile stresses for steel 
reinforcement such as bate,* wire in various forms, t 
and small structural steel shapes! are well estab- 
lished because of the reliable quality of manufacture. 

sractncATioir clauses «. cj 
Tantitm In (a) Billet-steel bars: 

Steel (SOI) 1 . Structural steel grade 16,000 lb. per sq. in. 

2. Intermediate grade 18,000 lb. per sq. in. 

3. Hard grade 18,000 lb. per sq. in. 

(6) Rail-steel ban* 16,000 lb. per sq. in. 

(c) Structural steel 16,000 lb. per sq. in. 

(d) Cold-drawn Bteel wire 18,000 lb. per sq. in. 

These working stresses are based on a factor of 
safety of 4. Thus for structural steel grade bars. 

Ultimate Strength = 65,000#/a" (Average). 

f, = ^*292 16,000#/ □" (Allowable). 

4 

The Joint Committee recommends the use of 
intermediate grade billet-steel bars, although many 
engineers prefer to use structural steel bars as 
many building codes limit the allowable tensile 
stress for bars to 16,000#/a" maximum, and struc- 
tural grade steel is naturally cheaper than inter- 
mediate grade steel, if such limitations arc given. 
The former grade has greater elastic qualities than 
the latter. Although hard grade steel has a higher 
ultimate strength than the other steels, it has a 
tendency toward brittleness, so that the working 
stress is limited to 18,000 #/d". The authors be- 
lieve that all such stresses should be limited to 
16,000#/p ,, ) except cold-drawn steel wire, as the 
moduli of elasticity are practically the same, and 
the higher carbon grades are not always as reliable 
in all respects, particularly rail steel. Cold-drawn 
steel wire has a high ultimate strength and is com- 
paratively elastic, so that the allowable stress is also 
given as 18,000#/o". Some specifications allow a 
maximum of 20,000#/p" instead; others allow 
increased values for steel used as reinforcement in 


A feature of the discussion of the forking stresses 
in reinforced concrete is the relative /actor at safety. 
If this were based upon the strengtn«bj£he compete 
at the age of 28 days, there would not be ajufficient 
amount of steel to develop the strength of the 
concrete when it was six months old. Thus a factor 
of safety of 3.5 for concrete 28 days old becomes one 
of 4.5 to 5 for concrete six months old. The strength 
of the combination is dependent upon the* yield. 1 
point of the steel and not its ultimate strength,. 
once the steel yields materially, the concrete tends 
to disintegrate. The yield point of steel is from 
30,000 to 35,000#/o", and assuming that the steel 
could elongate somewhat before the crushing of the 
concrete became serious, the factor of safety referred 
to the yield point is nearer 2} or 3, instead of 2 
(32,000 average + 16,000 = 2). Hence the result- 
ing factor of safety of the combination averages 
about four, which is consistent with the general 
design. 

Prob. 102c. What is the maximum allowable compressive 
stress in flexure for a 1:11:3 concrete, gravel aggregate, 
J. C. Rules? 

103. Design Factors. 

In any given case, it is necessary to establish the 
value of the design factor, K f according to the work- 
ing stresses for the concrete and steel to be used. 
Table 34 gives the formulas used and the values 
resulting for several combinations of stresses. For 
the common mixes of stone concrete, n, the ratio of 
the modulus of elasticity of the reinforcement to 
that of the concrete, is usually 15. For cinder 
concrete, n = 40 usually. 

Illustrative Prob. 103a. What is the value of K for 
2500# concrete, intermediate grade reinforcement, and J. C. 
Rules? 

f c ' = 2500#/n" f c - 0.40 X 2500 - 1000#/a'' 

/, - 18,000#/d" n - 12 


slabs. 

SPECIFICATION CLAUSES 

Tension in The tensile or compressive stress in steel shall 
Reinforcing not exceed sixteen thousand pounds per square 
Steel inch in rods and twenty thousand pounds per 

square inch in druwn wire and other approved 
cold stretched fabric, except that in slabs of 
stone concrete the tensile stress in rods shall not 
exceed eighteen thousand pounds per square 
inch, and in drawn wire or other approved cold 
stretched fabric it shall not exceed twenty-two 
tliousand five hundred pounds per square inch. 


^ 18,000/ 18,000 _T 

1000 \ 12 X 1000+ > 

V2 (0.0111) (12) + [0.0111 (12)]* 

0.401 


0.0111 (12) 


- 0.800 


K - J •/, • k ‘j - I (1000) (0.401) (0.800) - 173.2 
K - v -fs -j - 0.0111 (18,000) (0.800) = 173.2 


Prob. 103b. Calculate the value of K for 2200# concrete, 
structural grade reinforcement and J. C. Rules. 


* “ Standard Specifications for Billet-Steel Concrete Reinf6rcement 
Bars " (Serial Designation: A15-14), A.8.T.M., or “ Standard Speci- 
fications for Rail-Steel Concrete Reinforcement Bars " (Serial Designa- 
tion: Alfl-14), A.S.T.M. 

t " Tentative Specifications for Cold-Drawn Steel Wire for Concrete 
Reinforcement " (Serial Designation: A 82-2 IT), A.S.T.M. 

t “ Standard Specifications for Structural Steel for Buildings ” (Serial 
Designation: A0-21), A.S.T.M. 

I The Building Law of the City of Boston. 


104. Beam Reinforcement. 

The principal forms of reinforcement for concrete 
are round rods and square bars of steel. These are 
of two types, plain and deformed. The deformed 
bar is one on which lugs or indentations are rolled 
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TABLE 84 

A CONCRETE BEAM DESIGN 


IfcM 


k - y/2 p.s + (p.s)*-p.» 


'-■-I 


U mK.b.fi 


^'worBhg 

Vj tlf— 
s 11 

Ratio of Moduli 
n-16 

Remarks 

t. 


V 

fc 

3 

K 

Typical Code Requirements 

16.000 

600 

.0060 

0.319 

0.804 

7U 



660 

.0068 

0.339 

0.887 

9M 



600 

.0067 

0.368 

0.881 

94.4 



060 

.0077 

0.378 

0.874 

107.4 

Old J. C. — oorap. # mid-span 


700 

.0087 

0.307 

0.868 

190.6 



716 

.0089 

0.403 

0.866 

194.0 

Boston Law — comp. @ mid-span 


760 

.0097 

0.414 

0 862 

119.9 

Old J. C. — comp. @ supports 


800 

.0107 

0.429 

0 857 

140.7 

New J. C. — oomp. @ mid-span 


826 

.0112 

0.436 

0.856 

1S4U) 

Boston Law — oomp. @ supports 


880 

.0120 

0.461 

0 864 

170.0 

New J. C. — 2200# oonerete 


900 

.0128 

0.467 

0 844 

179.0 

New J. C. — oomp. @ supports 


000 

.0060 

0.334 

0.889 

BIJ 



060 

.0063 

0.361 

0.883 

100.0 



700 

.0072 

0.368 

0.877 

114.0 


18.000 

716 

.0074 

0.373 

0 876 

117.0 

Boston Law — slabs — rod reinf. 


800 

.0088 

0.3B8 

0.867 

197.0 

Now J. C. — slabs — mesh reinf. 


826 

.0093 

0.410 

0.836 

144.0 

Boston Law — slabs — oomp. @ 







supports 

20.000 

600 

.0034 

0.272 

0 009 

01.8 



660 

.0040 

0 292 

0 903 

71.1 



000 

.0047 

0.311 

0 807 

90.7 



660 

.0063 

0.328 

0 801 

94.4 



700 

.0060 

0.344 

0.885 

100.9 



716 

.0062 

0.347 

0 882 

110.1 

Boston Law— slabs — mesh reinf. 


760 

0067 

0 360 

0.880 

117.0 



800 

.0076 

0.374 

0.876 

190.9 

| 

18.000 

240 

.0126 

0.231 

0.023 

90* 

New J. C. — slabs — mesh reinf. 
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in one manner or another. There arc many types 
of deformed bars on the market, among which are 
the American, manufactured by the American 
System of Reinforcing; Corrugated, manufactured 
by the Corrugated Bar Company; Havemeyer, 
manufactured by the Concrete Steel Company; 
Rib, made by the Truscon Steel Company; and the 
Inland, made by the Inland Steel Company. Figure 
157 shows some of the common kinds. The protec- 
tion against plain rods ultimately slipping under 
stress depends upon their adhesion to the concrete. 
This resistance is called bond. Deformed bars have 
an additional protection furnished by mechanical 


bond. Previously, square-twisted ban were em- 
ployed, but their use has been largely superseded 
by deformed ban. 

The steel from which rods are manufactured may 
be made by the Open Hearth or Bessemer process 
(Arts. 1 and 2). It is generally conceded that the 
Open Hearth process is the better. The material 
may be Billet SteelJ or Rail Steel.§ Many engi- 




Fig. 157 . Reinforcing Rodh and Bars 


(a) Corrugated bar 

(b) Corrugated bar 

(c) American bar 

( d ) American bar 


(e) Havemeyer bar 
(/) Havemeyer bar 
O7) Inland bar 
( h ) Kib bar 




neers prefer to specify billet steel. The rods are 
made in different grades, namely, structural! medium 
and high-carbon. The medium steel is considered by 
many to be the best grade to use in the majority of 
cases. High-carbon steel, although stronger in tension, 
is apt to be brittle. This is often an undesirable 
feature but in heavy members the concrete itself 
will absorb a large portion of the shocks and the 
vibration, so that the steel is somewhat protected in 
such coses. More careful inspection of such rods 
is required as they may be damaged before the 
concrete is cast, so that in general little economy is 


*1:2:4 Cinder Concrete, n — 40. 

t This additional protection ie principally in the resistance of the bar 
to ultimate slipping. The stresses which will cause initial slip for the 
plain and deformed rods are not as widely separated. 


t “ Standard Specifications for Billet-Steel Concrete Reinforcement 
Bam " (Serial Designation: A 16-14) of the A.8.T.M. 

I " Standard Specifications for Rail-Steel Concrete Reinforcement 
Bars ’’ (Serial Designation: A 16-14) of the A.S.T.M. 




144 


DESIGN OF FLOOR CONSTRUCTION 


gained by their use. The quality 111 of steel as manu- 
factured is very uniform so that tests are not fre- 
quently required to determine whether or not it is 
satisfactory in elastic properties. 

The common sizes of reinforcing rods vary from 
i to 11" in multiples of One-sixteenth sizes are 
made but they are difficult to obtain because of 
infrequent rollings. If an engineer calls for the 
latter sizes, substitutions will often be made in 
order to use available stock and to expedite the 
progress of the job. Table 35 gives the common 
sizes, areas and weights of rods universally adoptedf 
at present. It should t>e noted that some deformed 
bars are heavier than others on account of the lugs. 
The cross sectional areas, however, are all prac- 
tically the same because the patented bars are 
planned to have areas equivalent to plain, round or 
square bars of the same size.J 


TABLE 36 

AREAS, PERIMETERS, AND WEIGHTS OF RODS 


• 

Rouiultt 

Square* 


A roii 

s? 

' 

Woijtht 

Areu 

Perimetur 

Weight 

f 

0.11LT 

1.18' 

0.3^#/ft. 




1 

0.20 

1.57 

0.67 

0.25n* 

2.66 

0.86#/ft. 

i 

f 

0.31 

1.96 

1.05 



0.44 

2.36 

1.52 




I 

0.60 

2.75 

2.06 




l 

0.78 

3.14 

2.69 

i oo 

4 ! 6 o 

3.43 

u 




1.27 

4.50 

4.34 

11 




1.50 

5.00 

5.31 


The matter of the selection of rods for reinforce- 
ment is a problem of economy. The number of 
sizes and lengths used should l>e kept as low as 
possible. Small sizes are used for slabs, larger sizes 
for heavy beams and occasionally the largest sizes 
have to be used for heavy columns. The medium 
sizes should be employed as much as possible 
because base prices and extras influence the cost. 
Certain sizes and lengths are classed for a base price 
and the others are priced by extras according to 
size. Table 36 shows the typical relations of such 
prices. 

In some cases, engineers give only the areas of 
steel required for the various parts of members. 
The sizes and spacing of rods to provide the required 

* "Standard HpmAcatioius for Billot-Steel Concrete Reinforcement 
Bars’" (Serial Designation: A15-14) of the A.S.T.M. 

t The Joint Conference of Representatives of Manufacturers, Distrib- 
utors, and Uners of Concrete Reinforcement Bars held in the Department 
of Commerce, Washington, D. C., September 0, 1924, unanimously 
adopted the areas and sices of reinforcement bars in Table 35, with the 
addition of the \ in. round bar, area, 0.049 sq. in.; to become effective as 
applying to new production, January 1, 1925; every effort to be made to 
dear current orders and existing stocks of eliminated areas before Maroh 1, 
1925. 

t Borne deformed bars are defined by th» method, such as #125 Ovoid 
01" 0 equivalent). 


area in such cases must be fumishediby the reinfor- 
cing steel contractor. This is donel ps ave the tuAe 
of the engineer ahd to allow the contmfttpr to simply 
the steel according to his local stock, v if«(K)ssible. 
This procedure is not considered the best practice 
and the time spent by the engineer in showing the 
rod sizes, spacing, and typical bend points will 


usually prove advantageous. 

TABLE 36 ’ 

EXTRAS ON REINFORCEMENT 

Size. (Per 100#) 

l and larger Bane 

j to H 60.05 

i to A 10 

A 20 

* 25 

A 35 

* 50 

Length. 

Over 48 inches and less than 60 inches 60.05 

24 inches to 48 inches inclusive 10 

12 inches to 23 inches inclusive .20 

Under 12 inches (on application). . . .not less than .30 

Tonnage. 

Over 1000 pounds but less than 2000 pounds $0.15 

Less than 1000 pounds .35 


Illustrative Prob. 104a. If a beam were reinforced with 
2-J" 0 rods bent, and l-J" 0 rod straight, what number and 
size of square bars could be used in place of the round? 

2-1" 0 area - 2 X 0.60 - 1.20 
l-J" <t> area = 1 X 0.60 =» 0.60 
1.80 

Substituting 2-J"o bars = 1.12 

l-J "□ bar = 0.76 

1.880" 

Prob. 104b. If J" 0 rods were not available and you had 
|" 0 and J" 0, how many of each would you use to give the 
same cross sectional area as in Illustrative Prob. 104a? 

Prob. 104c. Arranging the steel in a double layer with 
2" between layers and bars 2" o.c., substitute rods of 1" 0 
or under for 2-1 J" 0 straight and 2-1J" 0 bent, keeping the 
same percentage of bent steel. 

Prob. 104d. If you had J" 0 rods, 4" o.c. specified for 
a slab, how many rods would there l>e per foot of width? 
What cross sectional area of steel per foot is obtained? If 
you had to use £"□ bars instead, how many inches on center 
should they be? 

106. Simple Slabs. 

Slabs which span only a single opening and also 
are simply supported are rather an exception in an 
average building. They may, however, occur in 
special cases such as when there are openings in a 
floor either side of a pair of parallel beams, or in 
bridge floors, platforms, coal pockets, and so on. 
Usually there is some restraint at the supports of 
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such slabs sc^that the bending moment may be. 

circulated <•* — or M «= > depend* 

ing ulJWrtocal conditions. The typical slab gener- 
ally extends over two or more spans so that the 
moment coefficients for continuous beams are used 
in one form or another. 

- 1 ... ^certain types of construction the spans of the 
Oslab may range from 4'-0" to 6'-0", only. In these 
^~ittiin*«pans the slabs become rigidly supported if 
they are well bonded to the beams, as should be the 
case in monolithic construction. The adjoining 
slabs give a great stiffening effect to the slab under 
consideration even in the case when the slabs are 
supported by steel beams. For such conditions, 
reinforcement against negative moment is hardly 
needed, and straight rods in the bottom of the slab, 
as in the case of simply supported slabs, are con- 
sidered sufficient. Such rods should be lapped and 
the laps should break joints to prevent local cracks. 
The length of the laps should be sufficient to de- 
velop bond. When such slabs are built fully con- 
tinuous and on short spans they may be designed 
w • L 2 

for a moment of — — — and the steel proportioned as 
described above. 

When the spans exceed 6'-0", the stiffening action 
of adjoining slabs is less effective, and provision for 
negative moment must be made by the use of rein- 
forcement in the top of the slab over the supports. 
This is generally accomplished by bending up part of 
the rods provided for positive moment to the top of 
the slab and extending them into the adjacent span. 
The inclination of the bent rods for slabs is quite 
universally made 30° with the horizontal. If the rods 
were bent at too small an angle they would run too 
great a distance before reaching the top of the slab. 
On the other hand, if the rods are bent at too sharp 
an angle there is a tendency of the slab^to crack. 
The points at which to bend the rods up, theoretically, 
should be at the points of inflection of the moment 
curve. This degree of accuracy is hardly necessary 
for ordinary Blab design and the usual practice is to 
make the bends at the quarter-points of the center 
to center span.* The bent rods are usually extended 
to the quarter-points of the adjacent span. In this 
way sufficient bond resistance is developed, and the 
rods bent up from either side of* a support may be 
counted upon as resisting the negative moment. The 
top of the slab should theoretically be reinforced 
transversely to provide for the negative bending, at 
right angles to the direction of the main slab reinforce- 
ment and to help stiffen the supporting beam. The 
steel in the top of the beam itself is generally con- 
sidered sufficient to provide such stiffening action. 

* Some designers prefer to ubc the fifth-point of the dear apan. 


Illustrative Prob. 106 a. Determine the theoretical depth 
of slab required to span 7'-0" and carry a live load of 25(ty/u'. 
Slab is fully continuous and is to have a 1" granolithic finish. 
Maximum allowable f c « 650^ /□" and/, - 16,000#/a". 

Since concrete slabs have such a relatively large dead 
weight, such weight has to be included in the load per square 
foot. Since the required thickness of slab is unknown at the 
outset of the design, a weight has to be assumed, 

L.L - 250#/a' K - 107.4 

1" Grano. Fin. - 12 

5" Slab - 62 (as sumed) _ f 

T.L. - 324#/a' M - ft. lbs. 

M - 1.0 w • L* - 1.0 X 324 X (7)* - 16,000"# 



When the theoretical depth of slab has been 
calculated, the actual depth is generally taken to 
the nearest multiple of $" above that required, 
unless the theoretical value is very near a value. 
An obvious reason for this is that the character of 
the construction does not call for fine degrees of 
measurement. The increased depth will also servo 
to lighten the reinforcement required. In the above 
case, d (actual) may be taken as 3J" but if d (theo- 
retical) had calculated, say, 3.72", then the value 
should be taken as 4".f 

The reinforcement must be given proper fire pro- 
tection. It is customary to provide 1" below the 
center-line of steel. The overall depth or thick- 
ness, t , in the above problem should then be 3.J + 1 
= 4J". The minimum thickness of slab allowable 
is often limited, to avoid extremely thin members. 

SPECIFICATION CLAUSE} 

Minimum In roof slabs the total depth shall not be less 
Thickneis than three inches and in floor slabs four inches. 

When the thickness of slab has been calculated the 
actual weight should be checked against the origi- 
nally assumed weight of the slab. These two values 
should check within 10%. Otherwise the slab 
should be redesigned. 


Illustrative Prob. 105b. Calculate the required area of 
steel for the Illustrative Prob. 106a. 


As 

As 


M 

f s -j'd 

15,900 

16,000 X i X 3.5 


d = 3.5". 
0.324a". 


The above value means that 0.324 D " of steel 
reinforcement must be supplied for every 12" width 
of slab.§ The sizes of rods most commonly em- 


t In small buildings of lees than 50,000 square feet in total floor area, 
it will probably bo as simple and as economical to make slabs the nearest 
1" above the theoretical value in thickness. For larger construction, the 
variation is advised for economy. Recently, i" variations were dis- 
carded in favor of i" increments, and it is quite passible that 1" variationa 
will be generally used at some future date. 

} Building Law of the City of Boston. 

| This is the width which was used in the determination of the required 
depth of slab. 
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ployed for slabs are f? 4, 4>, £" D and §" 4>. 

Sizes larger than these are only used for exception- 
ally heavy slabs. The most commonly used are 
the 0 and J" 4>. When the value of A s is known, 
it is good practice to solve for the spacings corre- 
sponding to one or two sizes of rods so that the most 
satisfactory and economical arrangement may be 
made.* The rods should not be placed too closely 
together, as the aggregate must be allowed to pass 
between them. In practice the rods are seldom 
placed at the minimum of three diameters on centers 
and 4" o.c. is usually about the minimum spacing. 
On the other hand, the slab rods should not be 
spaced too far apart as the portion of concrete 
between the rods may tend to act as an individual 
beam and thus be subjecting the concrete to exces- 
sive tensile stresses. 

SPECIFICATION CLAUSE f 

mm<ihiii»i Slab reinforcement bars in tension shall bo 
Spacing not farther apart horizontally than two and 
one-half times the total thickness of the slab. 


The spacing of rods is generally kept less than such 
a limit, however, in order to keep the rod sizes small 
and to keep the rods more numerous. 

Illustrative Prob. 105c. Select an arrangement of rods for 
the area of steel required in Illustrative Probs. 105a and 
1056. 

As required - 0.3240" *" * - 0.11 □" (Table 35). 

- 3 rods in every 12" 


This calculation may Iks mode in one step if desired. Thus 


Spacing 


12" X area of one rod _ 12 X 0.11 
A s 0.324 


4.06" o.c. 


As suggested, two or three rod sizes will be tried, and the 
best combination selected. 


J" <t > — 4.1" o.c. or 4" o.c. 

J" 0 — 7.1" o.c. or 7" o.c. <■ - (Jse 

|" 0-11.3" o.c. or 11" o.c. 


The actual figure to use for the spacing of rods 
should be the nearest below that theoretically 
required, unless the theoretical figure is reasonably 
close to a multiple. This spacing is sometimes 
varied after 6" to the nearest 1". Too fine a degree 
of measurement would be unreasonable in locating 
steel and it would add considerably to the cost to 
insist upon exact location. Steel, however carefully 
located, will probably not remain in its exact position 
due to the possible walking on the steel before the 
concrete is cast and because of the tamping of the 

* For information relative to rod bin*, base prices, and eo on, see Art. 
104 . 

t The Building Law of the City of Boston. 


.concrete into place. Figure 158 
useful in deteijnming arrangements 
a given area of steel. 



// 14 16 Id 
1 ■ ■ J ■ “ ' J V/ 



£**££/* 9 It 14 /£ /£ 10 
St**/ Jrea per Ft of £ /a 6 Sr* 

Fig. 158 


“ When areas of concrete too large to expand 
and contract freely as a whole are exposed to 
atmospheric conditions the changes of form due 
to shrinkage and to action of temperature are 
such that cracks may occur in the mass unless 
precautions arc taken to distribute the stresses 
so as to prevent the cracks altogether or to 
render them very small. The distance apart 
of the cracks, and consequently their size, will 
be directly proportional to the diameter of the 
reinforcement and to the tensile strength of the 
concrete, and inversely proportional to the per- 
centage of reinforcement and also to its Ixmd 
resistance per unit of surface area. To be most 
effective, therefore, reinforcement (in amount 
generally not less than one-third of one per cent 
of the gross area) of a form which will develop 
a high bond resistance should be placed near 
the exposed surface and be well distributed. 
Where openings occur the area of the cross 
section of the reinforcement should not be re- 
duced. The allowable size and spacing of cracks 
depend on various considerations, such as the 
necessity for water-tightness, the importance of 
the ap[>earance of the surface, and the atmos- 
pheric changes." t 

The above paragraph refers in general to concrete 
exposed to atmospheric conditions. The average 
slab is not usually subjected to great temperature 
changes or to conditions of excess moisture. How- 
ever a certain amount of steel is desirable to prevent 
local cracks due to shrinkage. The reinforcement 

t Excerpted from the J. C. Report of 1010. 
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f 

juired for tension supplies a large amount of this. * 
gvertheless ft slab should be reinforced longitu- 
' to4swnt cracks in the concrete. Longi- 
tudinaPffmforcement is more important in long 
spans than in short ones. The third of one per cent 
referred to in the preceding paragraph applies to 
concrete which is exposed to the weather. This 
.empirical value but it is based upon sound 
VUldgment and experience. Since the average slab 
*' IsT nOir Exposed to great temperature changes, and 
there is already reinforcement in one direction, a 
lesser amount of longitudinal steel will be effective. 
It is quite common practice to place J" <f> rods from 
18" to 24" o.c. in a longitudinal direction, depending 
upon the size and importance of the slab. Some 
engineers consider it to be more economical to use 
$ rods 24" o.c. in all cases, for the reason that 
the base price on these rods offsets the difference in 
weight between them and the f " 4> rods, and that 
the practice results in one less rod size to be con- 
sidered in many cases. The strength of the longi- 
tudinal steel in a “ one-way ” reinforced slab is not 
counted upon in the design. The longitudinal rods 
also serve the perhaps more important purpose of 
acting as spacers for the main bars. The reinforce- 
ment in the two directions should be fastened to- 
gether at frequent intervals to keep the bars at the 
proper spacing and to aid in tying the slabs together 
as a whole. 

The vertical shear at the supports of the slab in 
Illustrative Prob. 105u, in the direction of the 
transverse reinforcement, is 324#/ft. X .S-O* ft. = 
972#. The intensity of vertical shear is then 


r 

b •j • d 


972 

12 X 1 X 3.5 


J».4#/u" O.K. 


Thus the shearing stress is well within the allowable 
for the concrete by itself and no web reinforcement 
is necessary. The rods bent up for negative moment 
will of course provide some protection against 
diagonal tension. The shear is usually within the 
allowable and slabs do not have to be reinforced for 
shear unless they are exceptionally heavy. The 
bond stress on the transverse steel for the above 
data (neglecting the longitudinal steel) may be 
calculated in the following manner: 


<t> rods — 7" o.c. Consider a 7" strip of slab 

then 

7 

V — 972 X — = 566#. One rod is effective 
12 

in this width. 


V = 566 

i-d-2 o IX 3.5X1.57 


118#/n". O.K. 


* Supporting beam width assumed 12". 


The bond stress is practically within the allowable 
even when the longitudinal slab steel and the 
stiffening effect of the adjoining slabs are neglected. 
Accordingly, the bond stress on the slab steel is 
seldom investigated in the ordinary slab design. 


Illustrative Prob. 106d. Design a slab to carry a L.L. 
of 150#/o' and to span 12'-0". Slab is fully continuous. 
Use Boston Law. 


L.L. - 150 #/□' When f c - 0.325 X 2200 - 715#/a", 
1" Grano. = 12 and/, * 18,000#/a", K - 117 

7" Slab * 87 
Plaster = _j5 

T.L. - 254 say 255 


M - 1.0 • w • L* * 1.0 X 255 X (12)* - 36,800"# 


d 




36, 8(H) 
117 X 12 


5.13. 


Here is An instance where a redesign can reduce the amount 
of concrete. 


L.L. 
1" Grano. 
6" Slab 
Plaster 


150#/o' 

12 

75 

5 


M = 1.0 X 242 X (12)* - 34,800"# 

■ 4.98" 

Use 6" slab. 


T 34, 8(H) 

' V H7 X 12. * 


T.L. - 242 
As m _M_ 
5 1* ■ i • d 


5.0" 


34,800 


18.000 y !y. r i 


0.44n" 


- 2.2 

Tb “ 5 - 48 

Use !" 

4> — 8" o.c. 

0.20 

2.2 


- 1.48 

0.30 

Bi - Km 

r 

<t> Hpacern — 24" o.c. 


Prob. 105e. Design a slab to carry a load of 100 #/q' and 

to span ll'-O" if it is partially continuous j' 

Use f c = 650#/d" and f 5 = 16,000#/n". 1" granolithic 

finish floor and ceiling plastered direct. 

Prob. 106f. Design the typical interior slab for the 
following conditions: 

L.L. - 00 Span 8'-0" 

l” Fin. Fir. — 3 Use Boston Law 

J" Sub. Fir. - 3 
2" Cinder 
Conor. Fill ■* 10 
Slab =* — 

Susp. Ceil. — 15_ 

T.L. - 


106. Other Forms of Slab Reinforcement. 

Reinforcement for concrete slabs is commonly 
supplied in the form of round rods and occasionally 
square bars, but in many instances cold drawn steel 
wire fabric or wire mesht is used for slab spans up to 
14'-0" as a limit.t 

f Hen “ Tentative Specifications for Cold-Drawn Steel Wire for Con- 
crete Reinforcement/ 1 Serial Designation: A 82-2 IT, American Society of 
Testing Materials. 

$ Such reinforcement is also used for light walls. 
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Fia. 159. Concrete Reinforcement 

(a) A-Mesh (c) Lock- Woven 

(b) Welded Wire (d) G. F. Expanded Metal 


. SPECIFICATION CLAUSE* 

Reinforcing material** which are 8elf-centery£g 
shall not be used in spans exceeding eightJjj&t. 
Fireproofing under self-centering ^Moro^ment 
may be of Portland cement plaster. 


Wire fabric, in place of the ordinary form of bar 
reinforcement, is finding a great place in the concrete 
industry. It does away with the handling of 
pieces, and the incidental tying together of thclaamej* 
is readily bent to curves, but has the disaefc^'^-^ 
of decreased flexibility of design. In general this 
material is made up of heavy wires called carrier 
wires crossed by lighter ones, called tie wires. In 
this way the reinforcing maintains its uniform 
spacing. Among the most common kinds are: — 
Welded Wire Fabric, manufactured by the Clinton 
Wire Cloth Company, Triangle Mesh Wire Fabric, 
manufactured by the American Steel and Wire 
Company, Unit Wire Fabric, furnished by the 
American System of Reinforcing, and Lock-Woven 
Steel Fabric, manufactured by the Page Steel and 
Wire Company. Figure 159 illustrates these types. 
Table 37 gives condensed data on these materials 
taken from the catalogues of the manufacturers. 

It will be noted that the style number of Triangle 
Mesh Fabric corresponds to the sectional area in 
square inches per foot of width, while the fabric 
number of Lock-Woven Steel Fabric is an index to 
the gauge of the longitudinal wires and if prefixed by 
2 or 3 it indicates the number of wires in each 
longitudinal. 


TABLE 37 

DATA ON WIRE FABRIC 


TRIANGLE (A) MESH FABRIC 
T.migitudinuls spaced 4 ins.; cross wires No. 14 gauge spaced 4 ins. 


Stylo 

num- 

ber 

Number and gauge of 
wires, each longitudinal, 
American Stool & Wire 
Company's steel wire 
gaugo 

Sectional 
area longi- 
tudinals, 
sq . in. 
per foot 
width 

Total efTectivo 
longitudinal 
soctionnl nrou, 
sq. in. 

per foot width 

Approxi- 
mate weight 
lbs. per 100 
sq. ft. 

032 

1 


No. 

12 gauge 

0 026 

0.032 

22 

040 

1 

— 

<< 

11 

a 

0.034 

0.040 

25 

049 

1 

— 

a 

10 

it 

0.043 

0.049 

28 

058 

1 

— 

tt 

9 

tt 

0.052 

0.058 

32 

068 

1 

— 

«< 

8 

it 

0.002 

0.068 

35 

080 

1 

— 

tt 

7 

it 

0 074 

0.080 

40 

093 

1 

— 

a 

6 

it 

0.087 

0.093 

45 

107 

L 

— 

it 

5 

tt 

0.101 

0.107 

50 

126 

1 

-- 

tt 

4 

tt 

0.120 

0 126 

57 

146 

1 


tt 

3 

tt 

0.140 

0.146 

65 

153 

1 

— 

tt 

} inch 

0.147 

0.153 

68 

168 

1 

— 

No. 

2 gauge 

0.162 

0.168 

74 

180 

2 

— 

u 

6 

a 

0.174 

0.180 

78 

208 

2 

— 

tt 

5 

it 

0.202 ; 

0.208 

89 

245 

2 

- 

a 

4 

a 

0.239 1 

0.245 

103 

267 

3 

— 

n 

6 

tt 

0.201 

0.267 

111 

287 

3 

— 

n 

5J 


0.281 

0.287 

119 

309 

3 

— 

tt 

5 

tt 

0.303 

0.300 

128 

336 

3 

— 

tt 

4J 

tt 

0.330 

0.336 

138 

365 

3 

— 

tt 

4 

a 

0.359 

0.365 

149 

305 

3 

— 

tt 

3i 

n 

0.380 

0.395 

100 


* The Building Law of the City of Boston. 
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TABLE 87 — Continued 


Itudinal* meed 4 ins.; ones wires No. 12| gauge spaced 8 in a. 


Style 

num- 

ber 



Number and fauce of 
wires, each longitudinal, 
American Steel & Wire 
Company's steel wire 
gauge 

Effective 
sectional 
area of 
cross rein- 
forcement, 
sq. in. oer 
foot width 

Effective 
longitudinal 
sectional area, 
sq. in. 

per foot width 

Approxi- 
mate weight 
lbs. per 100 
sq. ft. 

049R* 

,1 fc — No. 12 gauge 
* << ” 

0.014 

0.041 

21 

0.014 

0.049 

24 

05811 

1 — “ 10 11 

0.014 

0.058 

28 

06711 

1— “ 9 “ 

0.014 

0.067 

31 

07711 

1 — “8 “ 

0.014 

0.077 

35 

089R 

1— “ 7 11 

0.014 

0.089 

40 

102R 

1— “ 6 11 

0.014 

0.102 

44 


150, 200 and 300 foot rolls; 10, 20, 24, 28, 32, 36, 40, 44, 48, 02 and 56 inches 
wide. 


WELDED WIRE FABRIC 







Area per foot of width in longi- 

Gauge 

of 

Diam- 
eter of 
longi- 
tudinal 

Area of 

Gauge 

of 

•Spac- 
ing of 
trims- 
verso 
wires, 


tudinal wires only 


longi- 

tudinnl 

wires, 

W.&M. 

one ' 
longi- 
tudinal 

trans- 

verse 

wires, 

W.&M. 

Spacing of longitudinal wires 

w ires, 
in. 


in. 







gauge 

sq. in. 

gauge 

2 

5 

4 



6 






in. 

in. 

in. 

in. 

in. 

0 

0.307 

0.074 

6 

16 

■ 


0.221 

0.177 


1 

IE2D 

■MUM 

6 

16 

0.377 

0.252 

mm 

0.151 


2 

0.203 

0.054 

8 

16 

0.325 

EEQj 

0.162 

mm 


3 

0.244 

0.047 

8 

16 

rflEffT 

mm 

mm 

0.112 

0.093 

4 

0.225 

0 040 

9 

16 

0.239 

IfiltiMl 

mm 

Mj2j] 


5 

0.207 

0.034 

9 

16 

liWW 

0.135 

0.101 

jjntjt] 


6 

0.192 

0.029 

10 

16 

0.174 

0.116 

0.087 


0.058 

7 

0.177 

0.025 

10 

16 

liWcS 

0.098 

0.074 

mm 


8 

0.162 

0.021 

10 

12 

0.124 


0.062 

0.049 


0 

0.148 

0.017 

11 

12 


0G5D 

0.052 

0.041 

0.035 


0. 135 

0.014 

12 

12 


0.057 

0.043 







Bused on 










long 

nul 

tudi- 






liongitudimd 

Transvorse 

wiros 


Description 


wires 

wires 

only in 1 


of rolls 







foot of fab- 
ric width 






•Sparing, 

centers 

Sixe 


Si so 

•Sectional 

urea, 

Length, 

feet 

Width, 

in. 

Weight, 

lbs. 



U 









Inches 

No. 

Inches 

No 

■ 







2 

3 

16 

8 

0.2798 

150 

62 

777 

3 

3 

16 

8 


150 

86 


3 

4 

16 

9 

0.1594 

150 

86 

6 

#6 

4 

3 

16 

8 

0.1300 

150 

86 

579 

3 

5 

16 

9 

0.1346 

150 

86 

545 

3 

6 

16 

10 

0.1158 

200 

86 

623 

4 

5 

16 

9 

0.1009 

• 150 

80 

425 

3 

7 

16 

10 

0.0984 

200 

86 

537 

4 

6 

16 

10 

0.0808 

200 

86 

486 

3 

8 

12 

10 

0.0824 

200 

86 


473 

3 

8 

8 

10 

0.0824 

200 

86 

509 

4 

7 

16 

10 

0.0737 

200 

86 


3 

9 

12 

11 

0.0690 

200 

86 

395 

4 

8 

12 

10 

0.0618 


86 

378 

4 

8 

8 

10 

0.0618 

200 

86 

411 

4 

9 

12 

11 

0.0518 

200 

86 

318 

5 

12 

9 

12 

0.0209 

400 

102 

385 


UNIT WIRE FABRIC 


Gauge of 
carrying 
wires 

Gauge of 
cross wires 

Distanoo center to center 

Sectional area in 
square inches per 
foot width 

Carrying 

wires 

Cross 

wires 



Inches 

Inches 


11 

11 

6 

6 

0.023 

10 

10 

6 

6 


9 

11 

0 

0 

0.035 

9 

11 

4 

12 

0.05 

9 

11 

3 

12 

0.07 

8 

11 

4 

12 

0.062 

7 

11 

4 

12 

0.074 

6 

11 

4 

12 

0.087 

5 

11 

4 

12 

0.10 

4 

11 

4 

12 

0.12 

3 

11 

4 

12 

0.14 


LOCK WOVEN STEEL FABRIC 
All longitudinals spared 3 ins.; transverse wires, 12 ins. 


Fabric 

No. 

No. wires 
each lon- 
gitudinal 

Nice wiros 
in each lon- 
gitudinal 

Sectional 
area each 
longit udi- 
ual 

Gauge 

cross 

wire 

Area of 
rross sec- 
tion per 
foot width 
of fabric, 
sq. in. 

Weight 
per 100 
square 
feet 

14 A 

1 

14 


14 

0.0201 

11.04 

13 A 

1 

13 


14 

0.0263 


12 A 

1 

12 

0.0088 

14 

0.0350 

15.85 

12 R 

1 

12 

0.0088 

12 

0.0350 

18.44 

11 A 

1 

11 

0.0114 

14 

0.0456 

17.47 

11 B 

1 

11 


12 

0.0456 

20.34 

9JA 


9} 

0.0156 

14 

0.0624 

27.72 

9}B 

1 

91 


12 


30.75 

9 A 

i 


0.0173 

14 

0.0691 


9 B 


9 

0 0173 

12 


31 .78 

29 A 

2 

9 

0.0346 

14 

0.1382 

55.58 

29 B 

2 

9 

0 0346 

12 

0.1382 

59.60 

39 A 

3 

9 

0 0516 

14 


81.95 

39 B 

3 i 

9 

0.0516 

12 

0.2064 

87.46 

7}A 

1 

7} 

0.0226 

14 

0.0904 

37.50 

7}B 

1 

71 

0 0226 

12 


40.42 

27} A 


7} 

0.0452 

11 


70.88 

27} B 


75 

0.0452 

12 


76.04 

37}.\ 


71 


14 

0.2713 

105.19 

37} B 


74 

0.0678 

12 

0.2713 

111.10 

7 A 

1 

7 


14 


39.48 

7 B 

1 

7 

0.0246 

12 

0.0984 

42.84 

27 A 

2 

7 

0.0492 

14 

0.1909 

77.54 

27 B 

2 

7 

0 0*192 

12 

0.1969 

82.32 

37 A 

3 

7 

0.0738 

14 

0.2953 

114.32 

37 B 

3 

7 

0.0738 

12 

0.2953 

120.51 

23 B 

2 

3 

0 0935 

12 

0.3740 

142.88 


Regular mils 150 and 300 feet in length. 

Made in widths of any multiple of 3 inches from 18 to 54 inches. 


Illustrative Prob. 106a. If ft crow sectional area of 0.07D" 
were specified, what wire fabric would be used of each of 
the types given in 'Fable 37? 

Triangle Mesh #080 
Welded Wire Fabric 0-11-3" 

Unit Wire Fabric 9-11-3 X 12 
Lock-Woven Steel #9A. 

Illustrative Prob. 106b. If a 6" slab were reinforced with 
Triangle MchIi, #305, and it were required to substitute Lock- 
Woven Fabric, what specification could l>e used? 

A mesh, #365 = 0.365D" 

From Table 37, Use L.W.S.F. #23B ( A s - 0.374D") 
or 2 layers of #27 1 A. 
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Cold-drawn steel which is in the form of a mesh 
may also be used for dab reinforcement. This is 
made from standard gauge metal which is punched, 
pressed and expanded by special machines. The 
shapes of the meshes vary, some utilizing the 
principle of two-way reinforcement (Art. 107) by 
means of a diamond mesh, while others depend upon 
the stamped rib for reinforcement, the intermediate 
parts being used as spacers and ties only. Figure 
160 shows some of the common types and Table 38 

TABLE >8 

DATA ON WISE MESH 


give the same area of reinforoement in a 6" slab as 1" ♦ rode 
10" o.o. give. 

1" <t> - 0.1900" ' 0.196 




0.2 


Name 

Manufac- 

turer 

Sise of sheet 

Sheets 

per 

bundle 
or orate 

Square feet 
per bundle or 
orate 

Gauges 

Sec- 
tional 
area as 

rein- 

force- 

ment 

Width 

Length 

Gubbka 

Northwestern 
Expanded 
Metal Co. 

21* 

8* 

0 

126 

26 


28* 

132 

24 

22 

T-bib 

Chanelath 

a 

4* to 
48' by 
4* inter- 
vals 

By ft. 
from 

3' to 12 # 

No. 

ordered 

orated 


24 

0 244 

20 

0.183 

28 

0 162 




4' 




110 






5' 




146 






O' 




174 

All 





V 


12 



2K 


Lengths 


Bulk- 

General 


8' 





232 

in 

24 

0.277 

Sen te ring 

Fi reproofing 

20* 

ir 




201 

20 

0.208 


Co. 


10' 

10 



242 

200 

and 

0.173 




11' 




213 

200 

310 

£o 




12' 

8 

10 


232 

200 

348 







24 

20 

28 

24 

20 

28 







Guuges 




Use # 9 Ga. -0.25 Steelcrete, or 
#24 Ga. T R Chanelath, or 
#24 Ga. Self-Sentering, or 
#10 Ga. -0.265 G F Expanded Metal. 

Prob. 106d. If a 4" slab were reinforced witL^Welded 
Wire Fabric, gauge 3-8, 2" spacing, and the Building Lopfe/, 
called for 0.6 of 1% of steel in this case, would 
slab, if you were the building inspector? 

Prob. 106e. If you have Unit Wire Fabric of 
6-11 gauge delivered to a job to be incorporated 
into a 4" slab, what percentage of reinforcement 
occurs? 

Prob. 106f. How would you specify the sub- 
stitution of 1" rods to replace 0-6, 2" spacing, 
Welded Wire Fabric in a 6" slab? 

Prob. 106g. What is the cross sectional area of 
the Unit Wire Fabric of nominal gauge 6-11? Of 
Welded Wire Fabric nominal gauge 5-9, 4" spacing? 
Of Triangle Mesh, #168? Of Lock Woven Fabric, 
#37 JB? 

Prob. 106h. If a slab were detailed for 4" <t> rods, 
6" o.c., what size of Steelcrete could be substituted? 
Of G F Expanded Metal? 


Nome 

Manufac- 

turer 

Sise of sheet 

Sheets 

por 

bundle 
or orate 

Stjunre feet 
per bundle or 
ornte 

Gauges 

Sec- 
tional 
area os 
rein- 
force- 
ment 

Width 

Length 

8' 

10' 

12' 

10' 




O'O* 


10 

480 


720 

900 


0 076 



0'O' 



378 


608 

767 

13 

0 10 



5' 3* 



206 


442 

600 


0 126 



7'0* 



280 

360 

420 

660 


0 15 



6'0* 

8' 0* 


240 

300 

300 

480 


0 176 



6' 3* 

12' 0* 

0 

211 

203 

316 

421 

0 

0 20 



4' 0* 

and 


100 

200 

240 

320 


0 26 


Consolidated 

7' 0* 

10' 0* 


112 

HO 

168 

224 


0 30 

Stmlcrsts 

Expanded 

0'O* 

No. 0 


06 

120 

144 

102 


0 36 


Metal Co. 

7' 0* 

gauge 


112 


168 

224 


0.40 



0'3' 

10' 0' 

2 

100 


160 

200 


0.45 



fi'0* 

also 


02 


138 

184 

6 

0 60 



5'3* 



84 


126 

108 


0 66 



4' 0* 



70 


114 

162 


0 00 



5' 0* 



46 


69 

02 


0 76 



4' 3* 


I 

34 


61 

08 

1 

1 00 


gives data for them, taken frbm the manufacturers’ 
catalogues. 

Illustrative Prob. 106c. Specify the Steelcrete, T-rib, 
Chanelath, Self-Sentering and G F Expanded wire mesh to 


107. Slabs with Two-way Reinforcement.* 

If a slab panel is square, or nearly so, it 
may l>e reinforced in two directions so that 
a saving may be effected. Unless there is a 
considerable number of such panels the 
saving may not be large enough to warrant 
the use of this type of slab. Especially 
when there are one-way slabs also, con- 
fusion may result when the steel is placed. 
Theoretically, the two-way slab is good 
design. Some rods are always placed longi- 
tudinally in a one-way slab to act as spacers 
and temperature steel, and by putting such 
steel at a closer spacing and making it a 
little heavier, a reduction may be made in 
the transverse reinforcement, as well as in 
the thickness of slab. 

An exact analysis of the moment to be 
carried by each system of reinforcement 
cannot be made as the problem is inde- 
terminate due to the more or less flexible 
supports. Approximate solutions are based 
on the assumption that the load at any 
point is carried by the two systems in pro- 
portion to the stiffness of the beam ele- 
ments in the corresponding directions. The 
bending moment at mid-span then is slightly 
greater than one-half the moment carried 
by a slab reinforced in one direction only. The 
distribution of load varies approximately as a 

* For a diacuMioD of the loads brought to beams and girders by two- 
way slab construction, see Art. 146. 
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(6) Berger — $" Ribplex — rib expanded 


(c) Self Sentering — Deep rib lath 



(c) Truscon — J" — 1A Rib lath (/) Goldsmith — Shurebond — Deep rib sheet lath 

Fig. 160. Metal Laths* 


SA'< ' T r\ ■ ' -• ■ < ' •’ . x- 

(Oid N . 5 ./ f. ■ i > 

Nuienclra Njtr» Mukerjeo K:\ul 

to. Baliy, Dist. Howrah (VV.B.) 


* See Table 3H. 
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parabola, aa indicated in Fig. 161, and should be 
based upon equal deflections. 

The slab should be designed and reinforced as 
continuous over the supports in order to make it 
act according to the assumptions. 

When the panels are square, the obvious assump- 
tion made in practice is that the beam elements in 
each direction take one-hail of the load. The error 

TABLE 88 — Continued 

DATA OR WDtX MESH 


Similarly the moment for the same condi- 
tions for a square two-way slab should be calpnat 

w L* — ■ - W . . 


-ted 


from M 


24 


The theoretical depth of slab- 


Nome 

Manufac- 

turer 

Size of isheot 

Sheets 

per 

bundle 
or crate 

Square feet 
per bundle or 
crate 

Gauges 

Sec- 
tional 
area as 
rein- 
loroe- 
nient 

Width 

Length 

Cord-Mesh 

Corru- 

gated 

Bar 

Co. 

At' rib 
3* o.c. 

18* 

8' 

100 

1200 

24 

26 

28 

in both 
widths 

■ 

12' 

1800 

V rib 
3*' 
o.c. 

13* 

HI 

050 

mm 

867 

Si 

1083 

12' 

1300 

•Trushit 

General Fire- 
proofing Co. 

19* 

8' 

10 

126 

24, 28, 
or 27 


10' 

158 

12' 

189 

Herring- 
bone BB 

General Fire- 
proofing Co. 

20i* 

8' 

IS 

204 

22. 24, 
26 or 27 


Hyrib 

Trus- 

con 

Steel 

Co. 

ir 

14* 

0' 

8' 

10' or 
12' 

8 

56 

74 

02 

112 

t« 

a i.in 

14 

a ITT 

»• 

24* 

96 

128 

160 


(4 

0 11* 

192 

till 

0 l«4 

«■ 

(1 t.TT 


lfl* 

16 

128 

160 

171 

212 

213 

266 

256 

320 

24, 26. 
and 

28 


r 

20* 

Rib 

lath 

21* 

8' 

12 


168 


Rib 


O' 

8' 

10'|12' 




for the latter should be that to the center of the 
upper layer of rods. The concrete has to sustain 
the compression due to the moment in onejjirection 
only as the stresses are at right angles fcp 
each other. The stresses in th^*0oHcrelff 
in one direction do not weaken the concrete 
with respect to the stresses in the “other 
direction. The area of steel required in 
each direction may then theoretically be 


Namo 


Ribflex 


GF 

Expanded 

Metal 


Muuufac- 

turor 


Berner Manu- 
facturing Co. 


General Fire- 
proofing Go. 


Size of sheet 


Width 

Length 

24" 

By ft. 
from 

4' 0" to 
12' 0" 

3' 0’ 

6' 

4' 0* 

8' 

5' 0* 

9' 

8'0* 

and 

4' 0* 

10' 8* 

fi # 4' 


3' 0* 


4' 0* 


6' 0* 


3' 0” 

«' 

4' 0" 

and 

6 0* 

8' 


Hheetn 

per 

bundle 

Square feet 
per bundle 

Gauges 

1 

Sec- 
tional 
area as 
rein- 
force- 
ment 



24 

0.198 

Bor 


26 

0 148 

order 


28 

0.124 



All 




lengths 




10 

0 176 



10 

0.265 

Per 




ordor 


10 

0 353 



and 




12 

0 150 



12 

0 194 



12 

0.246 

1 






L 

m 

L Jl 
— T1 

t 

T 

r 

■ 


h 

1 

L 

r c 

1 1 

ft 

flMjf 

i 



ty/to 


Fia. 101 


introduced by such an assumption is slight and it is 
offset by the fact that the designing load is only 
approximate. The moment for a one-way slab 
fully continuous is usually calculated from M * 


calculated on the basis of the depth to the 
layer in question. Practically, the effective 
depth used is to the center of the upper 
layer of steel. Both sets of steel may then 
be spaced the same. Theoretically the 
spacing of the rods in the lower layer 
might be increased slightly as they are 
acting at a larger effective depth, but the 
increase in spacing gained would not war- 
rant destroying the advantage of symmetry 
in the two directions. 

Since the distribution of load is assumed 
to vary as a parabola, the bending moment 
is greater near the center of the slab than 
near the edges, and the reinforcement may 
be arranged accordingly. 

SPECIFICATION CLAUSE* 

In placing reinforcement in such slabs 
account shall be taken of the fact that 
the bending momont is greater near the 
center of the slab than near the edges, 
and two-thirds of the calculated mo- 
ments shall be assumed as carried by 
the center half of the slab and one- 
third by the outside quarters. 

Some designers in following this specifica- 
tion prefer to calculate the moment in one 
direction for the whole panel and the re- 
quired area of steel, and the number of rods cor- 
responding. Then two-thirds of this number are 
spaced equally in the middle half of the span and 

* The Building Law of the City of Boston. 
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the remainder apportioned to the quarter portions 
eitlibr side. If the panels are small, the weight of 
steer slaved by varying the spacing may not com- 
pensate^6s***Wie extra labor, inconvenience, and 
possible mistakes in placing it. Consequently for 
small panels, it may be advisable to space the rods 
uniformly across the span in both directions. 


niustratye Prob. 107 a. Design a two-way slab for a 
tspjcal interior panel 20'-0" square to carry a L.L. of 60#/a'. 


L.L. 
Fin. Fir. 
J" Sub. Fir. 
2" Cinder 
Concr. Fill 
7" Slab 
Susp. Ceil. 
T.L. 


60 

3 

3 


M 

M 


88 

J5 

!85#/a # 


w • L 1 
24 


1 0.5 w • L* in.-lbs. 


0.5 X 185 X (20)* - 37,000"# 




37,000 


5.1 -f" 


117 X 12 
U se 6j" slab on a/c of two 
layers of steel. 


M for whole panel in one direction 

37,000"#/ft. X 20 * 740,000"# Ave. d - 5.2" 
740,000 




8.830". 


18,000 X i X 5.2 

Q 09 

Try f" <t> rods, area = 0.30O" = 29+, say 30 rods. 

0.30 


j X 30 = 20 in middle 10'-0" 

10 X 12 ^ -i#/ Use f" 4> rods 6" o.c. for middle 10'-0" 

20 ’ and j" 4 — 12" o.c., for two 5'-0" 

outside portions — both ways. 


When the slab panel is oblong, the proportion of 
load carried by each beam element must be cal- 
culated. In Fig. 162, let 

Wo = the total load in #/□' on the slab, 
w L = the proportion of load carried in the longi- 
tudinal direction, and 

wt “ the proportion of load carried in the trans- 
verse direction. 



Fig. 162 


The deflections of any two strips of unit width such 
as A - A and B-B must be the same, at their point of 
intersection k* The deflections are proportional 
to the 4th power of the lengths in the respective 
directions. Thus 

wt _ Ll a 
wl Lb 4 

But wq = wi + wt, or wl = w Q — wt- 

* It is obvious that the shorter span will take the larger proportion of 
the total load as it is stiffer and resists bending to a greater extent. In 
other words, beams take load in proportion to their stiffness. 


Substituting, 

wt 

Wo — wt Lb a 

Expanding, w T • Lb 4 = wq • Ll 4 — w T • L l a . 
Collecting terms, w T (Lb 4 + Ll 4 ) = w 0 • L l a . 

wt _ Ll a 

wo L b a + L l a 


The following gives the ratios of wt to w 0 for varying 
ratios of Ll to Lb- 


Ratio ^ 

Lb 

1.0 

1.1 

1.2 

] .3 

1.4 

1.5 

2.0 

w T 

Wo 

0.50 

0.50 

0.67 

0.75 

0.80 

0.83 

0.80 


A simpler method of expressing the proportion of 
the total load carried by the transverse reinforce- 
ment, namely, 


r = 



is usually used as is specified below. 


SPECIFICATION CLAUSE f 

For oblong slabs, the length of which is not 
greater than one and one-half times their width, 
the moment to lx* resisted by the transverse re- 
inforcement may be found by using a propor- 
tion of the live and dead load equal to that 

given bv the formula r - \ — 0.5, where l « 
h 

length and h = breadth of slah. The longitu- 
dinal reinforcement should then l»e proportioned 
to carry the remainder of the load. 

This practically agrees with the previous table for 
when 

^ = 1.1, — = 0.59. 

Lb Wq 


Correspondingly, r =* 1.1 — 0.5 =* 0.6, and so on. 
To maintain consistent nomenclature the formula 
may then be expressed as 


r = 


- 0.5. 
Lb 


When -- becomes 1.5, according to the specification, 
Lb 

r — 1.5 — 0.5 = 1.0. This would mean that the 
transverse reinforcement carries all the load accord- 
ing to the formula, and that the longitudinal rein- 
forcement is carrying no load. Consequently, 

t From Joint Committee Report of 1010. 
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when the length of the oblong slab is greater than 
1.5 times the width, & two-way system of reinforce- 
ment is of no advantage. As the ratio r approaches 
1.5, the value of the longitudinal steel in carrying 
load becomes rapidly less. 

The first test as to whether a two-way slab will 
serve to any advantage or not is to calculate the 
ratio of the length of the panel to the width. A good 
practical limit for the ratio based upon experience 
is 1.2. When it is feasible to try a two-way slab, 
both a one-way and a two-way design should be 
made and the results compared as to cost. In a 
one-way slab, some longitudinal steel is used as 
spacers and the amount of such reinforcement in a 
two-way Blab may not be much more. In such a 
case a two-way slab would be economical as the 
amount of concrete required would be enough less to 
more than offset the extra steel.* The larger bending 
moment is based upon the short span and this 
moment controls the depth of the slab. Calcula- 
tions should be made to verify the fact that the 
longitudinal steel, when placed over the transverse 
steel, will carry its proportion of load safely. 


Illustrative Prob. 107b. Design a two-way slab for a 
typical interior panel, 12'-0" X 14'-0" for a live load of 
300 #/d'. Use U = 650#/ □" and f, - 16,000#/a". Design 
the panel for a one-way slab and compare the costs. 


Ll - 14.0, L b - 12.0, ^ - 0.5 - 0.67 by 12'-0" span. 

0.33 by 14'-0" span. 
L.L. = 300 M - 1.0 w • L 1 (both directions) 

1" Grano. = 12 
6" Slab =» 75 


T.L. - 387#/n' 

M = 1.0 X (0.67 X 387) X (12)* 


37,400"# 


A s - 


/ 37,400 

= 5.4" 


V 107.4 X 12 



37,400 

— = 0.490" 


16,000 X I X 5.5 


area — 0.196 

- 2.54 

12 


0.196 

2.54 

area » 0.307 

- 1.6 

12 


0.307 

1.6 


Use * — 74" 

o.c. in 1 


Use 6J" slab. 
d - 5.5" 


4.6 

7.5 


The depth of the slab is controlled by the larger moment, 
but it must be shown that the long span steel may be placed 
above the short span steel with safety. 

If }" 0 rods are used in both layers, as is desirable, to 
keep a minimum number of sizes of rods, the effective depth 
to the upper layer is 5.5 — 0.625 « 4.88". 


Af - 1.0 X (0.33 X 387) X (14)* * 25,000"# 


. , . ,v A / 25,000 

d (required) * y 107^002 

d (actual, as above) 
A 25,000 

1 16,000 X i X 4.88 

0 368 _ 

0.307 * 1.19 


« 4.4" 


* 4.88" 
- 0.368 

* 10.1 


O.K. 


Use |" — 10" o.c. in 14 # -0" direction. 


The spacing of the rods in both directions might have been 
varied similar to that shown in Illustrative Prob. 107a, fbut 
the spacing will be kept uniform on account of the sise ft the 
panel. 

One-way slab. 

L.L. - 300 
1" Grano. - 12 
8" Slab - 100 
T.L. - 412 #/d' 


M - 1.0 X 412 X (12)* - 59,300"# 


d ■ 

A s 8 
0.605 


V 107.4X12 


59,300 


16,000 X i X 7 


0.6050" 


- 2 . 


12 -ft 
2 “ 6 ‘ 


0.307 
Comparative Coat . 

Length of rods in 14'-0" direction 


Use 1" 0 — 0" o.c. 

Use <t> spacers 24" o.c. 

14 + ^ - say 18'-9" 


12 


Length of rods in 12'-0" direction « 12 + ~= say 16'-0" 

3 

For the two-way panel, 


12X12 

10 

14X12 

7i 

For the one-way panel, 
14X12 


Spacers, 


6 

12X12 

24 


- 14.4 spaces, say 16 rods X 18'-9" 
22.4 spaces, say 24 rods X 16'-0" 

28 spaces, say 30 rods X 16'-0" 

6 spaces, say 7-|" 4> rods X 14'-0" 


Weight of steel, two-way panel 


»"* 

r* 


1.04#/ft 
* 0.38#/ft. 


16 X 1.04 X 18.75 
24 X 1.04 X 16.0 


313 

402 

715# 


Weight of sled, one-way panel 

30 X 1.04 X 16.0 
7 X 0.38 X 14.0 


715 - 538 = 177# 
8" slab - 6.J" slab 
14 X 12 X n b 
12 


500 
_38 
538# 

177 X $0.04 = $7.08 
» 1 J" of concrete 

21 c.f. of concrete = 0.78 cu. yd. 

$0.78 X $14.00 - $10.92 


Extra cost of forms per square foot for heavier slab ■» $0.02. 

14 X 12 X $0.02 - $3.36 
Extra cost of placing steel in 2-way panel, $0.01/#. 

177 X $0.01 - $1.77 

$7.08 $10.92 $14.28 

1.77 3.36 8.85 

$5.43 


$8.85 


$14.28 


The two-way slab is more economical in this case by $5.43 
per panel. If there were a considerable duplication of panels, 
this would be an item worth considering. For only a few 
panels the gain would be offset by the supervision required. 


* In checking such calculations it will be safe to assume that a yard of 
concrete costs about 3.5 times as much as lOO pounds of reinforcement 
(neglecting saving in forms for 2-way slabs, if any). 
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Prob. 107c. Design a two-way slab for a typical interior 
panel 18'-0" square, to carry a live load of 100#/n'. Use 
U - «W/a" and /, - 16,000#/d". 1 " granolithic finish 
and ceiling plastered direct. Vary spacing of rods as allowed. 

Prob. ^GWr^Design a two-way slab for a panel 16'-0" 
by 18'-0". Panel is only partially continuous in the 18'-0" 

direction ^Af — an< * ** con ^ nuous ® the 16'-0" 

direction. Use Boston Law. Design the panel for a one- 
way slab and compare the costs. 


to the direction of the bars by their spacing, first 
deducting the halves of the girders on either side. 
Assuming the girders in Fig. 164 (a) to be 14" 
wide, the space to be occupied by the bars is (20 X 
12) — 14 = 226". With the bars 10" o.c., there 
are 22 spaces with 6" to spare. Spacing 3" of this 
to each side of the girders, 23 bars are needed, or 
one more than the number of spaces. 



Fig. 163. Typical Plan Indicating Reinforcement 
(a) mesh (6) rods 


108. Slab Details. 

After a slab panel is designed, the detailing incurs 
the calculation of the number of bars, their lengths 
and their bendings. Several methods of showing 
the details for slab Hteel are used. One is to con- 
ventionally indicate the steel directly upon the 
plan of the panel, as indicated in Fig. 163, which 
represents a typical engineer’s sketch. Another 
method is to show a cross section through the floor 
and the relation of the steel to it, as in Fig*164 (6). 
The latter is a more positive manner of showing all 
the details. The rods in cither case may be separate 
for each span, or they may be made to continue 
over several short spans, the former method being 
preferable. If the latter is used, the rods should 
break joints. Certain liberties are taken in detailing 
steel, one of which is to show rods one above the 
other for clearness, while in reality they all lie in 
the same plane. Some engineers* indicate the steel 
by dotted lines while others use full lines. It is 
recommended that the system shown in Fig. 164 be 
followed. A particular bar is shown with a full 
line and the one next to it is shown by a dotted line. 
This method helps to clarify the intention of how the 
rods are to be bent and where they stop. 

The number of bars in any case is obtained by 
dividing the length of the panel at right angles 


The angle of bending slab steel is usually 30° 
with the horizontal. The center of the bends is 
commonly at the one-fourth or one-sixth points of 



Fig. 164 

the span, depending upon whether the span is an 
intermediate one or an end one, as illustrated in 
Fig. 164 (b). The lap of each bar into the next 
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panel is also to the one-fourth point. Half of the 
bars are bent each way as shown in (c). Since the 
bars lap into the adjoining panels and eveiy other rod 
is bent up, there is as much steel over each support 
as there is at mid-span. The length of bars is 
usually given to the nearest 3" above the calculated 
value, which is equal to the span plus one-quarter 
of the adjacent span plus the loss in bend. The 



Fra. 165 


latter is the difference between the slant length 
of the bent portion and its horizontal projection. 
Thus in Fig. 164 (d), 

(4) ! + (7) 2 = 65. VG5 = 8 
Loss in l)end = 8 — 7 = 1" 

(14'-«n + 8" + (4'-8$") + 5'-0" = 25'-l" 
theoretical 

(25'-l") + 2" = 25'-3" practical. 


When the ends of the bars are hooked, the common 
practice is to allow an additional 6 ;/ length for*the 
hook. * 

In general, engineering details show'only the size, 
spacing, length, bend-points and terminal points' 
of slab rods. All bends are made 30° unless other- 
wise noted. The structural details will, therefore, 
be similar to those in Fig. 163 or Fig. 164 (6). It is 
of course evident that more complete information 
is necessary in order to supply the barei, with-Wfc, 
correct details. There are two methods commonly 
employed in such work. Either the contractor 
buys the steel in proper lengths and has it bent at 
the job, or he may order the reinforcement bent 
by the bar company, ready to place in the forms.* 
In either case, details such as shown in Fig. 164 (d), 
or a schedule is required, the latter being the usual 
procedure. Figure 165 illustrates a common meth- 
od. The number of like panels is determined from 
the plan, and with this data, the total number of 
bars exactly alike can be tabulated and later fabri- 
cated. These are assigned a mark and bundles 
of them are tagged with this identification. If one 

* For a discussion of the methods of bending bars, see Index, Vol. I. 
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(/) 

Fig. 166 * 



Fig. 167 . Slab Bar Ties and Spacers 

(a) beam spacers (Universal Form Clamp Co.) (c) easy chairs (Universal Form Clamp Co.) 

(b) Sccuro beam spacer (Metal Bldg. Mat. Co.) (J ) Sccuro slab spacer f Metal Bldg. Mat. Co.) 

(c) bar-chair (Concrete Steel Co.) (g) ty-chair (Concrete Steel Co.) 

(d) chair lock (Electric Welding Co.) (h) easel chair (Conorete Steel Co.) 


* Courtesy of Conorete Steel Company. 
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bar differs in any detail from another, it is given an 
independent mark. 

An important feature in connection with steel 
details is that of properly securing the reinforce- 
ment in place, and “ a place for every bar and every 
bar in its place ” is a good slogan, if the reinforce- 
ment is designed correctly, its effectiveness is marred 
if it is not in its proper place. Such fastenings 
should be sufficiently strong, simple in nature, and 
readily applied, and slipshod methods of using 
pieces of concrete, brick bats, and chicken wire are 
not to be recommended. Figure 166 shows some 
patented forms of bar spacers. That in ( a ) is the 
Securo, (b) shows the Hy-chair form of holding 


“ raising rods,” (c) the Ty-chair, used at bar inter- 
sections, and (d) the BaivTy. Other types are 
illustrated in ftg. 167. 

On structural plans, each panel is assigned a 
letter, the latter varying if the panel differs from the 
others. In this way only the panels which vary 
need be detailed by cross sections or on the plan; 
the letters define the remaining panels. 

Prob. 108s. Detail a cross section of a slab for the follow- f 
ing data: 

0" slab, f'V-8" o.c. one way 
jj"4>-18" o.c. temperature steel 
Floor beams 12 1 31.8, 8'-0" o.c. 

Show end bay and first interior bay. 
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PLATE It TYPICAL VIEW SHOWING USE OF METAL LUMBER Courtesy of Berger Manufacturing Company 




PLATE 12 TYPICAL FRAMING PLAN Courtesy of Berger Manufacturing Company 

METAL LUMBER CONSTRUCTION 





CHAPTER 8 

JOIST CONSTRUCTION 


109. General. 

The use of structural steel, rolled and built-up 
shapes to form the frame for buildings developed 
principally when it became necessary to erect larger 
structures than could be built economically with 
timber. Heavy timber beams and girders occupy 
too large a proportion of the story heights in many 
cases and require a larger number of intermediate 
supports. For buildings of not very great height, 
masonry bearing walls for exterior supports and steel 
columns for interior supports, with a floor frame of 
steel beams and girders, and floor carrying systems 
of various kinds, are used commonly. Masonry 
bearing walls for buildings, a large number of stories 
in height, must, by necessity, be quite thick, par- 
ticularly in the lower stories, and such walls take 
up a considerable amount of room, as well as being 
expensive to build. As a result, the steel skeleton 
framed building has become popular in modern 
practice for tall buildings. In this, the loads at each 
floor, including the walls, are carried by the floor 
frame into both interior and exterior steel columns, 
and the enclosure is made by the use of curtain walls. 
Such construction allows a greater speed of erection, 


less bracing is required, and separate groups of 
masons may be employed at the same time. 

110. Wood Joisted Floors. 

The use of wood floor joists supported by steel 
beams and girders is limited to second class con- 
struction naturally, and first floors of apartment 
houses are sometimes framed in this way although 
the latest revisions of many important building 
codes now call for a fireproof first floor, where the 
fire area exceeds a specified number of square feet. 
Some even make it a general requirement. The 
steel girders arc used to support bearing partitions 
which in turn carry the upper floors. This is dis- 
cussed in Book 1.* 

Where a non-inflammable construction is desired, 
and where the use of a structural concrete slab is 
not warranted because of its increased cost and 
weight, metal joists supporting thin concrete slabs 
and metal lathed, cement plastered ceilings are now 
frequently used. The cost usually averages about 
10% more than a wood-framed floor, but the in- 
creased fire protection and other advantages warrant 
its use, especially for the first floor. 


Section 8a 
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111. Typical Construction. 

Pressed steel joists are being used in many in- 
stances as a substitute for wood joist construction 
intended for buildings carrying light loads, such as 
residences, apartment houses, schools, and the like. 
Among the manufacturers who make this product 
are the Berger Mfg. Co., Canton, Ohio; the General 
Fireproofing Co., of Youngstown, Ohio, and the 
Trussed Concrete Steel Co.J 


* Volume II, “Architectural Comitniction,” flbok 1, “Wood Construc- 
tion,*’ by Voss and Varney, — John Wiloy 4c Hons, Inc. 

t A new type of steel beam which has recently (1020) come into the 
market for use in floor construction und as purlins and rafters in roof 
construction, is the “Junior Beam,” an exclusive product of the Jones 
and Laughlin Steel Corporation, Pittsburgh, Pa. This is n light-weight, 
rolled-steel, structural section, which is similar in nature to the standard 
steel beams, and is of structural grade, basic open-hearth steel, rolled from 
the billet to the full I -section in the typical way. These beams are avail- 
able in )2", 11", 10", 0", N", 7" and 6" depths. Properties of these 
sections are given in catalogues published by the manufacturers. The 
beams are used in a manner similar to the metal lumber sections described 
in Sect. 8a, and standard details may be found in the catalogues furnished 
by the company. 


Figure 168 shows a typical section of a Berger 
joist, which is virtually two channel pieces, spot 
welded together, with the toes of the flanges turned 
in to provide additional stiffness. These joists are 
made in varying depths 

from 4" to 12" by 1" 

increments, and in #11 
and #16 gauges which are 
0.072" and 0.090" in thick- 
ness. The metal in each 
section is all of uniform 
thickness due to the even 
rolling, and the sections 
. may be obtained in any 

Fici 168^ reasonable lcngth.§ They 



t Trade catalogues may be obtained by applying to any of these 
companies. 

f As a rule, it is not economical to use joists over 25 # -0" in length. 
Maximum lengths are subject to shipping and erection limitations, and 
excessive lengths increase costs. For lengths of special sections, refer 
to Table 3». 
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are usually shipped out to ordered lengths, which 
saves considerable time in erection, and are usually 
given a shop coat of paint. 



Fin. 169 


even nailing surface. Considerable objection is 
raised to this type of construction on account of the 
breaking of the concrete at each screed. It would 
be far better to make the 2" slab continuous and 
provide some other means of fastening the wood 
floor. 

112. Properties of I Joists. 

The various elements of the metal lumber sections 
may be calculated in the usual way. The section 
moduli may be found from the formula:* 


Figure 169 illustrates the typical construction. 
Some of the advantages claimed are: 

(1) The erection is simple and rapid, as the 
joists are light in weight and may be handled 
and placed in position by one man. 

(2) The dead weight of the floor construction 
is comparatively small, thus effecting a saving 
in transportation, equipment and in the sizes 
of the supporting frame. 

(3) No forms are required as the metal lath 
at the top provides a base for carrying the 
concrete floor slab, and also serves as reinforce- 
ment. The lath can be rolled over the joists, 
already in place, very readily, so that ease of 
erection is again served. 

(4) The screeds are easily placed as they are 
nailed with 16d nails driven down in between 
the webs of the joists and these clinch them- 
selves automatically. 

(5) The metal lath for the ceiling is readily 
attached to the prongs. 

(6) The construction has been shown to be 
fire resisting by the tests for the New York City 
Building Bureau conducted at the Columbia 
Fire Testing Station at Brooklyn, N. Y., in 
April, 1915. The resistance to the action of 
water pressure and after-loads was also satis- 
factory. 

(7) It is considered vermin-proof and the air 
spaces provide good heat and sound insulation, 
as well as room for conduit work. 

(8) Easy inspection is possible and the work- 
men do not require a great amount of previous 
specialized experience. 

The finish flooring may be varied according to 
the type desired. When a granolithic, terrazzo, or 
tile surface is desired, the screeds are naturally 
omitted, but \”<t> expansion rods, 18" o.c., should 
be provided and placed over the metal lath. The 
wood finish flooring is often nailed directly to the 
screeds, but some architects specify a sub-floor as 
in other types of floor construction. The latter 
provides additional stiffness and a better and more 


I A , . .. . 

- = A n • a H — — , m which 
c 6 

A n = the net flange area (the gross area minus 
the area of the holes punched out for 
prongs), 

d » the depth of the joist, and 
t = the thickness of the web. 

It is claimed by some authorities that prongs should 
not be punched out of the top flange, as tests to 
destruction show a failure by compression at such 
places, and that the lath should be fastened by other 
means at the top flanges. Table 77 gives the 
common dimensions and properties of standard 
joists.f 


TABLE 39 

(BERLOV STANDARD) 
Dimensions and Properties of 1 Joists 


Depth 

(In.) 

woight: 

(Lbs. 
per Ft.) 

Flange 

Width 

(In.) 

Well ft 
Thick- 
ness 

(In.) 

Area 

of 

See- 
tio ii 
(S q. 
Ins.) 

Mo- 
ment 
of In- 
ertia 

(Ins.)* 

Radius of 
Gyra- 
tion 

(In.) 

Section 

Modulus 

(In.)* 

4 

3.7 

3 

0.144 

1.08 

2.60 

1.55 

1.30 

r> 

4.2 

3 

0.144 

1.22 

4.38 

1.89 

1.75 

6 

4.7 

3 

0.144 

1.37 

6.90 

2.24 

2.30 

7 

5.5 

3} 

0.144 

1.62 

11.20 

2.63 

3.20 

8 

6.1 

4 

0.144 

1.80 

16.80 

3.06 

4.20 

9 

7.0 

4 

0.150 

2.06 

23.85 

3.40 

5.30 

10 

8.0 

44 

0.150 

2.38 

33.25 

3.74 

6.65 

11 

9.5 

4* 

0.172 

2.80 

46.20 

4.06 

8.40 

12 

11.5 

4 

0.180 

3.10 

60.00 

4.40 

10.00 


Tests show the ultimate tensile strength of the 
material used to vary from 55,000 to 65,000 #/d", 
so that on the basis of the usual factor of safety, the 
maximum allowable flexural stress is commonly taken 
as 16,000 #/d". 


• Truscon Concrete Steel Co. (inch units considered), 
t The joist sites And weights have recently been standardised so that 
all companies manufacture the same sises. 

1 Subject to 2\ v ' r maximum variation. 

The properties of channel joists are one-half of those listed. 

Special sections, made of steel 0.120" in thickness, aro available. These are 
used for headers and trimmers and in places where conditions call for great y 
increased strength, only. lengths of such joists from 4' to 10* deep should 
not exceed 10'-8*, and for 11* and 12* depths, 12'-6*. 
ft The web thickness is the sum of the thicknesses of the two ohannel web* 
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113. Typical Framing Plans. 

As for other types of floor construction, typical 
framing plans are necessary to show the sizes and 
spacing of the joists, the bridging, the location and 
sizes of the supporting beams and partitions, column 
centers, openings, and so on. Plate 12 is a typical 
framing plan of this kind. 

114. Determination of Joist Sizes. 

The theoretical calculations to determine the 
required sizes of joists involve the principles of steel 
beam design as outlined in Chap. 2. In order to 
match the standard 96" length of metal lath, four 
common spacings of joists arc used, namely, 12", 
16", 19" and 24" o.c. The most used of these is 
the 16" spacing. Such spacings usually will not 
cause the intervening concrete to be overstressed. 

Illustrative Prob. 114a. Show that the concrete is not 
overstressed for a condition of heavy loading, in standard 
construction. 

Assume maximum spacing of 24" o.c. 

2-J" Wood Mrs. - 6 

2" Concrete — 25 

D.L. - 31#/o' 

L.L. = 100 (assumed heavy) 

T.L. - 131#/d' 

Assume the concrete is simply supported on the clear span 
between screeds. 

For a l'-O" strip, 

M e = ^ = — X ( ^ 4 — 2)1 - 796"# 

O O 

M f ~ l/c-fc-i-b-rf* 

Assume d conservatively low for the 2" thickness, say 
796 - \ f c X I X i X 12 X (1.5)* 

Sc (actual) = 180#/a" 

Sc (allowable) for 1 : 2$ : 5 concrete = 500#/d" 

The condition would be even safer when no screeds are used 
as the continuity of the concrete would be effective.* Never- 
theless the thickness should not he made less than 2" in any 
case on account of its fire resisting value. Observations have 
shown that lath of the proper gauge* will not sag greater 
than of the center to center of joists with 2 " concrete. 
This is additional protection, as the thickness of slab is in- 
creased correspondingly, for a level top surface is maintained. 

When determining the load the joists are to 
earry, an estimate of the weight of the joists them- 
selves must be made previous to their design. This 
is most conveniently expressed as so many #/□' 
of floor area. Table 40 gives check values for such 
assumptions. 


* The following gauge* are recommended by 

the manufacturers: 

Spacing rf Joiets 

Lath for Conorote 

Lath for Ceiling 

24" 

4# 

31# 

10 

4 

31 

Id 

31 

3 

12 

3| 

3 


TABLE 40 

APPROXIMATE WEIGHTS OF JOISTS PER SQ. FT. 

OF FLOOR AREA 

Um net area of floor in estimating. Material (or tape and bearings 
is Included In weights below. 


Linear Ft. of Joists per 

Sq. Ft. of Floor 

1.05 

.04 

.80 

.65 

.55 

Spacing 

12* 

13)* 

16* 

10* 

or 20* 

24* 

Depth 
of Joist 

Weight per 
Linear Ft. 

Weight in Lbs. per Sq. Ft. 
of Floor Area 


4* 

3.71b. 

3.88 

3.48 

2.96 

2.40 

2.04 

5" 

4.21b. 

4.41 

3.95 

3.36 

2.73 

2.31 

0' 

4.71b. 

4.94 

4.42 

3.76 

3.05 

2.58 

7* 

5.5 lb.* 

5.78 

5.17 

4.40 

3.57 

3.02 

8' 

0.1 lb. 

0.40 

5.73 

4.88 

3.96 

3.35 

9* 

7.01b. 

7.35 

6.58 

5.60 

4.55 

3.85 

10* 

8.0 lb. 

8.40 

7.52 

6.40 

5.20 

4.40 

11* 

9.51b. 

9.97 

8.92 

7.60 

0.17 

5.22 

12* 

10.51b. 

11.00 

9.87 

8.40 

6.83 

5.78 


Weights given ubovc are approximate for short cut esti- 
mating and checking. 


The size of joist required for flexure may be cal- 
culated in the usual manner. 


Illustrative Prob. 114b. Check the size of joists shown 
on PI. 12 for the middle portion of the framing toward the 
front of the building (panel B-8). Live load specified, 


L.L. * 50 
Fin. Fir. - 3 
Sub Fir. =* 3 
2" Concrete = 25 

Joists = 5 (Table 40) 
Ceiling » 10 
T.L. * 9G#/a' 

M = 1.5 w • L* - 1.5 X 
f M 42,200 ^ g 53"i 
e 10,000 


Assume 10" spacing 
w * 00 X - 128#/ft. 
Span « 14'-10" 

X (14.83)* - 42,200"# 

Use 7"-5.5# Joists, 10" o.c . 
(Refer to Table 30) 


Ordinarily, the question of shear is not invest!- . 
gated in the design of the joists, as the spans are 
relatively long and the loads arc comparatively light 
for the cases to which such construction is adaptable. 
Furthermore, the usual allowable shearing stress for 
steel (10,000#/a") is comparatively high. 


Illustrative Prob. 114c. Calculate the average intensity 
of vertical shear* for the typical joist discussed in Illustrative 
Prob. 1146. 


wL 128 X 14.83 _ 
2 2 
_ V _ V _ 050 

V " A w “ d • t 7 X 0.144 
v (allowable) - 10,000#/rj" 


950# 

- 943#/n" 


Shear O.K. 


* This value ie representative of the maximum value of horiaontal 
shear, and if it ie sufficiently below the allowable, the horizontal shear may 
be assumed safe. 
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The deflection of the joists is an important part 
of the investigation, however, as in the majority of 
cases the plastered ceiling is directly attached to 
the soffits of the joists, and furthermore, the flooring 
is applied directly to the tops. When deflection 
controls this feature, it is usually indicated in tables. 
(Sec footnote, Tabic 41.) gr 

Illustrative Prob. 114d. Show that the deflection of the 
joist selected in Illustrative Prob. 1146 is within safe limits. 

I = 11.2"* (Table 39) H'- 10 " - 178" - l 

n - 5 w '** „ S X (128 X 14.83) X (178)* _ Q 
~ 384 E- 1" 384 X 30,000,000 X 11.2 ” ’ 

» I7tt 

D (allowable) * 2. * ii? , 0.493" 

300 300 

Deflection O.K. 

The methods illustrated in the above problems 
arc not usually employed to design steel joist floors. 
A study of the conditions will readily show that 
safe-load tables may be easily and safely devised for 
this purpose. The following reasons give evidence 
of the wisdom of such a suggestion: 

(1) The number of sections which may be 
used is small, 

(2) the unit live loads are usually small, and 
vary within narrow limits (40# to 100#), 

(3) the joists carry uniform loads in the 
majority of cases, 

(4) the spans are unusually well standard- 
ized, due to the room sizes ordinarily encoun- 
tered in the types of buildings for which this 
construction is especially suitable, and 

(5) that under the usual circumstances, the 
questions of shear and buckling are not con- 
trolling elements in the design. 

The above situations do not hold as commonly for 
rolled sections and for reinforced concrete. Table 
41 gives the total loads in #/□' of floor surface that 
various combinations of Berloy joists can safely 
carry. These values are based upon a moment of 
W • L 

— - — When the joists run continuous over a 

W • L 

supporting beam at one end, a coefficient of — — 

may be used, and when continuous at both supports, 
W . L 

■■ - ~ is employed. A designer should select the 

most economical arrangement of joists that the 
conditions will allow. Table 41 is a distinct ad- 
vantage in such a case. 

Illustrative Prob. 114e. Select, an economical arrange- 
ment. of joists for a L.L. of 100#/a', a span of 16'-0", and 
wood finish flooring. 


L.L. - 100 
l" Fin. Fir. - 3 
4" Sub Fir. - 3 
2 " Concrete * 26 

Joists » 4 (Table 40) 

Ceiling «= 10* 

T.L. - 145#/q' 

Referring to Table 41, the following combinations are ] 

ll"-0.6# joists 24" o.c. — 9.5 - 4.76#/d # 

10"-8.0# joists 19" o.c. —8.0 -s- )| - 4.42 #/d # 

9"-7.0# joists 16" o.c. — 7.0 + {\ - 5.23#/d' 

8 "- 6 . 1 # joists 12 " o.c. — 6.1 -s- - 6.1 #/□' 

From the above it is seen that 10 " joists, 19" o.c., are most 
economical as far as weight is concerned. In particular coses, 
other factors may influence the; selection, such as the thick- 
ness of floor construction and consequent addition to columns 
and walls, the number of joists to place, headroom, and so 
on. 

The table cannot be used when special instances 
of loading are encountered. When non-bearing 
partitions occur in a direction perpendicular to that 
of the joists, as in Fig. 170, the joists must sustain 
a concentrated load in addition to the uniform load. 
The value of the former may be expressed as 

P = w p • s * h 

in which 

P = the concentrated load in lbs., 

« = the spacing of joists in feet, 
h = the height of the partition in feet, and 
w p = the weight of the partition in lbs. per 
superficial sq. ft. 

Illustrative Prob. 114f. What size of joists is requires 
for the data of Illustrative Prob. 114c if a partition crossed 
them 5'-0" from one end? Story height ll'-O". 

Uniform load = 145 X * 230# /ft,. (Prob. 114c) 

4" channel stud partition, three coats of plaster each side 
= 110 #/sq.yd. = 12 #/D'f 
Partition height - 11 '- 0 " — (2 -f 2 4* 10) - 9.83' 

P - Wp • 8 • h = 12 X 18 X 9.83 « 187# 

R, - 187 X H + — = 1970# 

Vo, 1970 - 5 X 230 - 187 - 630 
630 + 230 = 2.74' 

2.74 + 6 = 7.74' from ft, 

Mmu - 1970 X 7.74 - — - */ 7,74) * _ 187 x 2.74 

- 7850'# - 94,100"# 

M - Hi - 94,100 = 16,000- - =• 5.88"* 

c c c 

Referring to Table 41, 10" Joists, 19" o.c. may still be used. 

* Some architects specify that the metal lath attached to the soffits 
of the joists shall be back plastered in order to secure additional Are pro- 
tection. In such cases, the weight should be included in the load per sq. 
ft. 

t For weights of partitions, see Index. 
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TABLE 41 

TOTAL 8AFB UNIFORM LOADS ON STANDARD BBRLOY 

joists m #/□' or floor arba 



Based upon a moment of and a maximum fibre stress of 16 , 000 ]f/n tf . 

Deflection does not exceed iiath of the span in inches. It should be remembered that the values tabulated are total 
loads and include the dead weight. 

The values are based upon the contingency that the joists are properly braced with bridging, lath, etc. 
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Ficj. 170. Bkrueh Floor 

and Partition Construction 


(o) I-joists and chunncl studs 

(b) 1-joists and U-studs 

1. I -joints 4. electric conduits 

2. bridging 5. nailing strips 

3. metal lath 6. concrete fill 

7. finished wood floor 

8. plaster 

9. socket strip 

10. studs 

11. nailing block 
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stead of carrying computations to the degree of 
guracy illustrated above, an approximate solu- 
tionTS-generally used, namely, that of assuming the 
span to be 2'-0" greater than the actual, and using 
Table 41. 

Illustrative Prob. 114g. Check Illustrative Prob. lUf by 
* the approximate method. 


requirements are necessary. The spacing should 
not exceed 6'-0", and for joist spans greater than 
12'-0", the bridging should be placed at least at 
the third-points of the span. 

Illustrative Prob. 114i. Determine the sizes of joists and 
I-beams required for a panel 20'-0" X 20'-0". L.L. 60#/a', 
double floor and plastered ceiling. 



T.L. « 145#/a' Actual span - 16'-0" 

Assume span 18'-0". 

From Table 41, w* =* 138#/ □' O.K. practically 

Use 10" Joists — 19" o.c. 

When a bearing partition crosses the joists at right 
angles, as is the case when a change of framing 
supports occurs, the amount of the concentration 
usually requires the use of heavier members. When 
a non-bearing partition runs parallel with the joists, 
the common practice is to use double, metal joists 
in the same manner as for wood joist construction. 
This is practically always more than sufficient for 
strength, but it is required to provide a support for 
the channel track of the partition, as illustrated in 
Fig. 170. 

Illustrative Prob. 114h. If the partition in Illustrative^ 
Prob. 114/ were parallel to the joists, would a double joist bo 
sufficient to carry the load? 

Load per foot from floor = 230# (Prob. 114/) 

Load per foot from partition ~ 12 X 9.83 = 118# 

Total load per fool, = 348# 

M = 1.5 w • L 2 = 1.5 X 348 X (16) 2 - 134,000"# 
1^000 = 8 
c 16,000 

2-10" Joists - 2 X 6.65 = 13.30" a (Table 39) 

Thus a double joist is satisfactory as is the usual case, 
and the above computations are not generally made. 
The live load need not. have been considered on the 
space the partition occupied. 

If a bearing partition occurs in a direction parallel 
to the joists, it is usually necessary to introduce a 
structural steel beam to carry the load. If possible, 
bearing partitions should be built continuous with 
the one occurring in the story below. 

The previous discussion has all been based upon 
the fact that the joists are laterally supported. 
Such support is obtained by the use of bridging, in 
addition to that provided by the metal lath and 
slabs. The typical bridging is shown in Fig. 169, 
and usually consists of #20 gauge ’galvanized steel 
1" wide, drawn taut in alternate diagonals and 
fastened between the webs with 6d nails. In addi- 
tion to the lateral support afforded by such fasten- 
ings, the joists are also held in place vertically during 
erection. The bridging also helps to transfer any 
concentrated load to other joists. Lateral supports 
of this nature are more important in metal lumber 
floors than in wood joist floors, and more rigid 


L.L. - 60 
Fin. Fir. » 3 

Sub Fir. * 3 

2" Concrete « 25 
Joists = 4 

Ceiling * 10 

T.L. - 105#/o' 


i tuiii i nine 9 iff 

ll"-9.5# Joists 24" o.c. =* 
4.75#/n' 

10"-8.0# Joists 19" o.c. - 
5.05 #/q" 

10"-8.0# Joists 16" o.c. 

(No advantage) 
9"-7.0# Joists 12" o.c. - 
7.0#/a' 

Use ll"-0.5# Joists, 24" o.c. 


Load on beam. 

105 X 20 - 2100#/ft. 

Jim. - 55 

F.P. = 35 

2190 

M = 1.5 w . L* - 1.5 X 2190 X (20) 2 - 1,313,000"# * 

^ I _ 1,313,000 _ 001 „, 

• c“l6jxxT 821 • 

line. 18 I 54.7 
(Refer to Table 33) 
Use 8 I 18 Column Ties 
Use 3 X 2} X i Shelf Angles 

Figure 171 shows a typical engineer’s sketch. 

Prob. 114j. Check the either sizes of the joists shown on 
PI. 12. Typical floor. Refer to Illustrative Prob. 1145. 

Prob. 114k. Select an economical arrangement of joists 
for a L.L. of 60#/n' and a span of Typical floor. 

Prob. 1141. What size of joists is required in Prob. 
1144 if a partition (12# per superficial □' and lO'-O" high) 
crosses them at- a distance of fl'-O" from one end? Check 
the result by the approximate solution. 

Prob. 114m. Provide an arrangement if the joists of 
Prolis. 1144: and 114 1 are to carry the partition in a direction 
parallel with their length. 


115. Framing Around Openings. 

At points where openings occur, special construc- 
tion is necessary. Pressed steel sections should 
only he used to frame around small openings such 
as those for vents, flues, small skylights, chimneys, 
and so on. Special heavy #12 gauge pressed steel 
joists are used for the trimmers and headers in such 
work. Flange connections are made as illustrated 
in Fig. 172, or standard #11 gauge angle connections 
arc used, particularly when partitions occur around 
the openings. For very small openings the stand- 
ard sections are often used. When large openings 
occur, such as at stairways, elevators and large sky- 
lights, the principal framing should be made with 
structural steel shapes, as illustrated in Fig. 173. 
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116. Determination of Rolled Steel Girder Sizes. 

Again, the calculations for the sizes of the beams 
required to support the joists are usually based 
upon a uniform distribution of load. The live load 
may be reduced if the tributary area of floor is large 
enough (Art. 93). 


Concr*/*\ 


Jfa efun */ || 
Mhtor^ 




Fia. 173 


Illustrative Prob. 116a. Check the size of steel beam " A ” 
shown on PI. 12. 

L - mm -«■'-»") . UMff' Wd. b. rf ~n to 

tL 

oenter-line of column. 


Assume ft" bearing. 

L (c.c. bearings) - 14'-10" + 3" - 15'-1" 

L.L. - 60#/o' D.L. - 40#/a' T.L. - 90#/a' 
w - 90 X 12.17 - 1097#/ft. 

Beam wt. — 25# 

F.P. - 25 w (total) - 1097 + 50 - 1147#/ft 

50#/ft. 

M - 1.5 W • L = 1.5 X 1147 X 14.83 X 15.1 - 385,000"# 

/ _ 385,000 _ 24.0"* Use 10 1 25.3 (Table 33) 

e 16.000 
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1147 X 14.83 


2 
8600 


-8500# 


- 2740#/n" 
10X0.31 ^ 

L — 2d — 2X10 — 20'-0" 

8500 


175 


- 48.6D /i 


Shear O.K. 
Deflection O.K. 
Use std. beam seat. 


Use 8 X I X 0'-8" bearing plate. 


In order to provide proper fire protection, the 
steel beams should be encased with fire resisting 
materials. Figure 174 (a) shows one form of such 
construction which is effective and economical. 
Another method is shown in (b). This is more 
effective than (a) but it is not considered as neces- 
sary by many contractors, and it adds weight to 



Cone/ We WfiUpfa*. (CeoMnt 
5/aby latZZ ' ' ' 





£?otn/brc*m*nt 

ft) 


leUfjKic//, 
t Conc/vte 
fihfprvofiy 


Flu. 174 


that which the beam must carry, as well as being 
more expensive to form. In either instance, an 
allowance should be made for the beam haunch in 
the calculations, as illustrated in the problem above. 
For (a) an allowance of 8 #/d' of fireproofed surface 
is sufficient, and in (b) the usual weight of 150#/cu. 
ft. of concrete is used. When structural steel floor 
tics are required for the columns (they should be 
braced in at least two directions), a tie beam may 
be made arbitrarily 6" or 8" and thus concealed 
within the floor depth. 

Prob. 116b. Check the sizes of the rolled steel •shapes 
shown on PI. 12. L.L. = 50#/a', typical floor. 

Prob. 116c. Design a typical interior panel 18'-0" X 18'-0" 
(joists and supporting beams) for a L.L. of 100#/ 1" 
granolithic finish floor, no fill. 

117. Details at End Supports of Joists. 

The details at the end supports of metal joists 
are similar to those for wood joists in many ways. 
A sufficient bearing length is required, as for all 
beams, although the additional precaution of simple 
fire protection is necessary. It is also important to 
make certain that there is no danger of the webs 
crippling at the supports (Art. 13). The allowable 
stress in such an instance may be determined from 
the formula previously discussed, namely, 

ft = 16,000- 120^ • 
t 


The allowable end reaction, as before, is expressed 
by 

« + ^- (Art. 13.) 

Illustrative Prob. 117a. Is the joist of Prob. 11 4f safe 
for buckling if a 2J" bearing is used? 

fit - 1970# 10" Joist, t - 0.156 
ft - 16,000 - - 8200#/a" 

R - 8200 X 0.166 ^2.5 + ~) - 6400# (allowable). 

Joist O.K. in buckling. 

From the above illustration, it is seen that joists 
are practically always safe in buckling, if a sufficient 
length of bearing is maintained (as the conditions 
assumed are extreme), and for all ordinary circum- 
stances, the buckling investigation may be omitted 
at the end supports, as well as for any occasional 
concentrations (Art. 13). 

When considerations of headroom are not impor- 
tant criteria, or the supporting beam may be com 
coaled in a partition, or when the soffits of the 
beams may be allowed to cause ledges at the sides 
of the room or panels in the ceiling of the room, the 
joists may be allowed to run over the tops of the 
supporting girders, as illustrated in Fig. 175. The 
joists should not be allowed to butt, as in (a), unless 
the breadth of the beam flange is 5J" or larger. 




Fig. 175 


This is specified because a minimum bearing length 
of 2J" is essential, and there should be a clearance 
of between the ends of the joists. A 2§" distance 
is not theoretically required for direct bearing, as the 
allowable bearing stress of steel upon steel is rela- 
tively very high (20,000#/a"), but it is necessary in 
order to provide stiffness at the support and to pre- 
vent the edges of the flanges from bending and the 
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web from buckling. When the joists lap, as in (f>), 
or single joists occur, as in (< c ), the ends should 
extend slightly beyond the center-line of the beam. 
In such cases, special beam clips are used to hold 
the joists laterally, as shown in (e), although some 
contractors do not use any, and erroneously claim 
that the bridging and concrete are sufficient to 
provide this requirement. Other builders use rivets 
or special mortise and tenon angle connections. 
In any case, some sort of fastening at the point of 
bearing should always be provided. Figure 176 
shows alternate details. 




Usually headroom is an important factor, how- 
ever, and the joists are often supported by shelf 
angles attached to the supporting beam, as illus- 
trated in Fig. 177 (a). A minimum 3" X 2i" X 
angle should be used to provide the necessary 2J" 
bearing length. Figure (a) is used when the joists 
are of the same depth, while (6) and (c) are used 
when the joists arc of different depths, (6) showing 
the beveled and square-cornered copings, respec- 
tively, and (c) the advisable method of eliminating 
coping. Figure (d) shows the method of attach- 
ment to channels surrounding large openings. When 
shelf angles are used, no attachment is considered 
necessary, as the bridging and concrete supply 
sufficient stiffness. An alternate detail is shown in 
(e), and another in (/) which employs small strap 
hangers, although these two details are seldom used 
as they are expensive and not very satisfactory. 

When the joists are supported by steel stud 
bearing partitions or walls, the detail in Fig. 178 is 
commonly used. The bearing length is made the 


full width of the channel track, and the joists 
attached wfth, rivets or bolts. When thv, joists 
bear upon masonry walls, the length of the bearing 
should be made equal to one-half the depth of the 
joist, or 4" as a minimum. No bearing plates are 
required as the area provided is ample if such 
lengths arc used. 



M 0 


Fig. 177 



Fig. 178 


Illustrative Prob. 117b. What length of bearing should 
Imj used in Prob. 117a if the joists are to rest upon a 12" 
brick wall (p =* 175 #/□")? 

d 19 s 5" * xi 2Q" 

2 2 175 

Ri - 1970# 

Width of flange of 10" joist * 41" 

112 

Theoretical length of bearing = — * 2.5". 

4.5 

Use 0" for practical reasons. 

It is seen that the rules of establishing bearing lengths 
will provide ample areas. The data used are for a case 
of extreme loading. 
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i . A lateral tie is often provided by using a strip of 
tfeMiXp,ic&l bridging, running over the tops of the 
joists near their ends, as shown in Fig. 179 (a). 
End anchors about 6'-0" o.c. may be used as illus- 
trated in Fig. 179 (c) and (d), although many con- 
tractors correctly contend that the shape of the 
joist is sufficient anchorage in itself. When a joist 
runs parallel to a wall, side anchors may be used, 
as shown in (e), using a spacing of about 6'-0" o.c., 
and carrying them across at least one interior joist. 

Prob. 117c. Write a specification to cover the details of 
metal lumber I joist supports and anchorage. 





Section 8b 

BAR JOISTS* 


118. The Trussed Type. 

Another form of metal joist which has been 
recently placed upon the market is the Massillon 
Bar Joist.f Figure 180 shows a typical unit. It 
consists of 5 structural grade steel bars (minimum 
§"0), shop fabricated and electric-arc welded into 
the shape of a Warren truss with cantilever ends. 



Fio. 180 


These are manufactured in 22 standard units, with 
5 depths, namely, 8", 10", 12", 14" and 16", and 
the joists of the same depth are made in various 
standard lengths. Except for the 8" depth, there 
sire three standard lengths. The 8" joist is*madc 
in six lengths and there are also four special 8" 
sections, adaptable for residence work. All the 
joists are marked a number such as 8, 10, and so on, 
Followed by a letter, A, B, etc. The first refers to 
joist depth and the second to length. If a joist 
must be cut for some special reason, it is marked 
“ 12-B cut 3 ", for instance. The residence joists 
are marked specially, such as 8 R-A, and the like. 
By this series, spans from 4'-0" to 30'-6" may be 
suited. Two standard header sections are used for 

* In addition to the “ Massillon ” and Rivet-grip types of bar joists, 
there are a number of others of similar nature. One type is that manu- 
factured by the Bates Expanded Steel Truss Co., East Chicago, Indiana. 
This joist does not rely upon rivets, bolts or welds in shear or tension, but 
s expanded from previously slitted and heated shapes. These arc avail- 
able in depths from H" to 18", varying by inches, and in any desired length 
ip to 35'-0". Each joist has an 8" variable length. Another type is 
manufactured by the Havemeyer Bar Co. 

t Patented and manufactured by the Massillon Steel Joist Company, 
Massillon, Ohio. 


framing around small openings. For large openings, 
the regular carrying frame should be used. The ends 
of the bars are connected to a plate which acts as a 
gusset plate, bracing plate, and bearing plate. Each 
joist is 2|" deep at each end so that it conforms to 
brick coursing and supplies sufficient strength. The 
center of gravity of the section is below the points 
of support so that the joist is always stable. 

Figure 181 shows a typical view of the floor 
construction. The finish floor may be any desired. 
If wood is used, nailing strips arc provided, usually 
at right angles to the joists and placed 16" o.c. 
The carrying floor is a 2" concrete slab, which is 
formed by flat diamond mesh expanded metal, 
weighing 4.0# per sq. yd. The joists are spaced 
from 12" to 24" o.c., depending upon the loading. 
The ceiling is formed by wiring pencil rods or 
pencil channels to the bottoms of the joists, and 
attaching 3.4# flat diamond mesh lath to them for a 
plaster base, or 3)# ribbed ceiling lath may be used 
instead. The joists are supported on the tops of the 
I beams or by walls or partitions, and they may be 
lapped by when necessary to avoid cutting. Al- 
though not theoretically required, the joists should 
be braced laterally. This is done by using standard 
bridging wire in the planes of the tops and bottoms 
of the joists. The wire should be placed at mid- 
span up to 16'-0" lengths, at the third-points for 
16'-0" to 24'-0" lengths, and at the quarter-points 
of the span for 24'-0" to 30'-0" lengths. Figure 182 
shows a typical installation. 

A distinct advantage of this type of construction 
is the possibility of obtaining simple and efficient 
piping layouts for the plumbing, heating, ventilation, 
and wiring installations, as the pipes and conduits 
can be run in almost any direction. Since the joists 
rest on top of the I beams, room is left for the piping 
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to run over the latter. Future changes and repairs 
necessitate only removing the ceiling, without cutting 
up the floor. Other advantages are the quick erec- 
tion and relatively light weights of the floor, the 
latter averaging from 35# to 40 #/d\ In a fire- 
resisting way, the joists arc superior to some other 
types, because the metal is of larger section and not 
thin, the thinnest metal being in the bearing 
plates and all the other is J" in diam- 


L.L. - 40 


1" Fin. Fir. - 3 

Span (net) - 15'-6'\ 

F'Sub.Flr. * 3 

From tables, 

2" Concrete - 25 

8 R-B, 15" o.c., or 

Ceiling * 10 

8 R-A, 16" o.c., or 

Joists * 4 

10-B, 30" o.c. 

T.L. - 85#/d' 



The 10" joists should not be spaced farther than 24" apart 
so that they are not considered and are intended for heavier 
live loads. 


etcr or more. The open air space is an 
advantage in diffusing heat rather than 
localizing it. 

Table 42 gives total safe loads in #/□', 
uniformly distributed, based upon the 
American Institute of Steel Construc- 
tion 1923 Specifications, allowing a 
maximum tensile stress of 18,000#/u" 
(sec Art. 9). For a stress of 16,000#/o ,/ , 
the loads may be reduced in direct pro- 
portion. All loads arc computed for the 
net span. The width of the beam 
flange should be deducted to obtain the 
latter. The live load is determined by 
deducting the weight of the floor con- 
struction, which is about 40#/ □' for the 
usual construction. The table is based 
upon the assumption that the joists are 
braced laterally by the concrete or wood 
flooring. Each selection should be made 
upon a basis of economy in weight, 
with the depth, as affecting headroom, 
being considered also. The joists arc 
spaced to develop their capacity. 

Illustrative Prob. 118a. Select a size of joist 
to span 10 # -0" e.c. Iwaringsand to carry a live 
load of 40#/a'. Double wood finish floor. 



Fio. 181 



Fig. 182 


8 R-B, wt. - 58# 58 ^ 15 = 3.07# 

8 R-A, wt. - (54# 64 -5- 16 - 4.00# 

line H R-B Joints. 

Prob. 118b. Select a size of joist to span 18'-0" c.c. of 
bearings and to carry a live load of 0()#/p\ Double wood 
finish floor. 

119. Another Type of Bar Joist. 

Another form of the metal joist is the rivet-grip 
Steel Joist.* It is quite similar to the Massillon 
joist, having its own particular features and speci- 
fications. The joist consists of special deformed 
bars fabricated in the form of a truss, as illustrated 
in Fig. 183(a). These units are detailed and made 
specially for each job and are shipped ready to be 
placed. The lightest web members arc J" X ft", 
thus eliminating thin metal which would be impaired 
by corrosion. All joists are shop painted to prevent 

* A patented form manufactured by Rivet-Grip Steel Company, 
Cleveland, Ohio, formerly tho Concrete Reinforcing and Engineering 
Company. 
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TABLE 43 

TOTAL SAFE LOADS FOR MASSILLON BAS JOISTS IN #/□' 


Maximum tensile stress - 18,000 #/□"* 


Span 


Weight 

Total 

Sfacino C-C or Jomth in Inched 

joist 

perPieoe 

Load 

12 

14 

15 

16 

17 

18 

19 

20 

21 

□ 

» 

D 

2A 

20 

2K 

30 

4'-0* 

8-F 

10 

2040 

735 





490 

465 

441 






340 

316 

294 

4'-6* 

U 

U 



IM 

123 

Eir;l 

mm 

jiffl 

Ea 

EH 

Ea 

urn 

wm 

HU 

Ea 

WM 

Ea 1 


5'-0' 

•i 

“ 

2190 

438 

123 

ESI 

Ea 

run 

mm 

Ea 

203 

251 

Ea 

mm 

Ea 

Ea 

Ea 

Ea 

Hr7^ 

5'-6' 

It 

" 

1947 

354 

Em 

EU 

Ea 

Ea 

[2361 

224 

Ea 

mm 

Ea 

EI3 

■Vri 

■nil 

srsi 

ma 

nvm 

G'-O* 

a 

« 

1758 


Ea 

Em 

Ea 

Ea 

Ea 

Ea 

176 

168 

160 

Ea 

Ea 

Ea 

Ea 

Ea 

1IV1 

8-E 

23 

2214 

pTilil 

na 


Ea 

Ea 

Ea 

2:13 

222 

211 

201 

wm 

184 

177 

170 

158 

148 

O'-G' | 

ii 

u 

2112 


F/7:l 

Ea 

tin 

Ea 

Ea 

Ea 

Ea 

Ea 

EH 

170 

163 

150 

150 

Ea 

ehi 

7'-0* 

tt 

u 

1981 



226 

212 

KTil 

1£J 

KQ3 

Ea 

Ea 

Ea 

BIEl 

142 

136 

Ea 

Ea 

113 

r-a" 

“ 

“ 

1792 

Kiltl 

205 

tloT 

179 

Ea 

KEa 

na 

Ea 

Ea 

Ea 

E3 

Ea 

ura 

Ea 



8'-0* 

« 

M 

1500 

195 

107 

156 

146 

Ea 

Ea 

Ea 

E9 

rnr 

106 

102 

98 

94 

90 

HI 

Mr£| 

8-0 

30 

2512 

314 

wm 

wm 

Ea 

Ea 

Ea 

Ea 

Ea 

Ea 

171 

164 

157 

151 

145 

Ea 

wrM 

8'-G' 

* 

* 

2320 

273 

EH 

Ea 

Ea 

Ea 

Ea 

EB3 

Ea 

150 

149 

142 

130 

131 

120 

117 

109 

9'-0' 

ii 

u 

2109 

241 

Ea 

§m 

1EI 

ca 

iroi 

Ea 

Ea 

Ea 

Ea 

126 

121 

ran 

Ull 

Ea 

wm 

9'-G' 

ii 

u 

2014 

212 

Ea 

1B3 

IE3 

IEJ 

141 

134 

Ell 

BPT1 

Hill 

EU 

Ea 

102 

98 

■11 ■ 

85 

8-0 


2992 

ism 

EDI 

252 

236 

222 

210 

199 

189 

180 

172 

164 

157 

151 

ca 

Ea 

I 126 


8-D 

30 

1890 

189 

■El 

rrsn 

142 

rw 

120 

110 

113 

108 

103 

99 

95 

91 

87 

in 

HI 

8-0 

40 

2820 

282 

242 

226 

212 

Ea 

188 

178 

169 

101 

154 

147 

141 

135 

130 

121 

113 

lO'-G' 

“ 

M 

2007 

254 

218 

(loT 

190 

Ea 

Ea 

Ea 

Ea 

145 

138 

132 

Exfl 

Ea 

Iff! 

Ea 

101 

ll'-0" 

“ 

« 

2453 

223 

191 

n TT 

167 

Ea 

Ea 

Ea 

Ea 

Ea 

Ea 

na 

112 

107 

103 

Mil 

89 

« Tt-J) | 


1815 

105 

142 

132 

124 

117 

110 

104 

99 

94 

r 00 

sa 

sa 

HI 

Ml 

71 

00 


8-0 I 

u 

2311 

mm 

172 

161 

SETS 

Ea 

1BH 

12V 

121 

115 

no 

105 

101 

97 

93 

80 

80 

11 '-6' 

8 H-l) | 

« 


147 

126 

118 

EB3 

Ell 

Ea 

93 

88 

84 

80 

77 

74 

71 

08 

03 

59 


Ml 

52 

3174 

276 

236 

221 

mm 

Ea 

184 

174 

100 

158 

151 

144 

138 

133 

128 

118 

111 

12MT 

s u-n 

40 

1008 

134 

115 

fToT 

101 

95 

ran 

rsr 

80 

77 

73 

nr 

nr 

HI 

Ml 


54 

Ml 

52 

2976 

248 

212 

Ea 

SEfll 

175 

105 

157 

149 

142 

135 

Ea 

mm 

Ea 

115 

1CK3 

99 



■m 

1525 

Pi 

uia 

Ea 

Ea 

80 

rsr 

I-tT 

73 

70 

67 

64 

61 

59 

50 

52 

49 

12-6* 

8-14 

52 

2800 

IPvTl 

Ea 

179 

168 

158 

149 

141 

134 

128 

122 

117 

112 

107 

103 

90 

90 


8R-0 

■EH 

1612 

129 

111 

103 

97 

91 

86 

81 

wsm 

ca 

HI 

67 

04 

' 02 

59 

55 

52 





pa 

175 

163 

153 

Ell 

Ea 

Ea 

wm 

117 

fill 

107 

102 

98 

94 

HI 

82 

i3'-<r 


SB 

1521 

R5 

Ea 

94 

88 

83 

78 

74 

■3 

■31 

Ea 

HI 

58 

50 

54 

HI 

47 


' 8-A 

70 

3406 

262 

224 

fiUO 

Ea 

185 

175 

Ea 

MM 

150 

143 

137 

131 

120 

121 

oa 



8 H-C 

K2DH 

1444 

mm 

92 

86 

Ea 

i5 

71 

67 

64 

61 

58 

56 

53 

Hi T 

49 

40 

■a 

W'-O' 

8-A 

70 

3254 

241 

206 

193 

Ea 

Ea 

Ea 

ca 

Ea 

Ea 

132 

120 

121 

110 

111 

103 

90 


10-C 

75 

4200 

m a 

271 

253 

237 

223 

211 

200 

190 

181 

172 

105 

158 

152 

140 

135 

120 


8 R-C 

45 

1372 

98 

84 

78 

73 

Ea 

Ea 

Ea 

59 

56 

53 

51 

49 

47 

45 

42 

39 

14'-0* 

K-A 

70 

3052 

218 

187 

175 

164 

154 

ca 

138 

131 

125 

119 

114 

109 

105 

101 

94 

87 

HR-B 

58 

1932 

138 

118 

mil 

103 

97 

92 

87 

83 

79 

75 

72 

69 

00 

04 

50 

m 


10-C 

75 

4000 

p£il 

248 

232 

218 

Ea 

Ea 

Ea 

174 

166 

158 

151 

145 

139 

134 

mm 

ehI 


K-A 



K01 

UtJ 

Ea 

Ea 

Ea 

Ea 

126 

fW 

114 

EJ 

Ea 

Ea 

90 

92 

80 

180 

14'-G' 

811-11 



126 

108 

101 

94 

89 

84 

79 

75 

72 

GO 

66 

03 

00 

58 

54 

50 


10-C 

3 

3842 

'265 _ 

227 

212 

199 

187 

177 

167 

159 

151 

145 

138 

133 

127 

122 

114 



* When a stress of 16,000 !/□" is specified, values may be obtained by direct proportion. 
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DESIGN OF FLOOR CONSTRUCTION 



Joist 

Weight 
per Pier© 

Tote! 

Loud 

RR-H 



58 i 

1755 

10-C | 

75 | 

3630 

10-B 1 

86 1 

3930 



“ | “ j 6490 

16- H ~~ i 275 i 6462 


Spacing C-C op Joists in Inches 


14 15 lfl 17 18 10 20 21 


88 83 78 74 70 67 


208 | 194 | 182 | 171 | 161 | 153 | 145 | 138 



54 50 


121 | 116 | 112 1 104 | 




irrifi f;m i:»i ■ mirea 

1 



62 

| 59 

67 

1 64| 

52 | 

1 48 

133 

127 

122 

nano 

■Oil 

57 

54 

52 

1 60 | 

48| 

| 45 


170 | 160 


■ MMESl l 


136 129 





177 | 165 | 155 | 146 | 137 | 130 | 124 | 118 | 112 | 


188 | 176 


77 | 72 | 68 | 64 | 60 | 57 | 54 | 51 | 49 | 


194 | 181 I 170 I 160 | 151 | 143 | 136 | 129 | 123 | 


133 | 126 | 120 | 115 | 




108 I 103 I 99 | 95 I 88 | 


130 I 125 I 120 | 115 107 


47| 45 43 | 42 | 39 | 


118 | 113 | 109 1 104 | 97 


110 I 105 | 101 


lltfHFT-lIflllSjl 


168 | 157 


222 I 207 | 194 | 183 | 173 


118 | 112 | 107 | 102 | 98 | 94 | 90 | 84 | 


^gHEETOEIKEjlBEjlME!jlC3BEIl^^^^l 


129 I 123 | 


215 | 201 | 188 | 177 I 167 | 158 | 150 | 143 | 137 | 


lEaigiiHii^ iLcit ; : sir mi . mi 3 


inunni 


126 I 121 


117 | 112 | 108 | 104 | 96 | 


131 | 125 1 120 | 116 | 108 | 


123 I 118 113 109 




■■iiiiHiiEaKEai 

■rai»lrZilFfi!aiihVl»Egli 


142 I 136 I 


141 I 134 I 128 1 




189 17 


192 | 179 | 168 1 158 | 149 


212 | 198 186 


170 160 


224 | 209 1 196 | 184 


176 166 


| 202 | 189 | 177 | 167 | 157 


193 


132 | 125 | 119 | 114 | 


141 134 128 122 


133 127 


115 | 110 | 


157 | 149 | 142 | 135 


149 142 


141 134 


■wziircifijjMj 

i nsure™ 


109 | 104 | 100 | 96 | 89 


130 | 125 | 120 | 115 


123 I 118 | 113 I 108 | 101 | 


116 | 111 | 107 | 103 | 95 | 


! ■ 1 8 M o;;m m ■ ■ 


109 | 104 I 100 I 96 | 90 | 


117 | 112 | 108 | 103 I 96 


105 | 101 


105 | 101 | 97 


129 | 124 | 119 I 114 I 106 


123 | 118 113 109 101 


■iswnwffi 


remaigm 


149 I 142 I 136 | 130 1 125 I 120 I 112 I 


149 | 142 | 135 I 129 


■’■tMTOTOI 


I III III 

BTgB BBBMi 

UlMU 


219 1 204 1 191 1 180 1 170 \ 


196 | 184 | 173 | 163 | 


202 


188 | 176 | 166 | 157 


167 158 


161 153 


149 

142 

148 

I 141 


151 144 


146 I 139 


140 | 134 | 


tMII£JBi^lKI£lEI£llE!]( 


134 | 128 | 


123 | 117 I 


112 | 



123 | 118 


96 | 


138 132 


133 | 128 | 123 | 1 18 | 109 I 


105 | 


101 


122 | 117 | 113 | 108 | 101 | 


97 


112 | 107 I 103 | 99 I 92 I 


108 I 103 99 I 95 I 88 I 


130 I 125 I 120 I 115 I 107 I 


124 119 I 114 I 110 I 102 I 


118 | 113 I 109 | 105 | 97 | 
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JOIST CONSTRUCTION 


• \ rusting. The joints are made mechanically with a with special 32'-0" lengths. Table 43 gives total 
jjo-l?** pressure, to force the metal in the wings of safe loads for various combinations. The standard 
the chord members around the knobs on the web end bearing is 6" but this may be varied between 5" 



* HXE 1 7I7F 



K 

PS 

m 


f rnnr' 



Bridging M/y/rs ’b 

Notched 

Mho Mac Bmoo/no 


Mernoo Or / 5 is ret */ no 


(b) 



Opening* *> +'-O t§ tor 

Herores Ar Oremres 




Cnnnr/ fin, on Oncrwk HbodflronMmhyCbne. Hbodflr&tptn in One. /Kxx//* - Skptrs rrO/fc. 

Trrea Or floor, ftn/sn 


Fig. 183 



sections, and to develop the full strength of the 
component members. 

The depths of the joists arc from 6" to 16" and are 
made in three types, called “ 77," “ 66," and “ 55." 
They are available up to and including 30'-0" spans 


and 7", thus allowing a total variation of 4" in the 
clear span of a given joist. 

The typical floor construction involving the use 
of these joists is similar to that for other types of 
this kind. The carrying floor is a 2" concrete slab, 
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supported by ribbed lath with the ribs face down 
and at right angles to the joists. Temperature 
rods, f" £-24" o.c. should be placed in the slab 
longitudinally. Various floor finishes are possible, 
as shown in Fig. 183 (d). When a wood finish floor- 
ing is used, 2" X 2" screeds are installed and at- 
tached by clips. The joists may be spaced Ilf" 
to 23£" o.c., as noted in Table 43, thus giving 
variations to conform with different architectural 
treatments. Bridging of notched angles and wire, 


spaced not more than 6'-0" apart is used to stay the 
joists laterally, as shown in Fig. 183 (6). Figure 
184 illustrates a typical installation. This type of 
construction is adaptable to so-called light loads, 
and allows easy installation of pipes and conduits 
between the webs, as do all others of this general 
type. The use of shelf angle supports on the I 
beams is eliminated, thereby expediting erection. 
Erection drawings with identifying shop marks 
should be furnished for each job. 


Section 8c 

REINFORCED CONCRETE JOIST CONSTRUCTION IN GENERAL* 


120. Characteristics of Its Use. 

A form of floor construction which is being used 
to some extent in connection with steel framed build- 
ings is that which employs a combination of two 
materials in such a way that a series of concrete 
joists and intermediate voids are made. Such con- 
struction is particularly adaptable to buildings in 
which the loads are relatively light and well dis- 
tributed, such as schools, hospitals, apartments and 
office structures. It has replaced the use of solid 
slabs to some extent, especially when the spans 
exceed 12'-0", as a long span fire-resisting floor 
without the use of cross beams. A hypothetical 
illustration of the construction is shown in Fig. 185. 



The voids are made in several ways such as by using 

(1) metal tiles, either permanent or removable, (2) 
terra cotta or cinder concrete blocks, (3) gypsum 
tile blocks, and (4) inverted, removable wood boxes. 
Figure 186 illustrates some of these methods. The 
purposes of the tile are: 

(1) To create voids in the floor construction, 
as stated above, and therefore 'decrease 
the dead weight and to cut away inactive 
material. This in turn reduces the sizes 
of the supporting members. 

(2) To provide a form in which the joists and 
the slab are cast. 

* Sometimes called " long-epan construction ” or “ ribbed slabs." 


(3) To serve as a base and a partial support for 
the plastered ceiling, which is usually kept 
flat. 

The tile is not counted upon as adding any strength 
to the floor construction, although the clay tile actu- 
ally does add somewhat to the ultimate strength of 
the combination, as considerable arch action is 
supplied. There is also some natural bond between 
the two materials, as well as a mechanical bond, due 
to the projections of the tile scorings into the faces of 
the joists. The design of such construction is based 
upon the principles of a T-beam, as developed in the 
theory of reinforced concrete design. The depth of 
the joists is often controlled by the shear. A dis- 
advantage sometimes claimed of such construction 
is that when the ceiling is subjected to a severe 
fire, the difference in the rates of expansion of the 
two materials causes the tile to force out of line and 
consequently distort the floor. 

Advantages of this construction arc that the 
strength and stiffness of deep slabs are obtained with 
a great reduction in the amount of reinforcement 
and concrete required, the hollow spaces provide 
good heat and sound insulation, and the structural 
steel is protected by concrete, — the best material 
for this purpose. A disadvantage is the fact that 
the concrete sections are thin and hence arc difficult 
to cast properly, and are not adapted for concentrated 
loads. These light sections require care in con- 
creting, — in summer to prevent premature drying, 
and in winter to prevent freezing. The reinforce- 
ment in the top slabs is light and is difficult to keep 
in place during the concreting. 

SPECIFICATION CLAUSBf 

Combination Concrete floors with permanent blocks or 
Floors forms of incombustible material with ribs of 

reinforced concrete between shall conform to 
the requirements of thin act so far as they are 
applicable, but the blocks or forms shall not be 

t The Building Law of the City of Boeton. 
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(J) 

Via. 180. Types of Ribbed Slabs 


(а) tile-joist, plastered direct to concrete rib 

(б) tile-joist with soffit block 

(c) tile-joist, with suspended ceiling 

(i d ) stationary metal cores with lathed soffits 

(e) removable metal cores with suspended ceiling 


(/) gypsum core 

(g) concrete girder support for tile-joist slab 

( h ) structural steel girder support for tile-joist slab 

(i) typical forms for support of ribbed slabs 
O') detail for suspended ceiling 


assumed as taking stress. If a slab not less 
than two inches thick above the blocks or 
forms is cast monolithic with the rib, the rib 
and slab may l)e considered as a T-section. 
If such construction forms a flush ceiling, or 
if a plastered ceiling on metal lath is suspended 
below the ribs, the fireproofing for such con- 
struction shall be that required for slabs. 

The question of what form of ribbed slab con- 
struction to use in a particular case depends upon 
the relative merits of each type, the conditions 
surrounding the use, and the comparative prices 
of the materials and labor. As far as dead weight 
of the floor construction is concerned, the lightest 
to the heaviest in order are: wood or metal remov- 
able forms, permanent metal tile, gypsum blocks, 
cinder concrete, and terra cotta blocks. The dead 
weight, while an influencing factor, is not conclusive, 
and adaptability and economy may control the 
selection. Quite frequently an estimate will serve 
as an aid to a decision. The following represents 
touch an estimate made in 1923 in Boston: 


Terra Cotta 

per sq. ft. 
6" T.C. - $0,200 
10% Breakage = 0.020 
Open Forms — 0.135 
Concrete = 0.105 
Soffit Tile - 0.030 
Reinforcement. = 0.090 
Trucking = 0.020 
Placing = 0.030 

$0690 


Metal (Removable) 



(Leased) 

6" Tile 

- $0,040 

End Caps 

- 0.007 

0])cn Forms 

= 0.135 

Concrete 

= 0.105 

Reinforcement 

= 0.090 

Trucking 

* 0.015 

Placing 

= 0.025 

Removing 

- 0.015 

Hangers 

* 0.020 

Lath 

- 0.035 

Erecting lath 


and cliannels 

- 0.115 


10.662 


It should be understood that the above figures may 
not be the same in all localities, and are not given 
as a proof of which method is the cheaper, but as an 
example. They also do not represent the cost of 
the floor as an entity. The proximity which a 
building may have to the sources of supply of one 
kind or another of floor tile may greatly influence the 
relative costs. 
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FRAME showing use of metal 




PLATE 14 TYPICAL FRAMING PLAN 
METAL TILE-JOIST CONSTRUCTION 
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121. Variations of the Construction. 

Ribbed slab construction may also be used in 
conjunction with supporting girders of concrete. 
Such a condition involves no new principles of design 
if the essentials of the design of the structural floor, 
as governed by the concrete theory, are understood. 
Figures 187 (a) and (6) illustrate methods of support 
for the joists when terra cotta tile are used. The 
details when metal tile are employed are similar. 


The values of the moment coefficients used for the 
joist design in all cases must be carefully decided, 
as the construction is not as continuous for steel 
girders as when concrete girders are used. 

Tile-joist construction can be employed with 
exterior bearing walls of terra cotta, as in Fig. 187 (c), 
or of brick, as in (d), or concrete filled terra cotta 
columns may be used for small buildings, as in 
(e). The details are not as common, however. 



Fia. 187 


Section 8d 


METAL TILE- JOIST CONSTRUCTION 


122. Typical Construction. 

Figure 188 illustrates a section of the typical 
floor construction when steel tile are used to form 
the ribbed slab. Plates 13 and 14 also show some 
of the characteristics of this construction. In gen- 
eral, the joists are made 5" wide at their soffits, 
battered to a larger dimension at the base of the slab, 
and are 20" wide, making the spacing of the joists 


Fiu. 188 

25" o.c. The slab between the joists is usually 
made 2" thick, although for heavier loads 2$", 
3", and 3J" may be used. The depth of the joists 
is varied according to the requirements of the de- 
sign, conforming, however, to the stock depths of 
the metal tile, which are 4", 6". 8", 10", 12" and 




14".* The finish flooring may be varied in the usual 
way. 

Some of the advantages claimed for this construc- 
tion are: 

(1) A lighter dead load, the steel tile weighing 
only about 10% of clay tile, hence 

(«) less load on supporting members, 

(6) lower freight charges, and 
(c) less weight to handle on the job. 

(2) A convenient shape, — they arc slightly 
tapered, hence 

(a) can be nested, shipped, and stored 
compactly, 

(b) can be withdrawn easily, 

(c) there is no appreciable leakage of 
concrete. 

(3) They arc not susceptible to breakage. 

Metal lath must be used to provide a base for the 
plastered ceiling unless the special types which have 
a metal plaster base attached to them are employed. 
This feature should not be lost sight of when compar- 
ing the cost of the construction to that of terra 
cotta blocks. The use of metal tile does not give 


* Special depth. 
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the fire protection to the joists that- terra cotta or 
other blocks do. 

The typical tile is shown in Fig. 189 (a), which is 
made of #26 or #14 gauge (depending upon whether 
the tile is to be permanent or removable) sheet 
metal, cold pressed into shape. It is usually avail- 
able in two standard lengths, 30" and 35", and it 
can be made to accommodate any span. Laps of at 
least one corrugation should be used. The tile 


^5 

(a) M 

Fig. 189 

are corrugated or plain, according to the various 
patented types. For the purpose of preventing the 
concrete from flowing into the voids, end caps 
of #28 gauge metal, such as in Fig. 189 (6), are used. 
This feature is a distinct advantage in the saving of 
concrete, compared with other methods used to stop 
off the dead space. The end caps are usually left 
in place in either type of forming. 

There are two types of the tile available, as 
suggested above, namely the permanent and the 
removable. Figure 190 shows the removable pans. 
Each offers advantages and the choice must be 
based upon the particular instance of its use. 
If the removable type is employed, it can be 
re-used a number of times 
(generally every other floor) 
to form other floors, thereby 
effecting a saving. Such tile 
are generally leased to the 
contractor by the manufac- 
turers, and are for that job 
only. They are of heavier 
gauge (usually #14) than the 
permanent tile in order to 
have them withstand repeated 
usage. Being of heavier metal, 
they insure a more rigid form 
work, whereas the permanent 
forms, being of a lighter gauge 
(usually #2ti), often sag or be- 
come dented by the workmen 
accidentally walking on them or by the storage of 
materials on top of them. Since the permanent tile 
are not salvaged, there is a tendency to make them of 
lighter metal than they should be. The latter condi- 
tion adds to the cost of the work, cither requiring 
an attempt to straighten them, which is difficult, or 
more concrete, as the depressions must be made up 
by the latter. When permanent tiles are used, the 



W 




metal lath for the ceiling is placed on the wood 
centering before the pans are placed (unless special 
types are used),*so that when the wood supports are 
removed, the ceiling is ready to be plastered. 
When removable forms are used, additional labor 
is required to remove them, and the cost of attaching 
the metal lath after the wood centering is taken 
away is a considerable item. However, the sections 
are nearer to the size designed, and a better inspec- 
tion of the concrete surfaces is possible. If a sus- 
pended ceiling is to be used anyway, there is no 
waste of a plaster base. There is some variation of 
opinion as to whether the “ joist lines ” will show in 
the finished ceiling or not, and whether any stains 
will appear later in the ceiling. When clay tile are 
used as cores, the appearance of the rib lines is quite 
possible unless soffit blocks are used. When this 
precaution is taken, the cost increases, due to the 
increased amounts of materials. The first of these 
may be caused by the difference in the rates of ab- 
sorption of the concrete and the plaster, and the 
second may be produced by the possible rusting of 
the tile and the mesh, and the infiltration of dust 
accumulated during the construction. It is the 
experience of the authors that such blemishes 
will not appear if careful workmanship, and cement, 
not lime, plaster are insisted upon, as the bond be- 
tween cement plaster and concrete is intimate. The 
removable tile are a real advantage in this respect, 
however. As a further preventative, the wire sus- 
pension clips may be planned so that when the tile 
is removed and the lath is put. into place, it will be 
1" clear of the soffits of the joists. This space 
incidentally provides a convenient place for con- 
duits and the like. If an entirely flat ceiling is 
desired (with no beams showing), the removable tile 
lends itself favorably to the construction, and the 
typical suspended ceiling may be used. A com- 
parative estimate of the costs for each type will 
often be an aid in making a decision. The follow- 
ing is a typical example: 


Open wood forms @ .135^ 

Concrete @ .165ff 

Reinforcing steel @ .09^ 


Same in either case. 



Permanent 

Forms 

Itatnovablo 

Forms 

End Caps 

6" Forms 

Trucking 

Placing 

$ .007 
.08 
.01 
.025 
.00 
.01 
.035 
.020 
.00 

$ .007 
.04 Lease 
.015 
.025 
.015 
.020 
.035 
.00 
.115 

Removing 

Hangers 

Lath 

Placing Lath 

Erecting Lath and Channels 

Total Cost 

$0,187 

$0,272 



Difference per sq. ft. 
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It should be remembered that the above figures 
will vary in different localities. The difference in the 
cost of one type from that of the other must be 
weighed against the relative tperite of each method, 
as discussed above. However, the permanent 
forms are probably the more used. 

123. Topical Design. 

The first step in the design of a typical panel is 
to make a careful estimate of the load to be carried 
by the floor construction. The proper live load, 
and the weights of the finish flooring, fill, and ceil- 
ing construction are discussed in Chap. 6. It is 
necessary to anticipate the weight of the slab and 
the joists in advance of their design (Table 44). 
A feature of tile-joist construction is that it is de- 
scribed by the depth of the tile and the thickness 
of the slab, such as 8 + 2, 12 + 2J, etc. 

TABLE 44 

PROPERTIES OP STEEL TILE-JOIST FLOORS 


2" of Concrete over Steel-Tile 


a 

t-4 

a 

a 

Size Steel-Tile . . . 

4' 

6' 

8' 

10' 

12' 

14' 

.9 

1 

J 

Average weight 
per square foot,. . 







I 

34.7 

40.1 

46.0 

53.5 

61.0 

72.6 

*-* 

o 








*8 

d 

Cu. ft. of concrete 







■§ 

3 

per sq. ft. of floor 

.241 

.278 

.319 

.371 

.423 

.505 

it 

d 

Core area % of 







4' 

24' 

Section 

51.8 

58.3 

61.7 

63.0 

63.8 

62.2 



Average weight 
per square foot. . 

36.1 

42.3 

49.4 

57.1 

65.3 

78.4 



Cu. ft. of concrete 









per sq. ft. of floor 

.251 

.293 

.342 

.396 

.452 

.537 

6 ' 

25' 









Core area % of 
section 

49.8 

55.9 

59.2 

60.3 

61.2 

59.7 


2\ ' of Concrete over Steel-Tile 



a 

Size Steel-Tile . . . 

4' 

6' 

8' 

10' 

12' 

14' 

b* 

.9 








! 

i 

Average weight 







o 

per square foot. . 

40.7 

46.1 

52.0 

59.5 

67.0 

78.6 


*3 








■s 

A 

TJ 

5 

d 

3 

d 

Cu. ft. of concrete 
per sq. ft. of floor 

.283 

.32 

.361 

.413 

.465 

.546 

Core area % of 



• 




4' 

24' 

section 

47.9 

54.9 

58.6 

00.4 

61.5 

60.3 





Average weight 
per square foot . . 

42.2 

48.3 

55.1 

63.2 

71.4 

83.3 



Cu. ft. of concrete 







5' 

25' 

per sq. ft. of floor 

.293 

.335 

.382 

.438 

.495 

.579 



Core area % of 
section 

46.0 

52.6 

56.3 

58.0 

59.2 

57.9 


The object of the design is to obtain as thin a 
floor construction as feasible and to obtain the 
maximum economy. The first investigation should 
be based upon the requirements for the shear, as it 
often controls in T-bcam design. The distance be- 
tween the center lines of the girders is established 
by the column center distances. Usually, the maxi- 
mum span in the typical floor is selected as a basis 
for the determination of the joist size, as a common 
ceiling height is generally desired. The reinforce- 
ment in the joists can be varied with the moments 
in the other spans. In this way the number of 
sizes of tile is minimized and the form work in gen- 
eral is simplified. The width of the typical girder, 
or the clear distance between the faces of the fire- 
proofing of the girders, must be assumed. This may 
be temporarily established by a preliminary design 
allowing 2" of protection on each face. The pro- 
jection of the girder is usually made constant 
wherever possible in order to obtain a uniform 
length of pans in the majority of cases. The 
available shear area of a joist is based upon its 
effective depth and its average width (as the tiles are 
usually tapered). Table 45 gives such data. The 
allowable shear is often specified as 60#/o" as a 
maximum.* 


TABLE 46 

AVAILABLE SHEAR AREAS OF JOISTS WITH METAL TILE 


4 + 2} 

31.60' 

10 + 2 

75.0LJ* 

4 4-2 

28.2 

12 4-2} 

98.6 

6 + 2J 

45.5 

12 + 2 

93.8 

6 4-2 

41.8 

14-f21 

128.5 

8 4-2} 

00.8 

14 4- 2 

122.5 

8 4-2 

50.9 

14 4- 3 

132.7 

10 4-2} 

80.0 




Illustrative Prob. 114a. Determine the size of joist as 
governed by shear for a ajian of 13'-7". L.L. 75 #/d'. Typical 
double wood floor construction. 

Assume 6" tile 
L.L. «= 75#/a' 

Fin. Fir. = 3 

Sub Fir. - 3 

2" Cinder Fill = 1(1 
6 4“ 2 Constr. = 42 (Table 46) 

PI. Ceiling = 10 

T.L. - r40#/n' say 150 

Assume 12" width of F.P. of girder and 12" projection 
of flange. 

Shear span * 13'-7" - (0 + 2 X l'-0") - ll'-l" 

25 

Load per ft. on joist « 150 X~ B 312# 

V *= - * _ = 312 X 1L08 k J728# 


* The governing code must be consulted in this respect. 
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, - ~ A e * 41.80" (Table 45) 
b • j • d j • A c 

- 47.3#/o" Shear O.K. 

i X 41.8 

Use 6 + 2 Construction 


for the bending moment are made in the usual way. 
The compression at the supports of the joists will 
usually be satisfactory, and a slight overstress may 
even be allowed, as the strengthening action of the 
flange of the girder is considerable. 


If the shear exceeds the allowable, the design may 
be revised by 

(1) using a deeper joist, 

(2) employing stirrups, or 

(3) using special end tile. 


The first method is usually uneconomical if there is 
sufficient strength for the bending moment. The 
use of stirrups, as suggested in (2), is uncommon 
and undesirable, because such web reinforcement 
would necessarily l>e small and awkward to place 
and hold in position, although § 8 gauge wire stir- 
rups have been used in special instances. For heavy 


(*) 




Fid. 191 

floors, special tapered tile may be used. These are 
available for all depths except the 4". They are 
tapered so that the width of the joist at its ends is 
9", thereby doubling the shear-resisting area, ap- 
proximately. SjHjcial end caps are provided for 
the sizes mentioned. Some companies manufacture 
a double, tapered tile which slopes down 2" from the 
standard height and provides an additional thick- 
ness of concrete of this amount at the top of the 
slab as well as at the sides of the joist where it enters 
the concrete girder. Figure 191 shows an applica- 
tion of such tile. 

The calculations for the size of the joist required 


Illustrative Prob. 128b. Calculate the area of the rein- 
forcement required and check the Rise of the joist for moment, 
for the data of Illustrative Prob. 123a. Use Boston Law. 


Clear span for moment - 13'-7" — (6") = 13 # -1" 


Span partially continuous, use M « ^ ' 

M - 1.2 tu . L* - 1.2 X 312 X (13.08)* - 64,100"#. 
Sc - 715#/d", /, = 18,000#/a", K - 125. 
Breadth of flange = c.c. of joists * 25" * hj. 


JJT.Jj 

V K • bf V 12 


64,001 


125 X 25 


4.54" 


6 + 2 Construction O.K. 
(d - 6 + 2 - 11 = 6.5") 


A s 


M 

' fs - j -d 


64,100 

18, (XX) X l X 6.5 


0.630" 

Use l-}"0 Bent 

1-i”* 


The negative moment should bo provided for in the custom- 
ary way. 

—M = 1.2 w • L* = 64, 100” if (as above) 

— A s = 0.630" Use 1-2"<A from bottom of joist, and 

1-J"0 from joist opposite 


The l>end points are usually made at the quarter-points of 
the respective spans, and the rods are extended to the quarter- 
points of the adjoining spans. 


V _ _ 1728 

j • d • So J X 6.5 X 4.93 


02#/d" 


Bond O.K. 


Temperature rods are used in the slabs, commonly 2"$, 
18" o.c., in the usual manner. 


The design of such construction may be facili- 
tated by the use of tables if the conditions surround- 
ing the design correspond with the table. 

When the partitions occur in a direction parallel 
to the joists, the design must be carefully investi- 
gated. If the partition is light, the joist may be 
strong enough to carry it, as the live load can be 
omitted on the portion of the floor the partition 
occupies. Another method is to use a wider joist, 
but this would usually break up the continuity of 
the joists with the adjoining spans, which is unde- 
sirable. A better method when the partition load 
is heavy is to leave out a pan at such a point and to 
use a flat beam of the same depth as the joists. 
If such a beam is not sufficient, a regular inter- 
mediate beam will have to be used. 

If the joists do not space out evenly across a 
panel, a space must be left adjacent to the beam on 
each side of the panel. This portion of concrete is 
made the same as that of the joists and should be 
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TABLE 46 

SAFE LOADS UNIFORMLY DISTRIBUTED IK LBS. PER SQ FT.* FOR STEEL TILE- JOISTS 

M - 'ZjJ? 

10 

5" Joists 25" o.c. 


4" Steel Tile + 2" Concrete 


Stresses 

f e m 650 lb/CT: 16,000 Ib/Q ' 

f c - 700 lb/O': f s - 18,000 Ib/G' 

f c - 750 lb/CT: f s - 20,000 UvL_T 

RMm 

1664 

2260 

2853 

3570 

4301 

1872 

2542 

3210 

4016 

4839 

2080 

| 2825 

1 3507 

1 4462 

5377 

Steel Area Sq. In 

2812 

3906 

.500 

.6406 

.7812 

2812 

.3906 

500 

6406 

7812 

.2812 




7812 

TF 

Sq. Bar / Straight — 

Sizes \ Bent 

D 

ii 

a 


El 

II 

11 

11 


IB 

11 

El 

D 

gs 

Span Length in Feet 

i 

5 

6 

7 

8 

9 

10 

11 

12 

13 

14 

15 

16 

17 

18 

19 

284 

186 

126 

89 

62 

44 

30 

396 

264 

514 

381 

233 

179 

440 

314 

2:41 

211 

135 

386 

286 

219 

170 

135 

107 

321 

213 

146 

104 

74 

53 

38 

454 

304 

214 

155 

115 

87 

65 

49 

37 

583 

394 

279 

205 

195 

118 

92 

71 

55 

43 

33 

501 

358 

265 

293 

156 

123 

97 

78 

61 

49 1 
39 

436 

326 

250 

195 

155 

125 

102 

83 

68 

54 

44 

30 

364 

241 

.507 

341 

240 

176 

440 

314 

231 

176 

135 

475 

335 

265 

178 

141 

113 

366 
281 
221 
176 
143. 
116 
96 
79 
. 64 

53 
44 
36 

185 

133 

94 

82 

54 

39 

167 

120 

88 

04 

46 

34 

133 

100 

76 

59 

45 

34 

132 

100 

75 

58 

44 

34 

105 

83 

65 

52 

40 

31 

, 

106 

82 

65 

51 

40 

31 

86 

69 

55 

44 

35 

90 

'73 

59 

48 

38 


6 " Steel Tile + 2 " Concrete 


St resses, 

f c = 650 lb/CT: f s - 

16,000 lb/CT 


700ib rr /, - 

18,000 !!>/□• 

u 

- 750 Ib/G r : f s 

- 20,000 

b/CT 

HXIh . . 

4120 

5167 

6250 

7484 



5813 

RQH 

8420 

9888 


5150 

6459 

7812 

9356 

Steel Area Sq. in. 

500 

6106 

7812 

9531 



6400 

7812 

9531 

1 125 


500 

6406 

7812 

9530 

Sq. Bar f 

St might. 

H 

H 


in 

1 l 

1-4 

in 

1 S 


J-l 


1 4 

ii 

11 

11 

Sizes \ 

Bent 

1-1 

1-4 


HI 

1-i 

1-4 

HI 

M 

1-1 

1-1 


1 1 

1 4 

H 

1-1 


10 

156 

206 

258 

318 

381 

180 

237 

296 

363 

433 


206 

268 

333 

408 


11 

122 

1G3 

206 

256 

307 

142 

180 

237 

292 

350 


162 

215 

268 

330 


12 

95 

130 

167 

208 

251 

113 

152 

192 

239 

288 


130 

174 

219 

270 


13 

75 

105 


171 

20S 

.<00 

123 

158 

197 

239 


104 

142 

180 

224 

O 

£ 

14 

59 

85 


142 

173 

72 

100 

130 

165 

H(l!« 


84 

116 

150 

188 

Pm 

15 

46 

68 

HTB 

118 

14« 

57 

82 

mmm 

138 



68 

96 

1 25 

1 158 

.S 

16 

35 

55 

75 

98 

123 

45 

67 

00 

116 

143 


55 

79 

104 

133 

M 

17 


44 

62 

82 

104 

35 

55 

75 

98 

122 


44 

65 


■ ■EH 

bO 

18 


35 

51 

69 

88 


44 

62 

83 

mum 


34 

54 

74 


C 

s 

10 


41 

58 

75 


36 

52 

KB 

89 



44 

62 



20 



33 

48 

63 



42 

mm 

76 



36 

52 

70 

§ 

21 




39 

54 



35 

EH 

66 




43 

60 

c& ’ 

22 





45 





56 




35 

51 


23 





37 




34 

48 





43 


24 










40 





36 


25 




B 






34 







• Weights of floor slab and tilo already deducted. To find safe load per aq. ft., deduct finish flooring, flll.j filing, etc. 

In the above and the following tables. heavy lines are drawn for a vertical shouriug force producing an average shearing stress of GO lb. per sq. in. on tbo 
sonorote. Tapered tile should be used for all loads above and to the right of these lines. 
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TABLE 46 — Continued 



10" Steel Tile + 9" Concrete 


BtrcmseH 

/*- 

OflOlb/O*: f s - 

10,000 lb/rr 

fc * 

700 Ib/Ll f s - 

18,000 lb/cr 

l e - 7so ib/cr /, - 

20,000 lb/cr 

RMm 

8465 

10,280 

12.428 

14,040 

17,141 

9512 

11,505 

13,081 

10,470 

19,284 

10,500 

12,850 

is.6ai 

18,300 

21,417 

Steel Area Sq. In. . . 

0400 

.7812 

.9531 

1 123 

1.328 

0400 

7812 

0531 

1 125 

1 328 

6400 

K 

9531 


1 328 

Sq. H«r / 

Straight 

1-S 

B| 

1-| 

1-1 

■M 

M 

1-5 

isi 

1-1 

1-1 

M 

M 

1-f 

H 

1-1 

Sites \ 

Bent 

H 

III 

1-1 

t! 

HI 

H 

i ! 

1 9 

1-3 

1 2 

i-i 

1-8 

if 

i-} 

H 


10 

319 

437 

541 

047 

767 

400 

499 

615 

735 


451 

561 

690 

822 



11 

279 

353 

437 

525 

625 

321 

402 

499 

598 

713 

363 

454 

560 

670 



12 

225 

msm 

358 

432 

510 

261 

320 

410 

493 

587 

298 

372 

462 

554 

059 


13 

184 

235 

296 

360 

431 

213 

272 

341 

412 

492 

244 

309 

386 

464 

553 


14 

151 

195 

248 

302 

364 

176 

227 

286 

347 

416 

203 

259 

324 

392 

469 


15 

124 

163 

209 

256 

309 

146 

1km 

242 

295 

355 

169 

218 

275 

334 

401 


16 

102 

136 

176 

218 

265 

121 

160 

205 

253 

305 

142 

184 

235 

287 

346 

tp 

17 

84 

114 

150 

187 

228 

101 

135 

178 

217 

204 

119 

157 

202 

248 

300 

ft, 

18 

68 

96 

128 

160 

197 

84 

114 

151 

188 

229 

100 

134 

174 

215 

261 

0 

19 

56 

80 

108 

138 

171 

69 

97 

129 

162 

200 

84 

114 

KFlil 

187 

228 


20 

44 

66 

92 

119 

149 

57 

82 

111 

141 

175 

70 

97 

130 

163 

200 

JS 

21 

35 

55 

78 

103 

130 

46 

69 

95 

122 

153 

58 

83 

112 

143 

177 

BC 

c 

22 


45 

67 

88 

113 

37 

58 

82 


135 

48 

71 

98 

125 

157 

s 

23 


36 

56 

76 

98 


48 

70 

93 

118 

39 

60 

84 

109 

138 

a 

24 



46 

65 



39 

59 


104 


KM 

72 

96 

122 

«8 

p 

25 



39 

55 




51 

69 

91 


42 

62 

84 

108 

m 

26 




47 




42 


80 


34 

53 

73 

95 


27 




40 




35 

51 

70 



45 

64 

1 84 > 


28 









44 

61 



38 

55 

74 


21) 





41 




37 

53 




47 

65 


30 










46 




41 

56 . 


31 










39 




34 

50 


32 














1 

43 


33 


i 













38 
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11" Steel TUe 4- 1" Concrete 
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V 


f e - 050 Ib/O': /, - 16,000 Ib/O* 


f c - 700 Ib/O*: /, - 18,000 lb/O' 


S c - 780 Ib/O': /, - 20.000 lb/O* 
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reinforced with a proportionate number of typical 
joist rods (note spaces cm PI. 14). 

Prob. 128c. Check the reinforcement required for the 
joist spans shown on the left portion of PI. 14. Use data of 
Illustrative Prob. 123a. 

Prob. 123d. Calculate the size of joists required for a 
span of lG'-O" between beams. L.L. = 60 #/cj'. Typical 
construction. Check your results by Table 4G. 

Prob. 128e. Provide an arrangement when the typical 
joist in Illustrative Prob. 123a has to carry a 3" T.C. partition 
plastered both sides and 9 # -0" high. (Omit the live load for 
a l'-O" width.) 

124. Design Examples. 

In order to provide a review of the principles 
involved in the design of steel tile-joist construction, 
the sizes shown in the panel determined by the 
columns 33, 34, 44 and 46 on PI. 14 should be checked 
up. 

Prob. 124a. Design a typical interior panel of steel tile 
joist construction to carry a L.L. of flOf/n'. Panel 18'-0" 
square. Use 8" tie beam Ix'tween the columns parallel to the 
joists. Use Joint Committee Hides. 


125. Two-Way Construction. 

The usual one-way system may be extended to a 
two-way constriction by the use of what are called^ 
“ floor domes ” or “ tin pan ” construction. Thes^i 
are similar to the common steel tile except that tbiiy 
are square and have four closed sides instead of +wo. 
They arc made of #16 gauge metal and are either 
6" or 8" high. Their size is 20" X 20" effective 
so that the joists are 25" o.c. each way. Such 
construction is not common for the usual floor, 
but they have been used in a modified flat slab 
construction which is sometimes called the Grid 
System. The reason that the two-way system is not 
common for ordinary floors is that not enough ad- 
vantages over the one-way construction are gained, 
and furthermore a solid wood form is required for 
its construction support. However, the design may 
be made in a manner similar to that of two-way 
solid slabs (Art. 145), embodying the special features 
of the tile-joist framing, as described for one-way 
framing. 


Section 8e 

CLAY TILE- JOIST CONSTRUCTION 


126. Typical Construction. 

Another form of tile-joist or ribbed slab construc- 
tion employs terra cotta blocks to produce the voids 
between the joists and is similar to that discussed 
in Sect. 8d. Figure 192 * shows a typical view of 
this construction. Compared with metal tile-joist 
construction, it offers the advantage of a more 
fire-resisting structural floor, as the clay tile remain a 
permanent part of the floor, and add considerable 
stiffness. Another advantage; is that the terra 
cotta blocks are not as easily deformed by careless- 
ness as steel tile are. Disadvantages sometimes 
claimed are that the terra cotta blocks get out of 
line before the concrete is cast, that they arc more 
apt to break, and that the dead weight of the floor 
is greater than when steel tile are used, thereby in- 
creasing the cost of the floor and the supporting 
frame. It is more difficult to seal the joints and 
prevent leakage of concrete, and the blocks tend to 
absorb water from the concrete. If the ceiling of 
such construction is subjected to a severe fire, 
the unequal expansion of the concrete and the 
terra cotta may cause the webs and walls of 
the blocks to shear and this would allow the bottoms 
of the blocks to fall out. 

Figure 193 illustrates a typical section of the 
construction of this floor. The joists are usually 

* Courtesy of the National Fireproofing Co. 


made 4" wide, and since the common structural 
terra cotta blocks are 12" X 12" in plan, the joists 
are 16" o.c., although 5" and 6" joists may be used. 
The slab is generally made 2" thick, although 2£" 
and 3" may be used. The depth of the joists is 
varied according to the loads and the spans, to con- 
form to the standard thicknesses of the blocks which 
arc 3" to 10" inclusive by 1" increments, 12" and 
15" deep, the 4", 6", 8", 10" and 12" blocks being 
more common. The semi-porous grade of terra cott a 
is usually employed as it is more fire-resistant than 
the hard burned grade, although it is not quite as 
strong. At the faces of the girders, the ends of 
the tile should be closed off with end tile, cardboard, 
or plaster of Paris, to prevent the concrete from en- 
tering the “ dead spaces ’ 1 or voids. Figure 1 93 shows 
two alternate details at the bottoms of the joists, 
— that in (a), a plain concrete soffit, and that in 
(ft), the use of soffit tile. The latter is preferable in 
order to prevent the “ joist lines " from showing in 
the finished ceiling, as discussed in Art. 122. Such 
blemishes are more liable to occur in this construction 
than when metal tile is used, as the terra cotta 
absorbs the moisture from the plaster at a different 
rate than the concrete. The soffit tile is 1" thick 
and is scored on both sides to secure bond between 
the concrete and the tile and also between the tile 
and the plaster. An important feature from a 
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design standpoint is that the effective depth of the 
joist is decreased 1" if soffit tile are used. This is 
a disadvantage from the standpoint of economy 
iut it is very desirable from a construction point of 
‘ iw. 


3" 

14# 

8" . . . 

....30# 

4 

16 

9 

...33 

5 

20 

10 

....35 

0 

22 

12 
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16 

. . . .48 
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(« 

Fig. 192* 


127. Typical Design. 

The design of terra cotta tile-joist construction is 
quite similar to that discussed when metal tile Is 
used (Art. 123). As in any case, the dead load 
corresponding to the weight of the floor construction 
must be determined. The loads imposed by the 
finish flooring, the fill if used, and the ceiling are 
calculated in the usual manner. The weights of 
terra cotta blocks are as follows: 



* Courtesy of National Fireproofing Co. 
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These values are used in obtaining the weight of 
the structural floor. However, the weight of the 
terra cotta blocks, the slab and the joists is more 
conveniently expressed as a definite load per square 
foot of floor area. Table 47 gives these values in a 
usable form. 


Stirrups are awkward to place and to hold in post 
tion, and only very small sectional areas of stee 
arc required. This method is not advised except ii 
extreme cases. The second method provides add! 
tional shear resisting area by using 8" X 12" tile, tis 
shown in plan in Fig. 194 (b). The number of sr*eh 


TABLE 47 

WEIGHT OF T.C. TILE-JOIST CONSTRUCTION 
(Lbs. per Sq. Ft.) 

Thickness of Tile. . . 3 in. 4 in. 5 in. 6 in. 7 in. 8 in. | 9 in. 10 in. | 12 in. | 15 in. 


2-in. Concrete Top — 4-in. Joists, 10-in. on centers 


Weight per sq. ft. of floor area. . 

451b. 



601b. 

05 lb. 

70 lb. 


8011). 

90 lb. 

lOSlb 

Cu. ft. concrete |mm* sq. ft. floor . 

: 

0.229 

1 

0.250 

0.271 

0.292 

0.313 




0.417 

0.479 


2J-in. Concrete Top — 4-in. Joists, 10-in. on centers 


Weight per sq. ft. of floor area . 

51 lb. 

56 lb. 

61 lb. 

661b. 

71 lb. 

70 lb. 

81 lb. 

86 lb. 

961b. 

111 lb. 

Cu. ft. concrete per sq. ft. floor.. 

0.271 

0.292 

0.313 

0.333 

0.354 

0.375 

0.306 

0.417 

0.458 

0.521 


The first step in the design is to determine the 
depth of the joist required by shear, as T-beams are 
often controlled in size by this stress. The effective 
width of the shear resisting area is usually based 
upon the following: 


SPECIFICATION CLAUSE 

The shearing stress 


(j. c.) 

in tile-and-concrete- 
bearn construction shall not exceed that in 
beams or slabs with similar reinforcement. The 
width of the effective section for shear, as 
governing diagonal tension, shall be taken as 
the thickness of the concrete web plus one-half 
the thickness of the vertical webs of the tile. 

This width is indicated in Fig. 194 (a). The reason 


tile required at the ends of the joists may be found 
by determining the distance from the support where 
the ordinary joist section is sufficient to resist the 

Fffecftr* Shear Area 

77 $ 

tA — I 


scored, so 

that the concrete contained within the ! 

i 

I 

1 



— 

scoring as 

well as a part of the outside walls of the j 

1 — 
1 

♦ - - 
I 

LJ 

a 

S3 


blocks is effective in resisting shear. These walls 
are usually J" thick in the common blocks. The 
allowable shearing stress for such areas is often 
specified as 60 #/d".* 

If the actual shear exceeds the allowable, it may 
be reduced to within allowable limits by the follow- 
ing methods: 

(1) Web reinforcement in the form of small 
vertical stirrups may be used. 

(2) Special narrow tile at the ends of the joists 
may be employed. 

(3) The depth of the joist may be increased. 




shear. This method provides a more definite resist- 
ance to shear, and also offers additional resistance to 
compression adjacent to the supports. The third 
method, that of increasing the depth of the joists y is 


* Consult the governing code. 
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the most commonly used in commercial practice, as 
the special tile required in method (2) are often 
difficult to obtain, and special formwork is often 
necessary to support them. The increased depth is 
wo of value in resisting compression, and the re- 
qAgdarea of the reinforcement will be proportion- 
atclylfeia. 

When of joist has been selected which is 

satisfactory for the requirements of shear, the depth 
of the joist should be checked to show sufficient 
resistance to thq bending moment. The tensile 
reinforcement should then be selected. Since the 
span in the design of members in monolithic con- 
struction is usually taken as the clear distance be- 
tween the supports, that for the moment calculations 
in tile-joist construction may be taken as the dis- 
tance between the faces of the girder encasement. 
The breadth of the flange of the T-joist section is the 
spacing of the joists. For deep joists and 2" slabs, 
the neutral axis of the section may theoretically be 
located below the flange, but the theoretically 
exact formulas are seldom employed in com- 
mercial design, and particularly in joist design, 
where the loads and sections are relatively small. 
The location of the neutral axis, as far as the actual 
compression resistance is concerned, compared with 
the theoretical position, is illustrated in Fig. 194 (c). 
The bend points of the rods and their lengths of 
embedment to develop bond are determined in the 
customary manner. 

In many cases, the sizes of the joists, together with 
their reinforcement, may be selected from tables, 
if the conditions surrounding the design correspond 
with the table. Tables 48 and 49 are represent- 
ative of such forms of determining the required 
sizes. 

The design of the supporting beams and girders 
is similar to that discussed in Art. 123. It is claimed 
erroneously that no temperature rods are required in 
the slab when clay tile are used, as the heat iar not 
transmitted so as to accumulate at points, as is the 
case when metal tile arc used. It is wise to provide 
0 rods, 24" o.c. in all cases. 

Prob. 127a. Substitute for the sizes of the joists shown on 
PI. 14 for the typical interior panel for the shear requirements, 
using terra cotta tile and 4" joists. 

Prob. 127b. Proportion the joist for the bending moment 
for the data of Illustrative Prob. 123a. 

Prob. 127c. What sizes of joists and reinforcement arc 
required to carry a live load of 75 #/d' on an 18'-0" span? 
Typical construction with soffit tile. Use J. C. Rules. 

Prob. 127d. Check the sizes and reinforcement for the 
remaining joist spans shown on PI. 14 for terra cotta tile joist 
construction. Use data similar to Illustrative Prob. 123a. 
Check by the use of Table 49. 

Prob. 127e. Design the typical supporting girder for 
Prob. 127c. 

Prob. 127f. Design the girders shown on PI. 14 for the data 
of Prob. 127d. 


128 . Two-Way Construction. 

The one-way system of terra cotta tile-joist 
construction may be extended to two-way framing, 
if desirable. Figure 195 illustrates the typical 
construction. The joists are usually made 4" wide 
with skew and key terra cotta blocks between them, 
as shown, makjng the spacing of the joists 28" o.c. 
in each direction. The typical 2" slab, finish floor- 
ing, and ceiling construction are used as before. 
Cross beams should be used on all column center- 
lines. 



Fiu. 195 


This construction is not as commonly used, as the 
advantages gained are not sufficient in comparison 
with one-way systems, particularly for long spans, 
as the percentage of “ inert ” material is less. Some 
terra cotta companies have discontinued the manu- 
facture of the special blocks required for this work. 
Since the load is carried in two rectangular directions, 
the depth of the joists, and consequently the thick- 
ness of the floor, is less for a given load and span. 
The proportions of the load carried in each direc- 
tion may be established by the principles outlined 
in Art. 107, and the loads carried by the supporting 
girders or walls on the four sides of the panels may 
be determined in the manner discussed in Art. 
145. The design of the individual joists in each 
respective direction is similar to those in one-way 
construction. Table 50 gives data which will often 
save time and calculations. 

A patented type of floor construction is the Republic Two- 
Way system,* as illustrated in Fig. 19(3. In general, it con- 
sists of rectangular terra cotta blocks supplemented by 
cliannel and soffit blocks in such a way as to produce joists 
in two directions at right angles to each other, os shown. 
These blocks automatically siw.ee themselves and the channel 
sections close the entls of the rectangular pieces, thereby pre- 
venting the inflow of concrete into the voids. The soffit 
blocks provide an all tile ceiling Iwse and hence eliminate the 
tendency of “ joist-lines ” showing. They also aid in pro- 
tecting the concrete, and two-coat plaster work may be used. 
It is claimed that the salvage of the form lumber is high be- 
cause practically no concrete is allowed to come in contact 
with it. 

The lower reinforcing rods are placed upon the sides of 
* Republic Fireproofing Company, Inc., New York City. 
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TABLE 48 

SAFI mnVDXMLT DISTRIBUTED LOADS FOR TERRA COTTA TILE- JOIST COHSTRUCTIOIT 

t" Concrete Top 

fc - 650 lb. per sq. in. Ec 1_ ■ }" of concrete below reinforcemen 

ft - 16,000 lb. per nq. in. Es " 15 4" concrete joists 16" on centers 


. u 


Bending 

Moment 


Total Safe Loads (Dead dc Live) 


WL 

12 

150 

165 

180 

195 

210 

D 

240 

260 

D 

335 I 
1 



, o /5 

450 

W-L 

10 

125 

135 

150 

160 

175 

185 

D 

220 

250 

D 

310 

375 

WL 

0 

110 

120 

135 

145 

155 

170 

180 

195 

225 

250 

' 280 

335 

W-L 

8 

100 

110 

120 

130 

140 

150 

160 

175 

D 

225 

250 

300 

Span fl'-O" 




19 

!9 

3/ 

/.10 

3/ 

/. 20 

3/ 

/. 22 

3/ 

/ .20 

3/ 

/ .20 

3/ 

/ .32 

3/ 

/ .30 

« 7'-0" 

fjjiglgjS 

3/ 

3/ 


ra | 

3/ 

3/ 

3/ 

3/ 

3/ 

3/ 

4/ 


/-to 

/ -21 

■EH 


/ .26 

/ -28 

/.32 

/ .35 

/.38 

/.44 

/ -42 

“ 8'-0" 

3/ 

3/ 

3/ 

3/ 

3/ 

3/ 

3/ 

3/ 

3/ 

4/ 

4/ 

4/ 

/ .23 

f .25 

/ .27 

/ .30 

/ .32 

/ -34 

/.37 

/.40 

/.46 

/ -41 

/.46 

/.56 

• 9'-0" 

3/ 

3/ 

3/ 

3/ 

3/ 

3/ 

3/ 

4/ 

4/ 

4/ 

4/ 

5/ 

,/.29 

/. 32 

/ -35 

/. 37 

/ .39 

/ -41 

/ -43 

/ .40 

/.46 

/ .52 

/ -58 

/ -57 

“ l 0'-0" 

3/ 

3/ 

3/ 

3/ 

4/ 

4/ 

4/ 

4/ 

4/ 

5/ 

5/ 

5/ 

/.30 

/.39 

/ .43 

/. 46 

/.40 

/.43 

/.46 

/.50 

/ -57 

/ .53 

/.59 

/ -71 

« ll '-0" 

3/ 

3/ 

4/ 

4/ 

4/ 

4/ 

4/ 

4/ 

5/ 

5/ 

5/ 

6/ 

/•43 

/ .47 

/. 42 

/ .45 

/ -48 

/.52 

/.55 

/ -61 

/ -57 

/.64 

/.72 

/.73 

« l 2 ' J 0 " 

V . 

4/ 

4/ 

4/ 

4/ 

6/ 

5 / 

5/ 

5/ 

6/ 

6/ 

7/ 

/M 

/.45 

/.49 

/.53 

/.58 

/.si 

/.55 

/.60 

/.68 

/. or . 

/ .72 

/.78 

“ 13'-0" 

4/ 

4/ 

4/ 

5/ 

5/ 

5/ 

5/ 

5/ 

6/ 

6/ 

7/ 

8/ 

/• 48 

/ .53 

/.58 

/ .52 

/.56 

/.eo 

/.64 

/.70 

/ .68 

/.77 

/.70 

/.80 

« 

4/ 

V 

6/ 

5/ 

6/ 

5/ 

6/ 

6/ 

6/ 

7/ 

8/ 

9/ 

,/.56 

/ .61 

/.56 

/ .00 

/.0 B 

/.69 

/.63 

/.69 

/ .70 

/ .79 

/ .78 

/ .85 

“ 15'-0" 

5/ 

5/ 

6/ 

5/ 

6/ 

6/ 

6/ 

6/ 

7/ 

8/ 

8/ 

10/ 

/.» 

/ .53 

/.64 

/ .69 

/.63 

/.68 

/. 72 

/ .70 

/ -81 

/ -81 

/.89 

/.88 

* 16'-0" 

5/ 

5/ 

5/ 

6/ 

6/ 

6/ 

7/ 

7/ 

8/ 

9/ 

9/ 

12/ 

/.60 

/ .68 

/. 72 

/ .67 

/ .72 

/ .77 

/ -74 

/ -81 

/ -81 

/ .84 

/.93 

/.83 

“ 17'-0" 

5/ 

6/ 

6/ 

6/ 

6/ 

7/ 

7/ 

8/ 

9/ 

10/ 

10/ 

12/ 

/.68 

/.64 

/ .70 

/.75 

/ .81 

/ .73 

/ .83 

/.80 

/ -84 

/ -84 

/.94 

/.93 

“ 18'-0" 

6/ 

6/ 

6/ 

7/ 

7/ 

8/ 

8/ 

8/ 

9/ 

10/ 

12/ 

15/ 

/.65 

/. 72 

/ .73 

/ .70 

,/.82 

/ .77 

/ .82 

/.90 

/.94 

/.95 

/ .87 

/ .83 

“ 19'-0" 

6/ 

6/ 

7/ 

7/ 

8 / 

8 / 

9/ 

9 / 

10/ 

12/ 

12/ 

15/ 

/ -73 

/.80 

/ .73 

/.84 

/.SO 

/.86 

/ -84 

/ .02 

/ .as 

/ .87 

/.97 

/.93 

“ 20'-0" 

6/ 


8 / 

8 / 

8 / 

9 / 

0/ 

10/ 

12/ 

12/ 

15/ 

15/ 

/ .SI 

HB9 

/.7 f » 

/.82 

/.so 

/ -87 

/ .03 

/ .91 

/.86 

/ .07 

/.86 

/1.03 

* 21 '-0" 

7/ 

'.79 

8/ 

8/ ' 

8/ 

0/ 

10/ 

10/ 

12/ 

12/ 

15/ 

15/ 


/ .77 

/ .35 

/ 91 

/ .30 

/.86 

/ .02 

/.83 

/.95 

/. a 5 

,/.94 


“ 22'-0" j 

»/ 

8/ 

9 / 

0/ 

10/ 

10/ 

12/ 

12/ 

157 

15/ 

15/ 


/ .77 

/. S 4 

,/.84 

/ .01 

/.88 

/ .94 

/.83 

/.91 

/ .83 

/ .03 

/1.04 


“ 23'-0" 

«/ 

9 / 

9 / 

10/ 

10/ 

12/ 

12/ 

12/ 

15/ 

15/ 



/.84 

/ . 84 

/-Of 

/.so 

/.96 

/ .86 

/.91 

/ .99 

/.90 

/ 1 .02 



* 24'-0 ,/ 

9 / 

9 / 

10/ 

12/ 

12/ 

12/ 

12 / 

15/ 

15/ 




/.84 

/.92 

/.90 

/ .80 

/.87 

/.93 

,/.99 

/ .87 

/.99 




“ 25'-0" 

9 / 

10/ 

12/ 

12/ 

12/ 

12 / 

15/"' 

15/ 

15/ 

Uli 



/ -91 

,/.89 

/.81 

/.87 

/ .94 

/1.0 

/.80 

/ .04 

/1.07 





The upper figured in tnbleH denote the depth of tile; the lower figures indicate tho area of reinforcing steel required in each ooncrete joist. Thickness of 
floor ■* depth of tile -f 2' of concrete top. 

This table and tho one on the following page are so arranged that they can bo used for floor slabs freely supported at both ends, semi-continuous, or con- 
tinuous. 

W • L 

For slabs freely supported at both ends (simple span), use load given opposite — g— • 

W ’ I* W * It 

For slabs freely supported at one end and continuous ovor othoi support, use loads given opposite , or if building code permits, - . 

For slabs continuous ovor both supports, use loads given opposite , or if building oodo permits, - • 

For semi-continuous and continuous spans proper reinforcement must t>o provided in top of slab over support to take care of negative bending moment. 
Where heavy loads and short spans are encountered, the vertical and longitudinal shear must be investigated. 
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TABLE 40 

i>; « SAFE UNIFORMLY DISTRIBUTED LOADS FOR TERRA COTTA TILE-JOIST CONSTRUCTION 

| 1" Concrete Top 

:'\fc m 700lD^Der aq. in. Ec \ i * n * °f concrete below reinforcement 

. /, * 18,000 iWYW aq. in. sr : - tt? *4 in. < 

" : Shear 60 lb. per aj. in. 


Es 15 


concrete joiata 16 in. on centers 


Bonding 

Moment 

\ Total Sab Load. (Dead St Live) 

WL 

12 

m 

165 

180 

105 

210 

225 

240 

1 

300 

335 

375 

450 


125 

135 

150 

160 

175 

185 

O 

220 

250 

280 

310 

375 

W-L 

8 

100 

110 

120 

130 

140 

150 

160 

175 

PB 

225 

250 

300 

Span 6'-0" 






3/ 

/.IS 

3/ 

/.20 

3/ 

/ -21 

3/ 

/ .25 

3/ 

/ .28 

4/ 

1.24 

4/ 

/.29 

« 7'-0" 

3/ 

/ - 17 

3/ 

/.IS 

3/ 

/.20 

3/ 

/. 22 

3/ 

J .25 

3/ 

/. 25 

3/ 

/ -27 

3/ 

/.29 

3/ 

/.33 

4/ 

/.30 

4/ 

/.33 

5/ 

/ .33 

“ 8'-0" 

3/ 

/ .22 

3/ 

/ -24 

3/ 

/ .20 

3/ 

/ -28 

3/ 

/ .30 

3/ 

/ -33 

3/ 

/ -35 

3/ 

/.38 

4/ 

/ -34 

4/ 

/.39 

V 

/. 35 

6/ 

/.36 

« 9'^)" 

3/ 

/ .28 

3/ 

/.30 

3/ 

/.33 

3/ 

/.36 

3/ 

/.39 

■H 

WgraB 

3/ 

/ .44 

4/ 

/.38 

4/ 

/ -43 

6/ 

/.40 

5/ 

/ .45 

6/ 

/.46 

a lO'-O" 

3/ 

/ .34 

3/ 

/.37 

3/ 

/ -41 

3/ 

/ .44 

4/ 

/.38 

■M 

4/ 

/. 43 

4/ 

/ .47 

5/ 

/ .44 

5/ 

/. 50 

0/ 

1.47 

7/ 

/.49 

“ lVmQ „ 

3/ 

/.« 

4/ 

/.36 

4/ 

/.39 

4/ 

/ -42 

4/ 

/ .45 

4/ 

/.49 

4/ 

/. 52 

5/ 

/ .47 

mm 

0/ 

/.si 

7/ 

/.50 

8/ 

/.53 

U 12 '_o" 

4/ 

/.39 

4/ 

/ -43 

4/ 

/.46 

4/ 

/.50 

4/ 

/. 54 

■V 

/ -48 

5/ 

/.51 

6/ 

/ .50 

0/ 

/ .54 

7/ 

/ .53 

1 

9/ 

/ .56 

a 13 ^// 

4/ 

/.45 

4/ 

/.SO 

4/ 

/ .54 

5/ 

/.49 

6/ 

/ .52 

5/ 

/.5fl 

5/ 

/.60 

5/ 

/ .00 

0/ 

/ .04 

Bfl 

8/ 

1 .02 

9/ 

/.68 

« 14'-0" 

4/ 

/ •33 

5/ 

/ .48 

6/ 

/. 52 

5/ 

/ .50 

5/ 

/ .61 

5/ 

/.65 

6/ 

/.59 

0/ 

/ .05 

mm 

8/ 

/ .04 

9/ 

/.04 

10/ 

/.70 

* 15'-0" 

5/ 

/ -50 

5/ 

/.55 

6/ 

/.00 

5/ 

/.G5 

6/ 

/.60 

«/ 

/.64 

6/ 

/.68 

0/ 

1.74 

7/ 

/.74 

8/ 

/ -74 

10/ 

/ .07 

12/ 

1.07 

« 

5/ 

/ .57 

5/ 

/. 62 

5/ 

/ .68 

6/ 

/.63 

6/ 

/.68 

6/ 

/ .72 

6/ 

/ .77 

mm 

8/ 

/. 74 

9/ 

/ -75 

10/ 

/.76 

12/ 

1.77 

« 17'-0" 

mm 

6/ 

/.60 

6/ 

/.es 

6/ 

/ -71 

0/ 

/ -76 

mm 

7/ 

/.76 

7/ 

/ .83 

8/ 

/ .84 

9/ 

/.85 

10/ 

/.85 

12/ 

/.86 

“ 18'-0" 

6/ 

/-©l 

6/ 

/.67 

6/ 

/ .73 

6/ 

/.79 

7/ 

/ .74 

7/ 

/.80 

7/ 

1.85 

8/ 

/. 82 

9/ 

/.84 

10/ 

/.86 

12/ 

/ .81 

15/ 

1.78 

“ 19'-0" 

6/ 

/.68 

6/ 

/ -75 

7/ 

/ -71 

7/ 

/.77 

7/ * 
/.83 

7/ 

/.89 

8/ 

/ -84 

8/ 

! .02 

0/ 

'/.94 

10/ 

/ .06 

12/ 

/.90 

15/ 

/.88 

« 20'-0" 

6/ 

/■75 


7/ 

1 .70 

7 / 

/.85 

7/ 

/ .02 

8/ 

/ .87 

8/ 

/.93 

9/ 

/ .91 

RHM 

12/ 

,/.90 

12/ 

/l. 00 

15/ 

/.97 

“ 21 

7/ 

/ .72 

7/ 

/ .80 

7/ 

/ .87 

8/ 

/.83 

8/ 

,/.0O 

8/ 

/.96 

9/ 

/. 92 

9/ 

/1.00 

10/ 

/1 .04 

12/ 

/.99 

15/ 

/ .89 

15/ 

/1 .06 

« 22'-0" 

7 / 

/.79 

7 / 

/• 87 

8/ 

/ -84 

8/ 

/ .91 

8/ 

/.98 

9/ 

/ .05 

10/ 

/.92 

10/ 

/1.00 

12/ 

/ .07 

12/ 

/1 .00 

15/ 

/.98 


“ 23'-0" 

7/ 

/ .87 

8/ 

/ .85 

8/ 

/ .02 

8/ 

/l .00 

9/ 

/ -97 

■EM 

NB 

10/ 

/1 .00 

10/ 

/1 .09 

12/ 

/1 .05 

15/ 

/.96 

15/ 

/I 06 


“ 24'-0" 

8/ 

/ -84 

8/ 

/.92 

8/ 

/1 .00 

Efiji 

10/ 

/. 95 

10/ 

/1 .02 

10/ 

/1 .09 

12/ 

/l. 00 

12/ 

/i in 

15/ 

/l. 04 

15/ 

/1 .16 


« 25'-0" 

8/ 

/-01 

8/ 

/1.00 

9/ 

/.98 

10/ 

/.96 

10/ 

/1 .03 

|||gn 

12/ 

/1.00 

12/ 

/1 .00 

15/ 

/1 .01 

15/ 

/1 .13 




For notes, see Table 48. 
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TABLE 50 

TWO-WAY COMBINATION LONG SPAN FLOORS 

Data for Designing Purposes 

The load tabled are for general information only, as each particular operation should be designed ip'accordance with 
actual conditions. ^ 

1" Concrete Top 

f c = 700 lb. per square inch J" of concrete bely w reinforcement 

f s — IS, 000 lb. per square inch 4" concrete joists 28" on centers 

WL 

12 W Part of load taken in each direction 


M 
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the soffit blocks, hence fixing their position in the short 
direction. The upper bars are placed so that they are sup- 
ported by the lower ones, running in the opposite direction. 
Distinct advantages are gained in the small depth of floor 
quired, as it is stiffer than a oneway system because the 
|flection in one direction is restrained by the resistance in 
other direction. A load produces reactions at every 




upon as equivalent poured concrete for shear and compressive 
values. The design of such a floor includes the blocks as a 
part of the effective concrete, f Lugs on the blocks are used 
to develop bonding action. An advantage claimed is that 
the bottoms of the blocks serve as T-action for the joists 
near the supports to supply compressive resistance. 

Another type of two-way reinforced hollow tile floor is the 
Shuster system. This is a patented system which is similar 
to other types with special features, t 


129. “ Natcoflor ” Systems. 

A patented system embodying the use of special 
terra cotta blocks and cement grout joists is called the 
“ Natcoflor ” tile system, as illustrated in Fig. 197. 
No concrete slab is used such as in the typical floor, 
and this system was developed to obtain the maxi- 
mum sectional area of the tile where it will be of the 
most use in resisting the compressive stresses ordi- 
narily taken by the concrete top slab. The dead 
weight of the floor itself is less than the typical terra 
cotta tile-joist floor, although the cost is about the 
same, but the saving effected is in the design of the 
supporting members. Floor depth, as well as dead 
load, is saved, as this system averages 2" to 4" less 
than other tile floors. An all tile ceiling for the 
plastering base is available, requiring no metal lath 
or a suspended ceiling. As the tile blocks Join at 
the bottom, there is no danger of “ joist lines ” 
appearing in the ceiling later. Such construction 
may be combined with I-beams, as shown in the 
figure, or with concrete T-bcams. Table 52 gives 
the essential features of the design. 


point of support in a two-way system and hence moving loads 
are better distributed. In this way the loads on walls and 
footings are respectively lighter and some economy can be 
effected. The terra cotta blocks are counted upon for no 
strength, which is additional protection. The concrete is 
stressed in two directions. Due to the restraint, a higher 
safe stress might be possible, but since this is practically in- 
determinate, the usual allowable compressive stress ha the 
concrete should be used. However, the live load per square 
foot inay l>e reduced (Art. 93). 

The rectangular blocks are 12" X 12" in plan and come in 
4", 5", (»", 8", 10" and 12" depths. The soffit blocks and 
channels are about 5" wide and the distances center to center 
of joists are then about 17". Joists are doubled under par- 
titions. The system inay l>e used with either a structural 
steel or reinforced concrete frame. Table 51 gives safe loads 
for this construction. 'These ore given only as a guide to 
approximate conditions, as many codes have governing 
stipulations. 

Instead of using the terra cotta fillers, “ Slag block ” is 
employed as un alternate for such construction, as well as in 
one-way ribbed slabs. These are 1(5" square in plan and of 
varying depths, and are made of p slug concrete. The object 
of these blocks is not only to replace the terra cotta as a void 
producer, but tests have shown that they may be counted 

* Patentee* by the Republio Fireproofing Co., Now York City. 

t This system, as well as others, has not as yet been aooepted by all 
building departments. The designer, in any instance, should determine 
this point for a given locality. 


130. The Use of Gypsum Tile or Cinder Concrete 
Blocks. 

Gypsum tile are occasionally used as an alternate 
method of providing the voids in tile-joist construc- 
tion, although they are not as commonly employed 
as steel tile or terra cotta blocks. The gypsum 
blocks provide a lighter filler than clay tile, offer a 
satisfactory plaster base, and good heat and sound 
insulation. The blocks are readily cut in the field 
to make adjustments. The standard width is 20", 
and the joists arc made 4" to 6" wide with a typical 
2" top slab. An objection to such filler blocks is 
that they require careful handling. Figure 198 («) 
shows one form of construction, and (6) illustrates 
the details of the L-lock floor tile, manufactured by 
the Ellock Corporation, Buffalo, N. Y. Special 
tile ends or plaster boards are used to close the open 
ends of the tile and thus eliminate the waste of 
concrete. The design of such construction is similar 
to that of other one-way tile-joist systems. Cinder 
concrete blocks arc now also used in a similar way. 

t Data for this type of floor may bo obtained from the Jno. T. McCoy 
flalee Corp., 64 Nassau St., New York City. 
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TABLE 51 


SATE LIVE LOADS FOR "REPUBLIC" 1-WAY FLOORS 


Panel 

Bise 

40# 

60# 

76# 

100# 

— r 

| / l20 * 

Simply 

Bupp. 

Partly 

Cont. 

Fully 

Cont. 

Simply 

Bupp. 

Partly 

Cont. 

Fully 

Cont. 

Simply 

Bupp. 



Simply 

Bupp. 

Partly 

Cont. 

Fully 

Cont. 

V 

Simply 

Bupp. 

Partly 

Cont. 

Fully 

Cont. 

16'-O"X10M)" 

4+1} 

4+1 

4+1 

4+2 

4+1} 

4+1 

4+2 

4+2 

4+1} 

4+2 

4+2 

4+2 

4+2} 

4+2 

4+2 

16'-0"X18'-0" 

4+2 

4+1} 

4+2 

4+2} 

4+2 

4+1} 

5+2 

5+2 

4+2 

4+2} 

4+2 

4+2 

5+2} 

4+2} 

4+2} 

16'-0"X21'-0" 

6+2 

4+2 

4+2 

6+2 

6+2 

4+2 

6+2 

6+2 

4+2 

6+2 

6+2 

4+2 

6+2 

6+2 

6+2 

18'-0"X18'-0" 

5+2 

4+2 

4+1} 

5+2 

4+2 

4+1} 

5+2 

5+2 

4+2 

5+2 

4+2} 

4+2 

5+2} 

5+2 

4+2} 

18'-0"X20'-0" 

5+2 

4+2 

4+2 

5+2 

4+2} 

4+2} 

5+2} 

5+2 

4+2} 

6+2 

5+2} 

| 6+2 

6+2 

5+2} 

5+2 

18'-0"X24'-0" 

5+2 

4+2} 

4+2 

5+2} 

5+2 

4+2} 

6+2 

5+2 

5+2 

6+2} 

5+2} 

5+2 

6+2} 

6+2 

6+2 

20'-0"X20'-0" 

5+2 

4+2} 

4+2 

5+2} 

5+2 

4+2 

5+2} 

5+2 

4+2} 

5+2} 

5+2 

4+2} 

6+2} 

5+2} 

5+2 

20'-0"X22'-0" 

5+2} 

4+2} 

4+2 

5+2} 

5+2 

4+2} 

6+2 

5+2} 

6+2 

6+2} 

6+2 

5+2} 

7+2 

6+2 

5+2} 

20'-0"X27'-0" 

6+2 

5+2 

4+2} 

6+2} 

5+2} 

5+2 

6+2} 

6+2 

5+2} 

7+2} 

6+2} 

6+2 

8+2 

7+2 

6+2} 

22'-0"X22'-0" 

5+2} 

5+2 

wm 

6+2 

5+2 

4+2} 

6+2 

5+2} 

5+2 

6+2 

5+2} 

5+2 

7+2} 

6+2} 

64-2 

22'-0"X25'-0" 

6+2} 

5+2} 

5+2 

7+2 

6+2 

5+2} 

7+2 

6+2} 

6+2 

7+2} 

7+2 

6+2} 


8+2 

7+2 

22'-0"X29'-0" 

7+2 

7+2 

6+2 

7+2} 

6+2} 

6+2 

8+2 

7+2 

6+2} 

8+2} 

7+2} 

7+2 

8+3 

7+2 

7+2 

24'-0"X24'-0" 

6+2} 

5+2} 

5+2 

6+2} 

5+2} 

5+2 



5+2} 

7+2 

6+2} 

6+2 

8+2 

7+2 

6+2} 

24'-0"X28'-0" 

7+2 

ph 

5+2} 


6+2} 

6+2} 

8+2 

7+2 

6+2} 

8+2 

7+2} 

7+2 

8+3 

8+2 

7+2 

24'-0"X32'-0" 

7+2i 

tap! 

6+2 

8+2 

7+2 

6+2} 

8+2} 

7+2} 

Q 

10+2 

8+2 

7+2J 


26'-0"X26'-0" 

7+2 

8+2 

5+2} 

7+2 

6+2} 

6+2 

7+2} 

6+2} 





26'-0"X30'-0" 

8+2 

7+2 

6+2} 

8+2} 

7+2} 

7+2} 

8+3 

8+2 

7+2} 



26'-0"X36'-0" 

8+2 

7+2 

6+2} 

7+2} 

7+2} 

7+2 

10+2 

8+2 

7+2} 


28'-0"X28'-0" 

8+2 

7+2 

6+2 

8+2 

7+2 

6+2} 



28'-0"X32'-0" 

8+2} 

7+2} 

7+2 

10+2 

8+2 

7+2} 

In the above table values, the first figure indicates depth of 
| tile used and second, the concrete top. 

1 f 750 lbs. per sq. in., compression on concrete. 

1 18.000 lbs. ner so. in., tension on steel. 

28'-0"X37'-0" 

10+2 

rm 

7+2} 

Tabic values basec 
on fibre stresses 

30'-0"X30'-0" 

8+2} 

7+2} 

6+2} 

For allowable stresses of 650# & 16,000# on concrete and steel respectively add 
}" to depths shown above. 

An allowance of 25 lbs. per sq. ft. has been made in the above table values, for 
cinder fill, finished flooring and plastered ceiling. 

30 # -0"X34'-0" 

10+2 

8+2} 

8+2} 

30'-0"X40'-0" 

10+2} 


8+2} 
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TABLE 62 

“ NATCOFLOR " LONG-SPAN SYSTEM 
^ Data for Designing Purposes 

^SbdeptEof tK*^ * n tobl0 d * DOte th * dapth 01 Ul#; ^ k * W9T figures indioat « area of reinforcing steel required in each mortar rib. Thick nem of floor 
« table below is so arranged that it mky be used for floor slabs freely supported at both ends, semi-continuous. or continuous. 

^flwabs freely supported at both ends (simple span), use loads given opposite - 

For dauNjiJply supported at one end und continuous over other support, use loads given opposite — . 

irr t i 

For slabs conti n*.„ £j>ver both supports, use loads given opposite ^ - 

ff XSST rei “'° r0 ® ra8ut mu ’ tbe PravidoU in top of .lab ovor .upport to toko cam of negative bending moment. 
Safe compression. 1200 j\p" on net eoction. Mortar i cement : 21 sand. 

\ No Concrete Top 

fm & ft *° 1000 lb. per n|. in. Et ^ 1 |-in. below reinforcement 

ft 538 10)000 lb. per sq. m. jg s * jq 2-in. mortar rib«, 13-in. on centeru 
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131. The Use of Wooden Boxes. sleeves is possible than in the other types. The 

\ Another method of constructing, the voids in ^ e ®8 n °f such framing involves only the principles 
\pncrete joist construction is illustrated in Fig. heretofore discussed. 

ifjb. Inverted wooden boxes covered with sheet 
' ftufe], and hinged so that they may be col- 
lap^, K have been used successfully to form 
the ribfie'li ^ab construction. 4 * Figure 200 also 
shows an au^-^ate scheme, using wood re- 
movable forms. ! These allow re-use a great 
number of times, Vnd since they are removed, 
the dead weight of tyie floor compares favorably 
with other forms of construction. Another 
advantage is that more convenient and rigid 
attachment of inserts, electric outlets and 

* This system was used at the University of Wisnonsin. For a 
more complete discussion, see Hoot's " Reinforced Concrete Con- 
struction," Vol. II, — McGraw-Hill Hook Co., Inc. &CMOVA3LC WOOD Fo&MS 

Fro. 200 


















CHAPTER 9 


FLOOR ARCH CONSTRUCTION 


132. General Considerations. 

One of the methods used in constructing fire- 
resisting floors is that of arches sprung between 
rolled steel floor beams. In general, the materials 
used in the arches must be such that they will offer 
a real resistance to fire and the transmission of heat 
without undue disintegration, and to the action of 
the water from hose streams. The materials should 
make a floor which is as nearly watertight as possible. 
Terra cotta, concrete, and brick arc the materials 
which have been used for such work, but in present 
practice, terra cotta is more commonly used, concrete 
occasionally, and brick seldom, for this type of floor. 


Some of the advantages of terra cotta arch floor 
systems are: 

(1) Fire resistance of the arch, and ample 
protection for the steel beams, 

(2) Relatively light dead loads and a per- 
manent and sound-proof floor, 

(3) Ample strength for all ordinary loads, 

(4) Less interference with the operations in 
other parts of the job, and speed of erection. 

Arch construction is not particularly adaptable to 
irregular framing, and the supporting l>eams should 
be parallel to receive the thrusts from the arches in 
the proper manner. Irregular framing also requires 
awkward details for the beam haunches. 


Section 9a 

TERRA COTTA ARCHES 


133. Types of Arches. 

The various kinds of terra cotta floor arches 
which are used may be classed as flat, segmental and 
reinforced. Figure 201 illustrates the first two types. 
The third is discussed in Art. 137. The general 
construction is the same in each case except for 
the variation in the arch itself. The typical wood 
floor with screeds may be used, or a grano- 
lithic, tile or marble finish floor may be em- 
ployed. The arch blocks adjacent to the steel 
beams are so constructed that they project l>elow the 
soffits of the beams, and with the addition of a small 
soffit block, fire protection is afforded. The space 
between the top of the arch and the flooring is filled 
with cinder concrete, which protects the top flanges 
of the beams and provides a space in which pipes, 
conduits, screeds and so on, may be placed. 

Each type of arch has its own particular advan- 
tages, and the choice depends upon the kind of 
building, local conditions, and the magnitude of the 
loads to be carried. If a flat arch is used, the ceiling 
may lie applied directly to the tile, whereas a seg- 
mental arch requires a suspended ceiling, if a flat 
ceiling is required. A flat ceiling is a distinct 
advantage, as it reflects light and deflects heat more 


advantageously. Segmental arches, being built to 
the form of a circular segment, are stronger than flat 
arches of the same depths and spans. For a given 
floor load, therefore, a segmental arch requires less 
depth of arch and is consequently more economical of 
terra cotta. However, a higher cost of setting, of 
falsework and of ceiling construction results. To 
serve economy, any arch should theoretically de- 
velop the full strength of the floor beams, and if a flat 
arch is properly designed, this may be done, hut in 
the case of a segmental arch, this is not always easy 
to accomplish. In view of the above, a flat arch lends 
itself more readily to average conditions and is by 
far the more commonly used. Segmental arches are 
adaptable where heavy floor loads are encountered 
and where a flat ceiling is not required, as in ware- 
houses, lofts, sidewalk construction and factories. 
They are also occasionally used for roof construc- 
tion. An advantage which deserves consideration 
is that longer spans may be used, and in many cases 
intermediate floor beams may be eliminated. Dis- 
advantages are that it is difficult to fit the tile 
around tie-rods, and that more top filling is required. 
Reinforced terra cotta floor arches arc principally 
confined to patented forms of construction, as dis- 
cussed in Art. 137. 


202 
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to 

F: kj. 201 


134. General Theory of Floor Arch Construction. 

The nature of floor arch construction is such that 
a lateral thrust is exerted on the floor beams. In 
a flat arch, the faces of the blocks are tapered or 
“ voussoired ” and the central key block is wedged 
in, so that when a load is supported by the floor, a 
thrust is developed by the action of the blocks. A 
segmental arch, since it is really built in the form 
of a true arch, exerts a natural thrust. For any 
particular floor beam, it is necessary to determine 
the amount of load which causes a thrust. Thus for 
an intermediate beam, the thrusts caused by the 
dead load on each side balance each other. Con- 
sequently, the maximum condition which may occur 
is to consider the live load on one side only for an 
intermediate beam. For beams at the outside 
edges of end panels, or those surrounding openings 
in the floor, the thrust due to both dead and live 
loads must be considered, as there k is no thrust 
from the opposite side to balance it. 

The thrust per linear foot of beam, p, may be ob- 
tained by considering a transverse strip of the arch, 
l'-O" wide, as a simple beam. The maximum bend- 
ing moment in a simple beam may l>e expressed by 

— g ■ ft.-lbs. In Fig. 202, the span of the arch in 

feet is designated by If wo represents the effec- 


tive load on the arch in #/□' in producing thrust 
(the L.L. for an intermediate beam and the L.L. + 
D.L. for an outside beam), it is also the load per 
linear foot of arch for a l'-0" strip. The bending 

moment may then l>e expressed by M = ,/o — — 

8 

for this case. This must 
be resisted by the reac- 
tion to the thrust, acting 
with a lever arm equal 
to the effective rise of 
the arch, as illustrated 
in Fig. 202. Taking mo- 
ments about A, 



?M a 


wo • Lg f La\ _ w 0 * L a / 7^\ _ p * r 
2 \ 2 / 2 \ 4 / TsT’ 


in which r represents the effective rise of the arch in 
inches. Solving 


V • r wo • L a 2 / , . . i v 

— = — - — (as stated above), or 

V - (M.) 


(The value p is the thrust per linear foot of beam 
in pounds.) 

Tic rods are introduced into the floor system, as 
illustrated in Fig. 203, to take the thrusts exerted. 
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This is a very important feature, as stiffness is added 
to the frame. The siae is almost invariably made 
f "4 in order to conform to the punching of the other 
holes in beams, which Is commonly H"-* The ten- 
sile strength of a rod, if threaded, as is the case here, 
is based upon the net section. For a 1" rod, this 



I*’iu. 203 


is 0.30n", and using the usual allowable stress, 
the tensile strength, T„ is 0.30 X 16,000 = 4800#. 
The theoretical spacing of tic rods in feet, L„ may be 
calculated by dividing the strength of a rod by the 
thrust per foot of beam, or 

L, = —• (S- 40) 

V 

„ a „ J r 4800 

lor J ' rods, L s 

V 

In the usual case, the spacing so calculated will not 
always be a reasonable value, and since the function- 
ing of tie rods is more or less nominal, rules of thumb 
are usually employed in practice. Steel beams 
should be laterally supported at distances equalling 
20 flange widths unless the working stress is reduced 
(Art. 179) in any case, so that a value sometimes 
stipulated as a maximum spacing is 15 flange widths 
of the floor beam. 

SPECIFICATION CLAUSEf 

Beams and channels anting as skewbaoks for 
arches shall be designed to resist the lateral 
thrusts in addition to their vertical loads, and 
the tie rods, not less than three-fourths of an 
inch in diameter, shall be placed as near the 
line of thrust as practicable, and in any event 
shall be spaced not more than eight times the 
depth of the beams, and not more than eight 
feet. 

Since depths and flange widths of beams vary, a 
more feasible rule is to use a maximum spacing of 
f)'-0", and to space the tie rods at equal distances 
across the length of the beam.J As the stresses due 
to bending arc ordinarily a maximum near the point 
of mid-span, the spacing could theoretically be in- 
creased toward the ends of the beam, but a uniform 
spacing is used for simplicity. In no case should 

* Rods and in diameter are occasionally used, but these sixes 
should be avoided in order to avoid complicating the punching in the 
beam webs. 

t The Building Law of the City of Boston. 

t An interesting article. *• Tie Rods for Floor Arches," by Mr. R. 
Fleming, may be found in the Engineering News Record, Maroh 18, 1016. 


the spacing exceed the value obtained from the 
formula (jS— 40). Rods must not be spaced, “ hit- 
or-miss,” as they bear a definite structural relation^ 
to the cross jointing of the arch blocks. They ufe 
embedded in the joint and thus should be at weft 
intervals as will conform to the joints of thesis, 1 — 
hence they should be in even foot spacn^Sfas the 
blocks are 12” wide. For purposes of'stiffening a 
floor frame, it is desirable to have fhe tie rods in a 
continuous line across the floor. /This also protects 
against unforeseen thrusts or excess loads. For this 
reason, it is quite common in practice to apportion 
the tie rods for the outside panels and to make those 
in the interior panels the same. Theoretically the 
tie rods should be placed in the line of the thrust. 
At least they should be placed near the bottom 
flanges of the beams and still have at least 2” fire 
protection. Accordingly, tie rods are commonly 3” 
from the bottoms of the beams and staggered back 
and forth across a building 3” o.c., so that the nuts 
may be turned without interference (Fig. 203). 

The steel supporting beams are subjected to 
bending moments caused by the forces acting in two 
directions, namely, the vertical load and the thrust. 
The bending moment in a vertical direction may be 
calculated in the usual manner, or 

Mu = — — ft.-lbs, in which 

O 

w = the total load per linear foot on the beam, 
and 

L = the span of the beam in feet. 

The tie rods tend to fix the beam at their points of 
connection, so that it acts more or less as a continuous 
beam in its lateral bending. For fully continuous 

beams, the moment is expressed by M = ’ 

In this particular case, the span is the spacing of 
tie rods, L st and the load per foot is the thrust, p. 
Hence the lateral bending moment is 

M 2 .2 = ft.-lbs. 

Figure 204 (a) illustrates the action. In a simple 
beam, the maximum compression occurs at the top 
fibres and the maximum tension at the bottom fibres. 
For lateral bending, the maximum compression 
occurs on the side toward the thrust, and the maxi- 
mum tension on the side away from the thrust. 
These respective stresses may be designated by 
and S' 2 - 2 * The arches do not exert a uniform 
pressure throughout their surfaces of contact with 
the sustaining beams on account of the varying 
friction and bond of the component parts. Theo- 
retically, the maximum stress cannot be obtained 
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exactly by adding the stresses due to vertical and 
lateral bending,* but such a procedure is considered 
to be exact enough for commercial design when 
conservative working stresses are used. On this 
btsis, 



and 

-( 1 - 1 ) ~ ( 2 - 2 ) 

C c 


8 m ax = «1-1 + ®2-2* 


This is illustrated Wi Fig. 204 (6). 



The maximum allowable combined stress is often 
specified as 18, ()()()#/□". This value is higher than 
the customary 1 (),()()()#/□". In order to eliminate 
some of the “ cut and try ” which may occur in such 
design, a beam may be selected for the vertical 
section modulus required in the usual way, and then 
the next larger size tested in the light of the fore- 
going discussion. 

The strength of the arch itself is limited by the 
safe compressive strength of the terra cotta ai^d its 
mortar joints. There are three different composi- 
tions of structural terra cotta, namely, dense (hard 
burned), semi-porous, and porous. The semi- 
porous tile is used principally for floor arches 
because the porous material, although possessing 
the best fire resistance, has a low compressive 
strength. The dense tile, while stronger than the 
semi-porous, is less fire-resisting, and is not as 
commonly used for flat-arch construction. 

SPECIFICATION CLAUSE t 

Hollow terra cotta tile used for floor or roof 
arches shall be hard burned or semi-porous and 
of uniform density and hardness. All terra 

* For a more theoretical diacuaaion, refer to Proc. A.S.C.E. on - polygon 
data. 

t National Board of Fire Underwriters. 


cotta arches shall be properly keyed. The key 
blocks shall always be placed within the middle 
third of the span. 

The ultimate strength of terra cotta varies from 
2500 #/d" to 4000#/n", depending upon the grade, 
but the various shaped blocks seem to have about 
the same strength for a given sectional area. When 
blocks are placed .so that they take thrust across the 
webs and walls, these strengths are quite materially 
reduced. The factor of safety is usually taken from 
5 to 7 according to the conditions surrounding the 
design. 

SPECIFICATION CLAUSES? 

Terra cotta floor tile, when tested on end and 
faced with Portland cement, Bhall give an aver- 
age compressive strength of not less than 2500 
lbs. per square inch of net area. The average 
strength shall be computed from the results of 
testB of ten average tile. 

The allowable extreme fibre stress in com- 
pression in terra cotta floor tile shall l >e taken 
os 500 lbs. ]>er square inch on net section. 

The sectional area of a tile arch is determined by a 
plane at right angles to all webs and of a l'-0" 
width parallel to the beams. The following tabic 
gives the common sectional areas. 


TABLE 53 

CROSS-SECTIONAL AREAS OF TERRA COTTA 


Depth 

Arpiin (Sq. Iiih.) 

(Inchon) 

Flat 

Sogmentiil 

4" 


2S 

6 

31 

30 

7 

31 

— 

H 

37 

43 

i) 

40 

■ — 

10 

43 

47 

12 

49 

— 

15 

58 

- 


Illustrative Prob. 134a. What is the theoretical depth of 
the segmental arch required for the following data? 

L.L. = 300# /'q' Span of arch - lG'-O" 

Effective rise * 20" 

v * 2J « 5760#/ft. 

V 2 r 2X20 

11. 6D" theoretically required. 

500 

A 4" arch is theoretically satisfactory 

In practice, the strength of the arch is very seldom 
the governing feature, and the arch is generally 
made thicker than theoretically required. The cost 
of the fill, which is used over the tile, is greater than 
that of the terra cotta, and also the dead load it* 
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increased more by using a thin arch and a deeper 
fill (see Fig. 205). Furthermore, the question of the 
fire protection of the steel beams is essential. This 
is usually provided by using the same material as 
that of the arch. 




Fig. 205. Relation or Tile and Beam Depths 

(a) fur economy of tile 

(b) for reduced fill and greater protection 


SPECIFICATION CLAUSE* 

If hollow terra cotta tile be used for protec- 
tion, the lower flanges of beams and similar 
members shall be encased either by lugs which 
form part of the skewbncks and extend around 
the flanges meeting at the middle; or by tile 
slabs held in position by dove-tailed lugs pro- 
jecting from the skewbacks. In either case care 
shall l)c taken to insure that all joints be solidly 
filled with mortar. 


The weight of the protecting materials should be 
included in that which the beam is designed to 
carry. Figure 206 illustrates the typical methods 
of providing fire protection to various beam and 
girder sections. The question of the weight of beam- 
protecting tile is included as a rule in the arch weight. 
When girders are to be protected as in Fig. 206, the 
following illustrative example for determining the 
haunch weight is typical. 






BB 

'fan Ti/e 
C/ip 7//e 

Tppica/ Sections of Std I3n. Couer/np 




Axthkltfm.Camy Typica/ Cowrit# I m &nCrneriy 
P* minimum protection 


Fig. 206 


Illustrative Prob. 134b. Tabulate the uniform load per 
foot for the girder and its fire protection material in Fig. 
206, if the girder is a 24 1 79.9 and the floor beams 12 I 31.8. 
Depth below arch blocks to soffit of girder * 24 — 2 — 12 
- 2 - 8 " 


* National Board of Fire Underwriters. 


8" + 2 " F.P. - 10" 

Flange width «* 6" 

6" + 2" + 2" - 10" width 
Area of Sdbtiqn of Haunch * 10 X 10 - 100O" 

Net Section (60%) - 0OH" 

60 X 12 X 0.06#/cu. in. * 43# 

Wt. of Girder « 80 
Girder and haunch » 123#/ft. 

Prob. 134c. What is the weight of beapi and haunch per 
linear foot for a 20 1 65.4 girder if the floor beams are 10 1 25.4? 

135. Flat Terra Cotta Arches. / 

A flat terra cotta arch may be built in various 
ways, such as side construction, end construction, 
or a combination of the two (Fig. 207). These 
names are assigned according to the location of the 
faces of the tile with respect to the thrust. In side 
construction, the cells run parallel to the beams, 
and in end construction, at right angles to them. 
Side construction offers the advantage that when a 
single tile is broken or removed, the strength of the 
arch is not impaired, as the blocks break joints. 
Hence when holes are cut through the floor no great 
damage Ls done. However, such construction is 
seldom used, as it is not the natural way to place the 
tile for effective resistance to thrust. Figure 208 
illustrates the typical end construction. Such an 
arch is stronger than one of side construction, as the 
webs of the end blocks obtain a direct bearing against 
the webs of the beams and the thrust is transmitted 
directly through the webs and walls of the blocks. 
The key block is in side bearing, but it is relatively 
thin and stiff. Some of the disadvantages of such 
construction are: 

(1) The fire protection of the beams is not 
complete. 

(2) It is difficult to bed the skewbacks. 

(3) Close inspection and more perfect tile 
arc required, as the ribs must be opposite each 
other to l)e effective. 

(4) The edges of the end blocks are easily 
broken in transportation and in erection, 
thereby impairing the bearing areas. 

(5) If a single block is removed or broken, the 
strength is impaired to a greater degree than in 
side construction, aTid the remaining blocks are 
left to depend upon the mortar bond alone. 

In order to overcome the objections to the two 
types previously discussed, a combination of side 
and end construction is the most commonly used, as 
shown in Fig. 209. This has the typical key at the 
center in side bearing and a side construction skew 
block is used at each beam. This provides better 
fire protection to the beam because of the continu- 
ous tile wall parallel to it. Such construction is 





Ho/iow ti/e f/at arch - side construction 

W 

Fig. 207 . Terra Cotta Floor Arches 
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commonly called “ end construction,” and, in fact, 
it virtually is, as the lengthened which supply the 
bulk of the arch are in end bearing. It is the type 
almost invariably used. Figure 210 shows some 
typical arch blocks. 

Steel beams should be placed on or reasonably 
close to all column center-lines, and intermediate 
beams should divide the panels into equal spaces 
when possible. It generally is more economical of 
steel if the beams arc of the minimum weight and 
spaced as far apart as their strength will permit. 



Fig. 210 


On the other hand, if the span of the arch is too 
great, there is a tendency of failure at the haunch, 
and a large thrust is exerted upon the beams. 
Furthermore, the question of expansion is important. 
The coefficient of expansion of terra cotta is about 
twice that of steel, and is not uniform. If too great 
an expanse of arch occurs, the cumulative deforma- 
tion caused by expansion may cause the terra cotta 
to spall at the beams and leave them exposed. 
Consequently, many specifications limit the maxi- 
mum spacing of floor beams to 8'-0" o.c. 

Advantages of this type of construction are that 
good speed of erection is possible, that fewer cold 
weather precautions are necessary, and that a panel 
can be changed quite easily without affecting the 
whole floor. Disadvantages arc the effects of ex- 
pansion, and the lack of ideal protection for the steel 
against fire as well as corrosion. 

The depth of the arch is controlled by its span 
and the load to be carried. The compression caused 
by the thrust is within safe limits in most cases 
(Illustrative Prob. 134«). Other considerations 
besides the economy of tile arc influential, such as 
the stiffness of the floor, its fire-resistance, the cost 
and the dead weight of the fill, and the fire protec- 
tion of the beams. For these reasons, the usual code 
stipulates the minimum thickness of arch allowable. 


SPECIFICATION CLAUSE* 

Flat arches shall have a depth of not less than 
1{ inches for each foot of span between the 
beiuhs, . this not to include any portion of the 
depth of tile that projects below the under side 
of the beams. The total depth shall in no case 
be less than 9 inches, and the tile shall have 
not less than three cellular spaces in the depth. 

Table 54 gives the total safe loads per square foot 
that a given arch can safely sustain. In practice, 
the designer commonly uses a depth of tile equal to 
that of the intermediate floor tfeam, so that the 
latter will be concealed. The terra cotta is com- 
monly set lj" below the tops of the beams so that 
the soffit block lines up with the bottom of the other 
blocks, as illustrated in Fig. 209. 

TABLE 64 

SAFE LOADS PER SQ. FT. FOR FLAT T.C. ARCHES 
(Dead and Live) 


Factor of Safety of 7 


Arches 

G in. 

7 in. 

8 in. 

0 in. 

10 in. 

12 in 

15 in. 

Not Hoc- 

27 sq. 

27 sq. 

27 sq. 

27 sq. 

30 sq. 


30 sq. 

tional AroftH 

in. 

in. 

in. 

in. 

in. 


ill. 

Average 







50 lb. 

Wt. per 
Sq. Ft. 

26 lb. 

30 lb. 

32 lb 

30 lb. 

40 lb. 

48 lb. 

Span — Ft. 
and In. 

lb. 

lb 

lb. 

lb. 

Ib. 

lb. 

lb. 

3-9 

420 

490 

560 

630 

933 

1120 

1400 

3-3 

357 

417 

477 

537 

795 

954 

1193 

8-6 

308 

360 

411 

462 

685 

823 

1028 

3-9 

268 

313 

358 

403 

597 

716 

895 

4-0 

236 

276 

315 

354 

525 

630 

786 

4 3 


244 

279 

314 

465 

558 

697 

4-6 


218 

249 

279 

415 

497 

622 

4-9 



223 

251 

372 

447 

558 

6-0 



201 

227 

336 

402 

561 

5-3 



182 

205 

305 

365 

457 

5-6 




187 

277 

333 

417 

5-9 




171 

254 

305 

381 

0-0 




157 

233 

280 

350 

6-3 





214 

258 

322 

6-6 





198 

238 

298 

6-9 






221 

276 

7-0 






206 

257 

7-6 






178 

223 

8-0 






157 

197 

8-6 







174 

9-0 







155 

9-6 







140 

16-0 
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The determination of the dead load to be carried 
is a matter of estimating in advance of the design, 
as in any case. If the construction described in 
the previous paragraph is used, the weight of the 
cinder fill may be based upon a 3?" thickness, as 
a thickness of 2” is commonly provided over the 

* National Board of Fire Underwriters. Other codes are similar. Tho 
N. Y. Code specifics that the depth of the arch in inches shall be the length 
in feet times 1J plus the thickness of the firoproofing below the beams. 
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topa.of the beams. The weights of the finish flooring 
may be obtained from Table 30. The weight of the 
tile may be estimated from Table 54. The plastering 
for the ceiling is usually applied directly to the terra 
cotta’and no lath is required as the tile are scored, so 
that 5#/o' is a fair estimate for such work. 

The zones of greatest pressure in a fiat arch are 

near the top of the 
fff&iWJbsr ^ key and the bot- 

tom of the skew- 
backs, as indicated 
in Fig. 211. For 
lack of more posi- 
tive information, 
an empirical rule is 
used to establish the value of the effective rise, namely 
to be 2.4" less than the depth of the arch.* This has 
been derived by direct arch tests. 

With the above data established, the thrust, as 
described in Art. 134, may be calculated from 
_ 3 Wo • La 1 

P= ~2T-’ 
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The spacing of tie rods may also be fixed, the values 
of Mm and M 2-2 calculated (Art. 134), and the 
required size of the beams found. 

Illustrative Prob. 136a. Design a typical interior panel 
20'-0" X 20'-0" of flat terra cotta arch construction. L.L. 
* 100#/n'. See Fig. 212. 

L.L. = 100 Try 5'-0" spacing of beams. 

Fin. Fir. = 3 12" Arch amply strong 

Sub Fir. = 3 (Table 64). 

31" Cinder 

Fill - 28 
12" Arch - 48 

Steel Beams = 7 

PL Ceiling - 6 

T.L. = 194 say 195#/n' 

Vertical load per foot on l warns 
5 X 195 = 975#/ft. 

M - 1.5 w • L* - 1.5 X 975 X (20)* - 584,000"# 

■ (trial) - - 36.4"* Try 12 I 40.8 

c 16,000 

Rise = 12 - 2.4 - 9.6" * 

p = = l * 195 X (5)2 - 762#/ft. t 

1 2 r 2 X 9.6 

/ _ 4800 _ 4800 , 

J ‘ v ~ 762 ~ ’’ Use l" $ Tie Rods 5'-0" o.c.f 

A/ i-i = 466,000"# (from above) 

Afj-2 = - - 7 - 2 - * - 1690'# - 19,070"# 


« 1-1 

* 2-2 


584,000 

44.8 

19,070 

5.3 


13,020#/n" 

3,000 

16,G20#/n #/ O.K. 

Use 12" T.C. arch 
12 1 40.8 beams. 


* Some engineers use the distance from the center lino of the rod to tho 
top of the tile, and others use the>diatanoe corresponding to the top of the 
beam. See article “ Tie Hods for Floor Arches," by F. N. Kneuss, Engi- 
neering News Record, March 18, 1015, p. 618. 

t Calculations based upon a uniform arrangement of tie rods aoross 
the whole floor. 


Floor beam concentration on girder 

975 X 20 » 19,500# 

Assume wt. of girder and haunch - 126#/ft. (Illustrative 
Prob. 1346.) 


Hi 


M mur 


I 

C 


| X 19,500 + IHiLptO _ 30,600# 

30,500X10 - 19,500X5 - — * - 201,200'# 

— ' ~ “ 160 «"‘ Use 24 I 79.9 Girders. 


Figure 212 shows a typical engineer's sketch. Figure 213 
shows a portion of the structural frame erected, and Fig. 214 
shows the centering supported by the beams in a similar 
panel, ready to lay the terra cotta arches. 


When a paneled ceiling is nut undesirable, the 
arch does not need to be made the same depth as 
the supporting beams, provided it conforms to the 
other requirements, and details similar to those in 
Fig. 215 (a) and ( b ) may be used. The arch may 
be supported on shelf angles riveted to the l>eam, as 
in (a), or by terra cotta blocking and special skew- 
backs as in (b). In this way, the dead weight of the 
cinder fill over the arches may be reduced frequently 
by raising the top of the arch blocks level with the 
tops of the beams. A skewback, such as shown in 
(e), should not be used. Instead, it should have a 
web, as indicated by the dotted lines, to absorb the 
thrust, t 

Figure 215 (/) indicates the usual procedure 
when the beams are of varying depths. The typical 
beam is the controlling one, establishing the ceiling 
line, and the deeper beams are allowed to project 
into the room and form a paneled ceiling, or may be 
concealed in a partition below. Beams shallower 
than the typical, if used, should be placed with their 
bottom flanges flush with the typical beam and 
the space over them made up in fill. If it is desired 
to keep tiie depth of a beam, subjected to heavy 
loading, the same as that of the typical beams, two 
channels or two channels and a plate may be used, 
as shown at A. Special instances of construction 
arc shown in Fig. 216. 

Prob. 136b. Design n typical interior panel 18'-0" X 18'-0" 
of flat terra cotta arch construction. L.L. * 60#/a\ Use 
3 sulj-panels. Wood finish flooring. 

Prob. 136c. Could a smaller floor beam be used theoret- 
ically in the interior panel of Prob. 135a than in an exterior 
panel? Determine the size of wall girder required. 


136. Segmental Terra Cotta Arches. 

The general description and the relative merits 
and uses of segmental arches as compared with flat 
arches are given in Art. 133. Figure 217 shows a 
typical section of such construction. The tile may 
be set in end bearing but this is not satisfactory 
unless the arches are of uniform spans and rises in 
all cases. For this reason, side construction is 

X Arches have been known to fail on aeoount of this web being omitted. 
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preferable in the usual floor. If a flat ceiling is 
desired with this type of arch, a typical suspended 
ceiling may be used, but the merits of the flat arch 
should be investigated and compared with such a 



Fig. 215 


case. Figure 217 shows only a medium span of 
such construction, but a segmental arch may be 
used for spans up to 25'-0", although lfi'-O" repre- 
sents the average. For spans less than 10'-0", 
such construction is not economical. For cconom- 



Fig. 216 


ical segmental arch construction, no intermediate 
floor beams arc used, and the supporting beams are 
placed on the column center-lines in a transverse 
direction, with tie beams on the column center-lines 
in the longitudinal direction of the building. 


The depth of the arch should be sufficient to resist 
the thrust safely (Illustrative Prob. 134a). Table 
55 gives the safe loads in #/□' for various combina- 
tions of spans and arch depths. Sectional areas of 
segmental arches are given in Table 53. For reasons 
of stiffness and Are protection, a minimum arch 
depth is usually stipulated. 



Fig. 217 

SPECIFICATION CLAUSE* 

Segmcntul arches shall have sufficient depth 
between the top and lx>ttom faces to carry the 
load to t>e imposed, but not less than 6 inches. 
The tile shall have at least two cellular spaces 
in the depth. 

For this reason, the values given in Table 55 only 
control for heavy loads. The 6" arch is nearly as 
strong as the 8", so that the former is used in the 
majority of cases. 

To obtain the weight of the dead load per square 
foot, an average thickness of fill must be assumed 
since it varies from a minimum at the key to a 
maximum at the skcwbacks. The weights of 
segmental terra cotta blocks are 20, 26, 32 and 
40# /□' for 4", 6", 8" and 10" respectively. The 
finish flooring may be estimated according to 
whether it is the typical wood floor with screeds, 
granolithic, tile, or marble. If a suspended ceiling 
is used, an allowance of 15#/o' should be made for it. 

The rise is commonly defined as the vertical 
distance l>etween the springing line and the highest 
point of the concave surface (r in Fig. 217). It is 
the opinion of the authors that this value may bo 
increased safely by one-third the depth of the arch, 
similar to the assumption made in other design work, 
and as illustrated by r 0 in Fig. 217. Other things 
being equal, the greater the rise of an arch, the less 
the thrust exerted and consequently the less the 
lateral resistance required of the supporting beams. 
However, the relations of the bottom of the 
skewbacks to the lower flanges of the bearnB, and 


* The National Board of Fire Underwriters. 
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TABLE 65 


SAVE LOADS IK #/□' FOR SEGMENTAL T.C. ARCHES* 


Spans, 

Feet and 
Inches 

Rise, 

In. per Ft. 
of Spun 

4-inoh 

Arch 

0-inch 

Arch 

ft- inch 
Arch 

10-inch 

Arch 

Spans, 
Feet and 
Inchos 

Rise, 

In. per Ft. 
of Span 

4-inch 

Arch 

6-inah 

Arch 

8-inch 

Arch 

10-inch 

Arch 


2 

244 

315 

376 

411 


i 



232 

254 


1 

327 

421 

503 

550 


1 



316 

345 

11 

U 


519 


678 

17 

11 



394 

IBsTiW , 

n 

470 

617 

737 




392 

468 

512 


12 

551 

709 

847 

925 



351 

452 

540 

590 


2 

617 

794 

948 

1036 




506 

605 

661 


i 

233 

291) 

358 

391 


-i 

141 

182 

218 

238 


1 

312 



524 


i 

192 

248 


324 

11-6 

11 

388 

499 


652 

18 

il 

240 



404 

H 

460 

592 

707 

773 

n 

287 



482 


12 

528 


812 

887 


u 

330 

425 


554 


2 

591 

761 


993 


2 


477 


623 


.i 

i 


285 

341 

372 


i 

134 

173 


225 


smm 


383 

458 

500 


1 

181 

233 

279 

304 

12 

W 


477 

509 

622 

19 

n 

227 

293 

350 

382 

MM 



676 

738 

u 

271 

348 


455 


SUM 


649 

776 

848 


13 


402 




2 


727 

869 

949 


2 


451 

539 

589 


4 

212 

273 

326 

356 


3 


103 

194 

212 

12-6 

1 

284 


437 

478 


1 

172 

221 

265 

289 

1} 

354 

456 

545 

595 

20 

n 

215 

277 

331 

361 


1{ 

420 

541 

646 

706 

4 

257 

330 

395 

431 


12 

483 

621 

742 

811 


u 


381 

455 

497 


2 

541 


832 

909 


2 

332 

427 

510 

558 


2 

203 

261 

312 

341 


3 

119 

153 

183 

200 


1 

272 

351 

419 

458 


1 

163 

209 


273 

13 

U 

339 

437 

522 

570 

21 

li 

205 

263 

315 

344 

15 

403 

519 

620 

677 

H 

243 

314 

375 

409 


12 

463 

596 

712 

778 

I 

U 

281 


432 

472 


2 

521 


801 

875 


■ ; 

315 

406 

485 

530 


3 

4 

186 

240 

287 

313 



113 

145 

174 

190 


1 

253 

326 

390 

426 



154 

199 

237 

259 

14 

11 

315 

406 

485 

530 

22 

11 

194 

250 

298 

326 

U 

374 

4S2 

575 

629 

U 

232 

21)9 

357 

399 


12 

430 

553 

661 

722 


12 

268 

344 

412 

450 


2 

481 

619 

740 

808 


2 

301 

377 

462 

505 


3 

4 

174 

225 

208 

293 


3 

4 

108 

139 

166 

181 


1 

234 

302 

361 

394 


1 

HW 

190 

227 

247 

15 

11 

292 

377 

450 

491 

23 

11 

■rm 

238 

284 

310 

U 

347 

447 

534 

583 

11 



340 

371 


12 

401 

515 

616 

673 


ii 


328 

392 

428 


2 

449 

577 


754 


2 


369 


481 


9 

4 

16* 

209 

219 

272 


3 

4 

102 

132 

157 • 

172 


1 

218 

281 

336 

367 


1 

140 

181 

216 

236 

16 

li 

274 

353 

421 

460 

24 

i; 

177 

227 

272 

297 

325 

419 

500 

546 

u 

211 

272 

325 

355 


12 

374 

481 

575 

628 


I? 

244 

314 

375 

410 


2 

■■ 

540 

645 

705 


2 

274 

353 

421 

460 


* The weight ol the arch tile has been deducted so that only the D.L. of fill, plastering, and so on, must be deducted to obtain the net L.L. Factor of 
safety - 7.0. 
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the- top of the arch to the tops of the beams, 
with the weight of the corresponding fill as a con- 
sideration, are important. A minimum fill of 2" 
over the tops of the beams is essential (Fig. 217). 
The rise should not be made too small as no great 
advantage would be gained by the use of segmental 
construction. Based upon such experience, the rise 
(actual) should be from -jV to $ of the span, and lj" 
per foot of span is commonly specified.* 

With such data established, the thrust may bo 
calculated from 

_ 3 wo • 

P 2r 

The spacing of the tie rods should then be fixed, as 
described in Art. 134. The maximum value should 
not exceed one-half of the span of the arch. When 
no suspended ceiling is used, the tie rods must be 
covered with fire-resisting materials. 

SPECIFICATION CLAUSE * 

Steel tie-rods of proper size, spacing, and 
location shall be used in all arches to properly 
resist the thrust. Such tie rods shall be com- 
pletely encased to a depth of at least 2 inches 
in fireproofing material which shall extend into 
and be anchored to the arch. 

The size is usually and to be most effective, they 
should he located at the center of the skew blocks. 
The rods should be painted, the same as for all other 
structural steel. Figure 218 shows a common 
method of encasing tie rods or tie beams. The 
bending moments in the two respective directions 
may now be calculated and the beams proportioned 
for the maximum stresses, as described in Art. 134. 



Illustrative Prob. 186a. Design a typical panel 20'-0" 
X 20'-0" of segmental terra cotta arch construction for a 
L.L. of 200#/a'. Use one intermediate floor beam. No 
ceiling. 

Span of arch = lO'-O". Assume 6" Arch. 

Rise 1J" per foot = 1J X 12 - 15" actual. 

L.L. - 200 
Fin. Fir. *• 3 
Sub Fir. = 3 

Fill * 50 (average) 

6" Arch * J26 
T.L. = 282#/n' 

* National Board of Fire Underwriters. 


3 Wo • Ijo* 

P " — ^ Wo based on outside panel thrust. 


V - 

L s =» 


2 r 

Theoretical rise - 20 + { * 22.0" 
3 X 282 X (10)» 


- 1920#/ft. 


2 X 22 

1920 
Try I" 4 > tie rods. 

7V - 0.419C3" X 16,000 - 6700 


L _ 6700 
* * 1920 


3.5' 


Sectional area 6" arch — 36D" 


Use <t> tie rods , 4 / -0" o.c. 


1920 

= 58#/n" compression O.K. 

Load per foot on l>eam = 282 X 10 * 2820#/ft. 
p Ream and soffit block » 100 

T.L. * 2920 

M\-\ - 1.5 X 2920 X (20)* - 1,752,000"#. 

- - = 109.3"’ (Trial) Trv 20 1 65.4 

c 1 Ci, 000 

M'2-2 « 1.0 /) • L , 1 - 1.0 X 1920 X (4)* « 30,600"# 
1,752,000 


* 1-1 

* 2-2 


117.0 
t 30,600 
8.9 


■ - 14,970#/'a" 
3,440 


18,4101/a" Use 20 / 65.4 
Use 6" T.C. Segmental Arches 
Rise * 1V3" 

Concentration on girder * 2820 X 20 *= 56,400# 

Moment due to concentration at mid-span 


M 


, L- ‘ h = , ^ i .’ 4 . ( ! < * . X .. 2<) x 12 - 3,3S3,000"# 


Girder weight and F.*\ assumed as 160#/ft. 

M « 1.5 w • L» - 1.5 X 150 X (20)’ - _90,000 

Total = 3,4737000"# 

/ = 3^473^000 = Use 24 / 105 Girders, 

c 16,000 

Prob. 136b. Design a typical panel of segmental terra 
cotta arch construction, 16' -0" X 18'-0" for a L.L. of 150#/a\ 
Use no intermediate floor beams. No ceiling. 


137. Reinforced Terra Cotta Arches, t 

There arc several systems of floor construction 
which may be properly included with terra cotta 
arches, in which the spaces between the tile are 
usually reinforced with metal in one form or another. 
The shapes of the blocks vary according to the 
particular system. Many of these methods of con- 
struction are patented. 

One of these systems is the New York Reinforced 
Flat Arch, as illustrated in Fig. 219 (a). It is 
simply a form of end construction flat arch, bearing 

t For a more detailed description of such arches. Bee Kidder’s Architects’ 
and Builders’ Pocket Book, Freitau’s " Fire Prevention and Fire Pro- 
tectiun,” — John Wiley A Sons, Inc., and Bulletins of National Fire- 
proofing Co., as well as literature for the patented types. 
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the Bevier patent, in which a wire truss reinforce- 
ment is used. The insert shows the variations for 
either a suspended or panelled ceiling. A newer 
adaptation of this construction is shown in Fig. 
219 ( b ), which consists of self-centering units which 
are set dry, except the skewbacks, permitting in- 
stallation by unskilled labor. The lipped tile forms 
channels for the cement mortar ribs 1" wide in 
which 1" or $"<#> rods are imbedded. An advantage 
is that a mortar key is obtained instead of using a 
key block. 


Cisdsr 



(<*) 




(A) 

Fig. 219 

Another patented method is called the Johnson 
System Floor, in which a wire fabric is placed under 
the tile and over the entire floor area with <f> rods, 
4" o.c., running lengthwise. All this steel is im- 
bedded in a layer of mortar, as shown in Fig. 220. 
The tile may be set as shown, or run over the tops of 
the I-beams, or set flush with the bottoms of the 
beams and a fill used. A special herringbone ceiling 
of tile may be used if desired. A combination con- 
struction is sometimes employed by using segmental 
terra cotta arches (Art. 136) in the interior panels 
and flat arches to take up their thrusts in the ex- 
terior panels (usually of the “ New York ” type). 

Another form of construction used for floors, 
particularly when vaulted ceilings are desired, is 
the Guastavino arch, as shown in Fig. 221. This 
is made up of thin Rumford clay tiles 1 " thick, 6" 
wide, and from 12" to 24" long, in two, three, or 
more layers according to the requirements, and all 


bonded together. Figure 222 shows an actual 
adaptation of this construction for a floor. 

Other types of patented arches are the Herculean 
and the Excelsior,' as shown in Fig. 223 (a) and (6), 
respectively. In the former, the terra cotta blocks 
have grooves in which 1$" X 1J" X A" T’s are 
grouted into place. In the latter, special shaped 
tiles are used which provide a clear space for the 
insertion of the tie rods without cutting the blocks. 



lory? tn?/rr*rs+ tvints //rfarwom m/ft stiff foryer mrvs 4*ac. 
s/ro/yft/ Ssor/ny /oSeanay. Mayo vM* //ate or rtofano/ tension 
Me/’ do / fa f soy. 



138. Brick Floor Arches. 

The brick floor arch, which was formerly used quite ex- 
tensively, is seldom employed in modern practice, except 
for the possibility of using it in mill buildings or warehouses 
where extremely heavy loads are to lie carried. The decided 
advantages which terra cotta floor arches offer have caused 
the use of brick to lieoome nearly obsolete. Figure 224 
shows a section through a typical floor, although terra cotta 
skewbacks may be used to fully protect the steel beams. 
This type of arch is one of the strongest of the varying kinds 
that can lie built and it will carry load well even when sub- 
jected to considerable deflection, but it is heavier and more 
expensive to build than other tyjies of construction. 

SPECIFICATION CLAUSE* 

Segmental arches of brick shall have a thick- 
ness of not less than 4 inches for spans of 5 feet 
or less, and 8 inches for spans exceeding 5 feet 
and not exceeding 8 feet. Brick arches shall 
be composed of good, hard common or hollow 
brick. The brick shall be laid to a line on the 
centers and properly and solidly bonded; each 
longitudinal line of brick shall break joints with 
the adjoining lines. The arches shall spring 
from suitably designed solid skewbacks made 
of the same materials as the arches, and be 
properly keyed. The brick shall lie well wet 
liefore laying, and the joints solidly filled witli 
mortar. 

The rise should not be less than 15" per foot of span. Tie 
rods should be used as in other arches. The design of such 
construction is similar to that of small segmental terra cotta 
arches, as discussed in Art. 134. 

* National Board of Firo Underwriters. 
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* Courtesy U. Guostavino Co. 
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Section Ob 


CONCRETE SEGMENTAL ARCHES 


139. Typical Construction. 

Another form of .segmental arch construction which 
embodies a concrete carrying floor with a steel frame 
is the segmental arch. It is particularly adaptable 
to floors carrying heavy loads such as for warehouses, 
or to floors subject to the vibration of machinery. 
In both of these instances, a flat ceiling is not usu- 
ally required, although such a ceiling may be used 
by suspending it in the usual way. An arched slab 
is preferable to a flat slab because the concrete is 
most effective in this form and therefore less depth 
is required. Figure 225 illustrates the typical con- 
struction. Permanent expanded metal centering is 
generally used, as it may be bent to the curve of the 
arch, and the cost of forms is thereby materially 
reduced. 


Cronn th/cknessj /:P'4 Concrete* 



Fig. 225 


The thrust may be calculated in the manner dis- 
cussed in Art. 134 by the use of the formula 

P = 3w y — (if /linear ft.). 

A r 


The rise of the arches (r inches) is often specified as 
1" per foot of span, but it should preferably not be 
less than one-eighth of the span. The spans, L a , 
usually vary from 6'-0" to 12'-0". As the haunches 
arc not as rigid as they might be, it is conservative 
to use a liberal depth, d, at the crown, and a mini- 
mum of 4" is usually specified for the overallj/hick- 
ncss here. The required depth may be calculated 
from the usual procedure of dividing the force by 
the allowable stress to obtain the required area, or 

thrust per linear foo t 

rown c cpt i2 X the allowable comp, stress * 



Stone concrete is often used for such construction, 
because of its greater compressive strength, although 
cinder concrete may be used for the lighter loads. 
Tie rods should be used in a manner similar to that 
described for segmental terra cotta arches (Art. 
136). The design of the steel beams is also based 
upon the principles discussed in Art. 134 for tile 
arches. The size of the floor beam selected must 


be such that the arch has its required rise and so 
that a minimum of 2" of fire protection is provided 
over the tops of the beams. Table 56 may be used 
to eliminate some of the computations in many 
cases. Table 57 is also valuable in determining the 
weight per square foot of floor for the arches, aver- 
aged over the entire span. 

Illustrative Prob. 139a. Design n typical panel, 20 '-0" 
X 20'-0", for a L.L. of 300#/ using Hegine.nt.nl concrete 
arch construction. 1" granolithic finish floor. Use lO'-O" 
arch spans. 


L.L. - 300 
1" Grono. - 12 

Arch - 107 (Table 57) 

T.L. = 429#/n' Hay 430 

3 «* ■ L a 2 _ 3 X 430 X (10)* 
2 X 15 


P 

d 


2 r 
4300 


Rise - } X 10 X 12 - 15" 


- 4300#/ft. 


1.3" 


12 X 300 

Use 4" crown thickness. (Table 56.) 

Use #24 Self-Sen tering. 

Load per foot, on beam = 429 X 10 « 4290#/ft. 

Bin. and F.P. — 110 - 

T.L. « 4400# /ft. 

Mi-i - 1.5 w • L* - 1.5 X 4400 X (20)* - 2,640,000"# 


/ = 2,640,000 _ 
c 16,000 


Try 20 I 100. 


L s 


_ As-fs 
43(H) 
A s - l.osn" 


4 X 43(H) - A s X 16, (HH1 


M 2 -2 - 1.0 X 4300 X (4)* 
2,640,000 


Use 2} X 2 X j / ties with 
bolted connections 4'-0" o.c. 
■ 68,800"# 


«l-l 


165.6 


15,940 


82-2 


68,800 

14.5 


Try 20 BG 112 


= 4,730 

20,670#/ D " Too high 


81-1 = 


82-2 = 


2,640,000 
‘ 234^2 
68,800 
39.8 


11,230 

1,730 


12,060#/n" 

Une 20 BG 112. 

Concentration on girder * 4400 X 20 — 88,000# 
JI/-3T- L"t - 3 X 88,000 X 20 * 5,280,000"# 


/ _ 5,280,000 _ w , 3 
c m 16,000 

Use 26 BG 150 or 30 BI 120. 


From the above illustration, it should be evident 
that such a form of floor construction is not always 
economical of materials, especially when compared 
with solid concrete or ribbed slabs. 
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TABLE 66* 

CROWK THICKIfttaXS FOR CONCRETE 
SEGMSHTAL ARCHES 


11 '-0* Span 



TABLE 87f 

WRIGHT a i/a’ Of STOKE COHCRBTB SEGMENTAL 
ARCHES (AVER. FOR BPAHU 

’ ll'-O' Spun 


Thlcknem of Blab at Crown of Arch 



9'-0 r Span 


126 I 120 I 114 108 102 96 90 84 

125 119 113 107 101 95 

136 130 124 118 112 106 

147 141 135 129 123 117 

108 I 162 i 156 150 144 138 132 126 


8'-0' Span 


138 132 


180 174 


127 121 
138 132 
149 143 
159 153 
170 164 
179 173 


126 120 
138 132 

149 143 

159 153 

168 162 
177 171 


f Based upon the General Fireproofing Co. handbook, 
t For ciudor concrete reduce by the ratio of 1UH to 150. 


infringing upon the patent rights, hut the patented 
types are probably cheaper as they arc standardized. 


115 109 103 

126 120 1 14 

137 131 125 

147 141 135 

158 152 146 

167 161 155 


7'-0" Span 




• Based upon the General Fireproofing Co. handbook. ***' ' '**>'** *)« 

(«) (&) 

There are several types of patented floor systems Fla * 220 

which arc of the concrete segmental arch order. _ . _ . . , . . 

A-HSthcse are the tioebling, illustrated in Fig. conoreS 

226. Other combinations may l)e improvised by the arches with 8'-0" spans. Double wood floor. Use cinder 
use of tees or small channels and wire mesh without concrete. 





































































































PLATE 18 THE CITY HOUSE 
SECOND FLOOR PLAN 
GUY LOWELL. ARCHITECT 
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CHAPTER 10 


SOLID SLAB CONSTRUCTION 


140. General Considerations, 

One form of fire-resisting slab construction is that 
in which concrete slabs constitute the carrying floor 
and steel beams and girders the supporting frame.* 
The concrete may be made with cinders as an aggre- 
gate (Sect. 10a), or with stone as the coarse material 
(Sect. 10b), depending upon the advantages and local 
conditions surrounding the problem. Since the con- 
crete slabs, if properly built, are considered to be fire- 
resisting, the steel beams and girders must be encased 
in fire-protecting materials to make the construction 
consistent as a whole, as structural steel, unprotected, 
is a poor material to successfully resist the action 
of a fire. (See Part VI.) t For such construction, 
concrete is the natural material and conforms with 
that of the slabs, although terra cotta blocks 
may be used in special instances (Fig. 206 (6)). 

SPECIFICATION CLAUSES: 

Protection of The protection of the webs and bottom flanges 
Steel Beams 0 f girders, and all members of trusses shall havo 
end Girders ft tinduicss of not less than 2 inches at all 
points. The protection of the webs and bottom 
flanges of beams, lintels, and all other structural 
members shall be not less than 1J inches at 
any point. 

Concrete protection for all structural members 
shall be held in position by suitably designed 
interior steel anchors hooked securely around 
the flanges or angles of the members, at inter- 
vals not exceeding 8 inches apart; these anchors 
shall be not less than i inch in thickness if flat 
or -jV inch in diameter if of wire, and shall bo 
located at n distance not less than } inch, nor 
more than 1 inch from the outside surface. 
Provision shall be made to prevent displacement 
of anchors while concrete is being deposited. 
When the flange width of steel members exceeds 
6 inches, the wire used for anchoring the concrete 
protection shall be not less than i inch diameter. 

Additional weight must be carried by the steel 
beams, and an allowance for such fire protection 
should be made in the design calculations. The 
rigid attachment of the material is accomplished by 

* Possible forms of construction, although not as common, are the 
use of concrete slabs, concrete floor beams and steel girders, or two-way 
concrete slabs supported by steel girders on four sides. 

t Even in so-called non-flreproof buildings, it is good practice to fire- 
proof beams supporting important parts of the structure, such as beams 
supporting bearing walls or colunius. Even if concrete fireproofing is 
not used, metal lath and 1" cement plaster is desirable. 

I The National Board of Fire Underwriters. 


wrapping the bottom flange with wire mesh and by 
the use of vertical wires at the beam sides, as in- 
dicated in Fig. 227. The beam-side forms are 
sometimes slightly battered, to allow easier stripping 
of the forms. It is sometimes wisely specified 
that the bottom flanges of plate girders should be 
protected with 3" of material on account of the 
large tributary floor areas which they support, and 
because of their deep projection into the room 



Fig. 227 


Illustrative Prob. 140a. What allowance should be made 
for the weight of the fire-protecting materials (haunch) of a 
15 I 42.8 (assumed)? 4" Slab. Cinder concrete. 

Flange width, b — 5J". 

Average width of protection (F.l\) ~ 5-J" + 4" — 9j" 
(allow 1" l>evel). 

Depth of stem (part below slab) - 15" — 2" + 2" — 15". 

Section area = 15" X 9J" = 142a". 

1 area of I-beam assumed to be taken out =* J X 12.48 
(section area of beam) =* 8a". 

Net area - 142 - 8 * 134D". 

104 

— X 108 100/f/ft. for haunch 

144 

42 for beam 
142#/ft. beam and haunch. 

Prob. 140b. What is the weight per linear foot for an 
18 I 55 with a cinder concrete haunch and 4" slab? 

There arc also a number of patented systems on 
the market, using pre-cast concrete sections placed 
between the steel beams (Art. 146). Another form 
of construction occasionally used is that of employ- 
ing light steel members between the beams which 
serve as a form for the slab (Art. 147). Slabs of 
gypsum, either pre-cast or cast-in-place, are also a 
comparatively recent type of floor construction with 
a basic steel frame. 

The typical plank floor, no matter how supported, 
may also be considered broadly as an elementary 
type of solid slab construction. 
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141 . Use ef Wood Carrying Floors with Steel 
Frame. 

A carrying floor of wood, such as a plank floor, 
combined with steel beams and girders, is naturally 
not considered first class construction. Plank or 
l amina ted floors, either laid flat or laminated, span- 
ning between steel girders, with no intermediate 
supporting beams, are sometimes used in certain 


types of mill construction. Such framing should 
be used only with restrictions and built under the 
control of rigid specifications. It is almost always 
confined in its use to factory floor construction. 
Occasionally for semi-mill construction, plank floors, 
wood floor beams and steel girders are used. This 
type is also subject to rather confining limitations. 
Framing of both of these types is discussed in 
Book 1.* 


Section 10a 

CINDER CONCRETE SLABS 


142. Typical Construction. 

Cinder concrete slabs are quite commonly used 
with a steel frame because of the relatively light 
weight, both of the slabs and of the beam protection, 
and also on account of the minimum requirements 
of slab thicknesses and limiting spans. The latter 
are stipulated in order to assume proper limitations 
upon a material which has a lower compressive 
strength than stone concrete, and to provide mini- 
mum fire protection. 

SPECIFICATION CLAUSEf 
Cinder concrete slabs Bhall not, lie loss than 
four inches thick; they shall not exceed eight 
feet in span. 

When the span exceeds 6'-0", special care must be 
exercised in the inspection of the details of construc- 
tion and the removal of forms. For this reason, 
designers avoid spans greater than this, and thereby 
often effect greater economy. Some specifications 
require that the thickness of the slabs shall not be 
less than -fa of the span. Figure 228 illustrates the 



C/urwe/ CCfafon PStiffbM mnr Arft P/as/ir- 


Fig. 228 

typical construction. Wire reinforcement (Art. 
106) is the more commonly used for such work, os 
only small amounts of reinforcement are required 
for medium spans, as the strength of the cinder 
concrete itself limits the strength of the combination. 
Light rods are relatively expensive on account of 

* Volume II, " Architectural Construction," Book 1, "Wood Construc- 
tion," Voss and Varney, John Wiley & Sons, Inc. 

T The Building Law of the City of Boston. 


the increases over the base price (Art. 104) and this 
is another reason in favor of wire reinforcement. 

The weight of the dead load per square foot of 
floor may be obtained in the usual way by reference 
to Table 30. It should be remembered that the 
values of /*,/„ n, p, k,j and K, in the design formu- 
las vary considerably from those for stone conercto 
(Art. 103). 

SPECIFICATION CLAUSE! 

The allowable extreme fibre stress in com- 
pression in cinder concrete slabs between steel 
beams shall not exceed 300jf/a". The ratio of 
the moduli of elasticity of 1 : 2 : fS cinder con- 
crete and steel shall be taken as 1 to 30. 

The mix of cinder concrete should never be leaner 
than 1:2:5. In common instances 1 : 2 : 4 is the mix 
used, in which case the value of f c may be increased 
(Table 33). In order to obtain reliable concrete, 
the specifications usually require clean, well-burned, 
steam-boiler cinders. The tension reinforcement 
should never be less than 0.12%. 

The value of /, is usually taken as 18,000#/ci" 
(Art. 102), because of the wire used. 

Illustrative Prob. 142a. Determine the value of K for 
f c = 3(XWd" and/, = 18,000#/u'\ 

n * 30 

p ft- — - 0.0028 

f‘( k I A 18,000/ 18.000 \ 

fc\n-fc ) 300 1,30 X 300 / 

k » y/2 p • n -j- (p • n)* — p • n 
p • n - 0.0028 X 30 = 0.084 
2 p • n * 0.168 
(p • n) a - 0.007 
Sum » 0.175 
VSum = 0.420 
p • n ■» 0.084 
k - 0.330 

j = 1 _ J k = 1.000 - - 0.888 

3 

tf-i A - JX300X 0.336 X 0.888 - 44.7 

| The National Board of Tire Underwriter.. 



224 


DESIGN OF FLOOR CONSTRUCTION 


Before the dnaign of the slab is undertaken, the and the materials should be estimated for each ease, 
arr angement of the beams in a typical panel must in order to arrive at the most economical and 
be at l eas t temporarily decided. Beams should be practicable construction to use. 



Fig. 229. One-Way Cindeh Concuete Slab Panel, Beams and Gihdehs of Steel 


used at or near the column center-lines to provide 
stiffness in the floor construction and to brace the 
frame. Such beams will also act as temporary 
bracing until the concrete is cast. The girders 
which support the floor beams will naturally be 
placed on the column center-lines and will run in 
the opposite direction. The panel should be divided 
into sections of equal length when possible, and 
should be two, three or four in nmnbcr, depending 
upon the span of the girder. A close spacing of the 
beams gives a smaller slab thickness but may in- 
crease the cost of the steel frame. For practical and 
economical reasons, thin slabs are more expensive 
and difficult to construct and reinforce, although, 
theoretically, they require less material. Minimum 
thicknesses are specified, as already stated, and 
6'-0" spans represent a good average. One or more 
alternate designs should be made for a typical panel 


Illustrative Prob. 142b. Check the sizes of the slab, beams 
and girder for the typical panel shown in Fig. 229. Assume 
columns 10" H sections. 

L.L. = 60 
1" Fin. Fir. = 3 

1" Sub. Fir. = 3 

2" Cinder Concrete Fill = 16 
4" Cinder Concrete Slab * 36 
Susp. Ceil. « 15 

T.L. = 133#/a' 

M * “ 1-0 W • L* in. -lbs. 

L = 5'-0" 

M - 1.0 X 133 X (5)* 

- 3300"# 

f c =» 300#/d" /, = 20,000#/d" 

K « 41.3 (similar to Table 34) 



SOLID SLAB CONSTRUCTION 


226 


d 


A, 


X.i/ 

Kb X < 


3300 

41.3 X 12 


2.59" 


Use 4" slab 
d - 3.0" 


M _ 3300 

U i-d *20,000 X4X3.0 


0.059a" 


Refer to Table 37. Use A. S. Sc W. triangular mesh 

Style 0.58 R 

Long, wires #10 ga. — 4" o.c. 
Cross wires #12J ga. — 8" o.c. 


Beams. 


Load per foot « 5 X 133 
Beam 


F.P. 


C-^)x 


108 


665 

32 

65 


T.L. - 762#/ft. 

M - 1.5 X 762 X (20) 2 = 456,000"# 

/ ^ 456,000 ^ g 6 „, 
c 16,000 

Use 12 1 31.8 

- * 36.0" 1 
c 

Girders. 

Beam concentration =* 762 X 20 = 15,240# 

FP ^ x »-,. ) xi08 . i25 

Beam = 65 


180#/ft. uniform 


End reaction (due to concentrations) *= 22,860# 
Moment (due to concentrations — see Fig. 229) 

22.86 X 10 - 15.24 X 5 * 152,400 


Moment due to uniform load 


w • L\ _ 180 X (20) 2 
8 8 


9,000 


1 

c 


Moment (total) = 161,400'# 


161,400 X 12 
16,000 


119.0" 3 


Use 20 I 65.4 

/ * 

- - 117.0"* 
c 


(< 2% overstressed.) 


For the limits discussed, the slab thickness will 
practically always be 4", but the reinforcement may 
be varied according to the loads and the slab spans. 
Consequently, slab tables, such as Table 58, may be 
used to avoid computations in many instances. 

Prob. 142c. Determine the value of K for f c «■ 300#/a", 
/, - 16,000#/a" and n * 30. 

Prob. 142d. Check the sizes in the floor frame shown on 
PI. 151, Vol. I, the City House. The corresponding archi- 
tectural plan is shown on PI. 150 in Vol. I. liefer to Fig. 
195, Vol. I, and the accompanying discussion. Cinder con- 
crete slabs. 

Prob. 142e. Design a typical interior panel 2t'-0" X 
21 ; -0" of cinder concrete slabs and steel supporting beams. 


Use 5 -3" spacing of beams. L.L. « 75#/cj / . Double wood 
floors 2" cinder fill, and suspended ceiling. UBe/ c - 300#/a". 
/, - 18,000#/a" and n - 30 for the slabs. 

Prob. 142f. Check the Bizes shown in Fig. 342 of Vol. I, 
the Bush Terminal Budding. Plates 315 and 320 of that 
volume show the corresponding architectural plan. 


TABLE 58 

SAPE LOADS FOR 4" CINDER CONCRETE SLABS* 


Span 

T.L. 

Lba./Sq. 

Ft. 

Rcq’d 

Steel 

Sq. In. per 
Ft. Width 

Spun 

T.L. 

Lbd./Sq. 

Ft. 

Reel'd 

Steel 

Sq. In. per 
Ft. Width 

4MT 

86 

.0432 

5'-6' 

86 

.0432 


111 

.0432 


111 

.0432 


13G 

.0432 


136 

.0528 


161 

.0432 


161 

.0625 


186 

.0432 


186 

.0722 


211 

.0433 


211 

.0818 


236 

.0484 


236 

.0916 


261 

.0535 


261 

.1012 


286 

.0587 


280 

.1110 


311 

.06:18 



.1206 


336 

.0689 


336 

.1303 


361 

.0741 


361 

.1400 


386 

.0792 


386 

.1407 


411 

.0843 


411 

.1594 


436 

.0895 


436 

.1691 

4'-6' 

86 

.0432 


86 

.0432 


111 

.0432 


111 

.0513 


136 

.0432 


136 

.0628 


161 

.0432 


161 

.0744 


186 

.0483 


186 

.0859 


211 

.0548 


211 

.0974 


236 

.0613 


236 

.1089 


261 

.0678 


261 

. 1205 


286 

.0743 


286 

.1320 


311 

.0808 


311 

.1436 


336 

.0873 


336 

. 1551 


361 

.0938 


361 

.1666 


386 

.1003 


386 

.1782 


411 

.1068 


411 

.1898 


436 

.1133 


436 

.2014 

s'-o* 

86 

.0432 

6'-6' 

86 

.0466 


111 

.0432 


111 

.0601 


136 

.0436 


136 

.0736 


161 

.0516 


161 

.0872 


186 

.0597 


186 

.1007 


211 

.0677 


211 

.1143 


236 

.0757 


236 

.1278 


261 

.0837 


261 

.1414 


286 

.0917 


286 

.1549 


311 

.0998 


311 

.1685 


336 

.1078 


336 

.1820 


361 

.1158 


361 

.1955 


386 

.1239 


386 

.2091 


411 

.1319 


411 

.2226 


436 

.1399 


436 

.2362 


* See continuation of table, page 226. 
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TABLE It* — Continued 


Span 

T.L. 

Lbs./Hq. 

Ft. 

HeqM 

Steel 

8c|. In. per 
Ft. Width 

Span 

T.L. 

Lbs./Sq. 

Ft. 

Req’d 

Steel 

Sq. In. per 
Ft. Width 

r-o" 

86 

.0540 

8 '- 0 ' 

86 

.0706 


111 

.0697 


111 

.0911 


136 

.0855 


136 

.1116 


161 

.1011 


161 

.1321 


186 

.1168 


186 

.1526 


211 

.1325 


211 

.1732 


236 

.1481 


236 



261 

.1639 


261 

.2142 


286 

.1796 


286 

.2346 


311 

. 1053 


311 

.2553 


336 

.2110 


336 

2758 


361 

.2267 


361 

.2963 


386 

.2424 


386 

.3168 


411 

.2581 


411 

.3374 


436 

.2738 


436 

.3579 

7'-6* 

86 

.0620 





111 

.0800 





136 

.0981 





161 

.1160 

• Table baaed upon /- - 300f/D 


186 

.1341 

and /. ■■ 

20,000#/CT. 

For /, - 


211 

.1522 

other values, i.e., 18,000 #/□' or 


236 

. 1701 

lH.OOOl/U', areas of steel may be 




obtained by inverse proportion. 




for spa 

ns greater tl 

tan 8'-0 v , use 


j 261 

.1882 

Mtone concrete slabs. 



286 

.2061 

Dosed on M - ~~ 

For^. 


i 311 

1 336 

.2243 

.2423 

10 12 

use values corresponding to spans 


i 


10% lens. 

For-- 

use values 


361 

.2603 

corresponding to spans 23% greater. 


386 

.2784 





411 

.2964 





436 

.3145 





143. Variations From the Typical Construction. 

In special instances, the position of the slab with 
respect to the depth of the floor beams may be varied. 
In the typical section shown in Fig. 230 the plaster 
may be applied directly to the soffit of the slabs and 
to the beam protection, making a paneled ceiling, or 
this effect may be increased by introducing false 
beams of light furring covered with wire lath and 
plaster. In the typical construction, the mesh is sup- 
ported on the tops of the beams and is often allowed 
to sag to the proper distance from the bottom of the 
slab, usually specified to be not less than f An ob- 
jection to the use of wire reinforcement so placed is 
the danger of the mesh sagging out of position. 
This situation is improved by aligning the mesh to 
raising rods as in Fig. 230 (A). 

To overcome these objections, an alternate method 
of construction is to use a heavier and stiffer form of 
reinforcement, which is called permanent centering, 
such as Hy-rib, T-rib chanelath, and self-sentering, as 
shown in Fig. 230 (a) and (b). The center of gravity 
of such reinforcement is about 0.3" above the bottom 
of the mesh, and this feature should be taken into 


account in the calculations for slab depths. Sectional 
areas of such reinforcement are given in Table 38. 
Considerable (prm work is eliminated by using this 
reinforcement. In (a), the centering is supported by 
the beam side forms, and in (b) by the terra cotta fire- 
protection blocks, which incidentally eliminate the 
forms for any beam protection of concrete. An ob- 
jection to such methods is that it is difficult to obtain 
sufficient fire-protection underneath the centering. 
For spans greater than 5'-0", it should be partially 



Fig . 230 


supported at mid-span by runner bars parallel to the 
beams (usually j" channels) suspended by wires 12" 
to 16" o.c., to prevent excessive sagging. Figure 230(c) 
shows another form of construction to eliminate beam- 
side forms. It avoids the sharp junctions of the slabs 
and beams and is satisfactory if the resulting ceiling 
effect is not objectionable. Another method of sup- 
porting the permanent centering is shown in Fig. 230 
(d), in which it rests directly on top of the I-beams. 
This provides additional headroom between the 
beams. For heavy loads or long spans, wire mesh 
should be added in the tops of the slabs over the 
I-beams, as shown in (e), to provide for the negative 
moment at the supports. Figure 230 (/) shows a form 
of flush ceiling construction, and (g) a variation of the 
same with permanent centering. An objection to such 
construction is the thick and unnecessarily heavy 
cinder fill required. There are also several patented 
systems on the market for reinforcing concrete slabs. 
Figure (i) shows the Columbian patented construction. 
Except for the features noted, the design of the forego- 
ing slabs is similar to that already discussed (Art. 142). 
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Illustrative Prob. 148a. Design a slab to span 6'-0", 
using the construction indicated in Fig. 230 (a). L.L. 
m 60#/a'. Use 1:2:5 cinder concrete. 


L.L. - 60 
f" Fin. Fir. * 3 

Sub Fir. - 3 

2" Cinder Fill » 16 
4" Slab - 36 
Plaster « __8 
T.L. - 126#/o' 


- 300#/a",/, - 18,000#/a 
n - 30, A r - 48 

M » 1.2 w • L* 

- 1.2 X 126 X (6)* 

- 5430"# 


n 


d 

A, 




5430 
48 X 12 
5430 


- 3.07" 


18,000 X I X 3.5 


0.09a" 


Use 4" slab 
(d - 3.5) 


(Table 38) 

Use §28 ga . T-rib chaneUUh 


Prob. 143b. Design a typical interior panel 20'-0" X 20'-0" 
for the construction indicated in Fig. 230 (/). Use 5'-0" 
spacing of beams. Assume 10" cinder fill. 


Section 10b 


STONE CONCRETE SLABS 


144. Typical Construction. 

Floor construction with stone concrete slabs and 
steel supporting beams is in many ways similar to 
that when cinder concrete is employed. Figure 
231 shows a section of a typical floor. Floor beams 
should be located on the column center-lines for the 
reasons given in Art. 142. The intermediate beams 
are usually spaced farther apart than for cinder 



Fig. 231 

concrete slabs, as those of stone concrete are stronger. 
Since the minimum thickness of floor slabs is gener- 
ally specified as 4", the beams should be spaced far 
enough apart to develop the maximum efficiency of 
such a slab, at least. 


Illustrative Prob. 144a. What is the maximum spaa for a 
4" stone concrete slab for a L.L. of 60#/d', typical con- 
struction? Use 2000# concrete. 


L.L. - 60 

M - 1.2 w • L* 

Fin. Fir. = 3 

- 1.2 X 137 X L» 

Sub Fir. = » 

fc = «50#/a" 

2" Cinder Fill - 10 

f, - 10,000#/o" 

4" Stone Conor. Slab = 50 

n - 15, K » 107.4 

PI. Ceiling — 5 

M r =• K • 6 • 

T.L. - 137#/a' 



For 4" slab, d * 3.0" * 

107.4 X 12 X (3.0)* - 1.2 X 137 X 
L - 7.04' 

Use 7'-0" span 

From the above illustration, it is seen that the 
spans may be larger than those for cinder concrete 
slabs, of course depending upon the loads. For this 
reason, small rods are more commonly used for 


reinforcement in such construction, as the required 
areas of steel often exceed the values available with 
mesh reinforcement. However, for light loads and 
relatively short spans, mesh reinforcement may be 
used, as discussed in Art. 106, or the relation of the 
slab to the supporting beam may be varied, as con- 
sidered in Art. 143. 

The usual spacing of beams is from 6'-0" to 8'-0". 
One-way slabs spanning all the way between girders 
on the column center-lines in one direction is heavy 
and expensive construction, and is seldom resorted 
to unless extremely close conditions of hfcadroom 
control. The thicker slab would be an advantage 
in resisting accidental, concentrated loads, but it is 
relatively expensive. For slabs and steel beams 
with girders in one direction only, the dead load is 
not materially in excess of concrete joist construc- 
tion. The former provides better resistance to con- 
centrated loads than the thin slab between the 
joists. The heavier reinforcement in the joist-floor 
allows easier placing of steel. Less headroom is 
required in the latter type (under the beams) if a 
flat ceiling is desired, although paneled types of 
ceilings may be worked out with the steel cross 
beams as a basis in the slab type. A disadvantage 
of the slab and beam floor is that no standard forms, 
similar to joist construction, are available. 


Illustrative Prob. 144b. Calculate the required Rises for 
a L.L. of 60#/ a' and a 20'-0" X 20'-0" panel, as indicated 
by the typical engineer’s sketch in Fig. 232. Use Boston 
Law. 


L.L. = 60 
Fin. Fir. - 3 

Sub Fir. - 3 

2" Cinder Fill - 16 
4" Slab - 50 
PI. Ceiling * 5 


Typical span fully continuous 

Use M - v ^-~ = 1.0 w ■ L*"f 

fc = 0.325 X 2200 - 715#/d" 
f s = 18,000/ji/a", n - 15 
K - 125. 


T.L. = 137#/o' 

Use one intermediate beam, slab span, L — 10'-0" 
M « 1.0 X 137 X (10)* - 13,700"# 


d 



1 3,700 
125 X 12 


3.02" 


Use 4" Slab 
(d - 3.0") 
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A, 

i"* 


m M 13,700 

m f, -j-d' 18,000 X 1 X 3.0 

- 0.11O" — - 2.63 — 

0.11 2.63 


0.290" 

4.6 


|" * - 0.196 - 1.48 12- - 8.1 

* 0.196 1.48 

Use i'V — 8" ox. 
Bend up every other rod 
Load on beam - 10 X 137 - 1370#/ft. 

Beam and haunch » 190 (see Prob. 140a) 

T.L. - 1560#/ft. 

M - 1.6 v • L' - 1.5 X 1560 X (20)* - 936,000"# 
J_M_93M00 ,, 

c 8 16,000 

Use 15 I 42.9 


The computations for the reinforcement required 
for slabs may often be minimized by the use of slab 
tables, such as Table 59, if the conditions surround- 
ing the design correspond with the tabic. The rods 
which are used for slab reinforcement are usually 
bent at the quarter-points of the span and extended 
to the quarter-point of the adjoining span, to pro- 
vide for negative moment. That is, a rod is bent 
at one end to the top of the slab and remains 
straight at the other end in the bottom of the slab, 
as illustrated in the section in Fig. 232, so that 
every other rod at a support is bent up, and all 
rods are bent at one end only. Since the same is 
done for each panel, there are as many top rods at 



Fig. 232. One-Way Stone Concrete Slab Panel, Beams and Girders of Steel 


r * w * L « 1500 X 20 _ ^ „ the supports as there are bottom rods at mid-span. 

1 “ 2 2 1 f When the negative moment is larger than the posi- 

Concentration on girder = 31,200# • tivc moment, as is occasionally the case, extra 

M _ P-L a 31,200 x 20 _ 156 m ,0 = 1>870>000 ;/ # straight rods should be added over the support to 

4 4 ’ ' make up the difference 

Beam and haunch = 240#/ft. 

Af m 1.5 w • L* ** 1.5 X 240 X (20)* 144,000 Prob. 144c. Design atypical interior panel 18'-0" X 18'-0" 

Total M * B 2,014,000", of stone concrete slab and steel beam construction for a L.L. 

/ 2,014,000 _ of 150#/a'. Use a 9M>" spacing of beams. 1" granolithic 

c * 16,000 ‘ finish floor, no fill. Use Sc “= 650#/a" and /, * 18,000#/a" 

Use 18 1 75 for the slabs. 
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TABLE 59 


SAFE LOADS FOR 4" STORE CONCRETE SLABS* 


Span 

□ 

Req’d 

Steel, 

Sq. In. per 
Ft. Width 

Span 

E|3 

Req'd 
Steel, 
Sq. In. per 
Ft. Width 

Span 

E!9 

Req'd 

Steel, 

Sq. In. per 
Ft. Width 

4 '- 0 ' 

100 

.0432 

5 '- 6 ' 

100 

.0432 

7 ' 4 >* 

100 

.0545 


125 

.0432 


125 

.0432 


125 

.0681 


150 

.0432 


150 

.0504 


150 

.0817 


175 

.0432 


175 



175 

.0053 


200 

.0432 



.0673 



.1069 


225 

.0432 



. 0756 . 


225 

.1225 


250 

.0445 


250 

.0840 



.1361 


275 

.0480 


275 

.0924 


275 

.1497 

* 

aoo 

.0534 


300 

.1008 



.1633 


325 

.0578 


325 

.1092 


325 

.1770 


350 

.0622 


350 

.1176 



.1906 


375 



375 

.1260 


375 



400 

.0711 


400 

.1344 


400 



425 

.0755 


425 

.1428 


425 

mKmzm 


450 

.0800 


450 

.1512 


450 

.2450 

4 '- 6 ' 

100 

.0432 

O'-O' 

100 

.0432 

7 '- 6 * 

100 

.0625 


125 

.0432 


125 

.0500 


125 

.0782 


150 

.0432 


150 

.0000 


150 

.0938 


175 

.0432 


175 

.0700 


175 

.1094 


200 

.0450 


200 

.0800 



.1250 


225 

.0506 


225 

.0900 


225 

.1407 


250 

.0563 


250 

.1000 


250 

.1563 


275 

.0018 

; 

275 

.1100 


275 

mm 


300 

.0675 


300 

.1200 


300 

19|(#W 


325 

.0731 


325 

.1300 


325 

wmr'Mmi 


350 

.0787 


350 

.1400 


350 

.2188 


375 

.0843 


375 

.1500 


375 

.2345 


400 

.0900 


400 

.1600 


400 

.2500 


125 

.0056 


425 

. 1 700 


425 

.2657 


450 

.1012 


450 

.1800 


450 

.2814 


100 

.0432 

6 '- 6 ' 

100 

.0470 

8 MT 

100 



125 

.0432 


125 

.0587 


125 

fWvirrfl! 


150 

.0432 


150 

.0705 


150 

mSMh 


175 

.0486 


175 

.0822 


175 

.1244 


200 

.0556 



.0940 


200 

.1422 


225 

.0625 

j 

225 

.1056 


225 

.1600 


250 

.0695 

i 

250 

.1174 


250 

.1778 


275 

.0764 

i 

275 

.1291 


275 

.1956 


300 

.0834 


300 

.1408 


300 

.2133 


325 

.0903 


325 

.1526 


325 

.2311 


350 

.0972 


350 

.1643 


350 

.2489 


375 

.1042 


375 

.1761 


375 

.2667 


400 

.1111 


400 

.1878 


400 

.2845 


425 

.1181 


425 

.1995 


425 

.3022 

i 

450 

.1250 

i 


450 

.2113 


450 

.3200 


' Baaed on f c • M0§/O m and f s • 20,000#/D'. For other values of / Jt such as 16,00 0#/CT, and 18,000#/Q* I 
area of steel may be obtained by inverse proportion. 

For M — , use data for spans 10% greater than listed. For M — , use data for spans 25% less than 

tabulated. 

Based upon Jlf — — . 

Weight of slab deducted. 
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14B. Two-Way Slabs and Steel Girders. 

An alternate type of construction employing 
concrete slabs and a steel floor frame is the use of 
structural steel girders on the column center lines 
in both directions, supporting a stone concrete slab 
reinforced in both directions, as illustrated in Fig. 233. 
The girders in each direction help to brace the 
columns and to stiffen the frame. This type of floor 
is not as common as the use of intermediate beams 
and slabs, but when the panels are square, or nearly 
so, some economy in the slab design may be effected. 
The design and limitations of slabs reinforced in two 
directions is discussed in Art. 107. 

The load brought to the girders by two-way slabs 
is not uniformly distributed and the moment and 
shear calculations for such members involve special 
considerations. It is consistent to assume that the 
load on a panel is distributed to the supporting 
girders in the same ratio that the slab was de- 
signed for, in the two respective directions. The 
ratio carried in the transverse direction of the slab 
is expressed by 

r = ^ — 0.5 (Art. 107), 

Lb 


and the remainder is carried in the longitudinal 
direction of the slab. Thus if a 12'-0" X 14'-0" 
panel carries a total load of 240 #/cj' and is reinforced 
in both directions, the following girder loads result: 

L l = 14'-0" L b = 12'-0" 

r = — 0.5 = 0.66 

12 

Total load on 14'-0" girder from one panel 
0.66 X 240 X 14 X 12 _ ^ 


Total load on 12'-0" girder from one panel * 
0.34 X 240 X 14 X 12 


If a girder is an intermediate one, the load is of 
course that from two panels. For square panels, 
the load from one panel upon a girder is obviously 
one-quarter of the panel load. 

The distribution of the load on a particular girder 
is not uniform and varies according t6 the ordinates 
of a parabola. 


Loads on 
Beams from 
Two-way 

Slabs 


SPECIFICATION CLAUSE* 

Beams supporting rectangular slabs rein- 
forced in both directions shall be assumed to 
take the proportions of load as determined by 

the formula in this section (r — - — 0.5), the 

0 


• The Building Law of the City of Boston. 


distribution of the load heing assumed to vary 
in accordance with the ordinates of a pamM s 
having its vertex at mid-span. 

Such a variation is represented in Fig. 233 (a). 
The maximum moment for a simply supported beam 
may be expressed as follows: 


ilfnu 


2 2 2 * 16 32 


( 1 ) 


in which W is calculated as illustrated above. 
Some engineers assume a triangular distribution of 
load, as illustrated in Fig. 233 (6), in order to avoid 
the calculations based upon the assumption of para- 
bolic distribution. The moment in such a case may 
be expressed as 


2 2 2 6 


W • L 
6 


( 2 ) 


for a simply supported beam. By comparing for- 
mulas (1) and (2), it is seen that the second is 
slightly larger and is on the safe side, as 


32 


= 0.156 and J 


0.167. 


Illustrative Prob. 145a. Design a typical interior panel 
20'-0" X 20'-0" for a L.L. of 60#/a', using a two-way slab 
construction. 


L.L. - 00 
1" Fin. Mr. - 3 

i" Sub Fir. = 3 

2" Cinder Fill - 16 
5" Slab = 63 


r = - 0.5 « 1.0 - 0.5 - 0.6 

Lb 

(Square panel) 
Basic moment, M = — '# 


Plaster Ceil. = 5 Fully continuous 

T.L. = 150#/d' 

M « 0.5 X 1.0 X L50 X (20)* ~ 30,000"# 

■'ViSniy- 4 ' 5 v “ v ’ a * 

Assume rods 
d (upper layer) = 4.5 


30,000 

* ~ 18,000 X i X 4.5 

As - 0.42" Use rods — 6" o.c. middle half 

of panel, and 
|"0 — 12"o.c. outer quarters, 
lN»th ways. 

Total floor load on girder, I X 20 X 20 X 150 = 15,000# 

2 


30,000 

10 V 12 

Beam stem — — — X 150 X 20 = 2,500 
144 

W - 32,500# 

= 5 W k >§ = B x a2 ’5°° . X 20 _ joj goo,^ 


/ 101,300 X 12 

c “ 16, 000 


76.1"’ 


Cue 18 I 54.7 


Figure 233 shows a design sketch. 
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Illustrative Prob. 145b. Design a typical interior panel 
16'-0" X 18'-0" for a L.L. of 150#/a', using a two-way slab 
construction. 


L.L.-150 0.5.^-O.fi^ 

1" Grano. - 12 L B 16 

8" Slab- 100 „ . . wl? 

PL Ceilmg * 5 12 

T.L. - 267#/a' Fully continuous 


>0.62 


Load on 18'-0" girder 

, 0.62 X 267 X 16 X 18 


2 X 


2 


Beam stem X 160 X 18 

144 


47,500 

2,900 


W - 50,400# 

Load on 16'-0" girder 

2 X 0.38 X 267 X 16 X 18 


■ 

j. . 

Bl 

1 

HI 

■ 


j 

r 


1 

■i 

!■■■■ 

■ HI 

IB 

-3 

IS 

r-i 



mm m 

ll 

■ 

■ 

m ■ 

ll 

m 

ail 

ii 

MM ■ 

■1 

i mm 

1 

■ 



■ 1 

imam 

m wmmmmm 

■ 1 

M ■ 

immmm 

«■ l 

■■ 

3 

!■ 

■ mm 

N. 

3 

CO 

1 


mm m 

i 



I 

1 

mmmmm a 

■ ■■ 

■ M 

I 


■ 

■ mmmmmm 

MM 



E 

- 


■ I 

IHHHI 

mmammmw 

■■ 

mmmmm i 

!■ 

• 


I 

■ 

!! 

m 

m\ 

!! 

9 

!! 

a 




1— 

■i 

iwmmm 

zmmml 

ii 

■■1 

in 

fWK 

m 

■ 

1 

H 

H 


i 

■ 


■ 

1 

UH 

”| Wo” 

n 




Fig. 233 



M = 0.62 X 1.0 X 267 X (16)* - 42,400"# 
(Transverse direction) 


d 

As 




12.400 
117 X 12 

42.400 

18,000 X I X 6 


5.5 


0.45D" 


Use 7" slab 


Use S ”4> — 6" o.c. middle half panel 

— 12" o.c. outside quarters — trans- 
verse 


M - 0.38 X 1.0 X 267 X (18)* = 32,800"# 
(Longitudinal direction) 


As 

d 


32,800 

18,000 X l X 6.38 


- 0.386a" 


6.0 — 0.62 * 5.38 for upper layer 

Use J"* — 9" o.c. middle half panel 
|"$ — 18" o.c. outside quarters — 
longitudinal 


Beam stem X 150 X 16 ■ 1,900 

144 

W - 31,100# 

The design of the girders is similar to that of Illustrative 
Prob. 145a. 

Prob. 146c. Design a typical interior panel 18'-0" X 18'-0" 
for a L.L. of 100#/u', using a two-way slab. Wood floor. 

Prob. 145d. Determine the sizes of the members and the 
necessary reinforcement for a typical interior panel 12'-0" 
X 14 # -0" for a L.L. of 60 #/d". Use two-way slab. 1" 
granolithic finish floor. 

Prob. 145e. What are the value* of the moments for 
the design of the slab in Prob. 145rf if the panel under con- 
sideration is an end panel in the 12'-0" direction and a mid- 
panel in the 14'-0" direction? What are the values for a 
comer panel? 
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146. Sectional Systems. 

Several patented systems have been on the market 
which involve the use of pre-cast sections. These 
are placed between steel beams instead of cast-in- 
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place slabs. The sections are made of a fairly rich 
mix of concrete with small sizes of aggregates, and 
are reinforced with steel rods or other metal. Dis- 


advantages of such construction are that breakage 
is a considerable item during the transportation and 
erection, relatively high costs arc oftcu the case, 
and it is necessary to use a uniform spacing of floor 
beams, which is not always practicable. Figure 
234 (a), (6), (c), and (d) shows the Waite, Sicgwart, 
Climax, and Watson systems, respectively. They 
are most adaptable for standardized buildings. 

147. Steel Form Floors. 

An alternate form of floor construction which is 
used occasionally with a steel frame is that in which 
light steel meml>crs arc used to carry the load be- 
tween the floor beams, combined with a light con- 
crete to act as a fill. Plain steel plates, patented 
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types, such as “ Buckeye ” or “ Multiplex, or 
various kinds of trough plates have been used for 
such work. Some of the latter are illustrated in 
Fig. 235. Such types of floors have been confined 
principally to steel mill buildings and the like. 

148. Segmental Arches. 

Segmental arches of concrete, sprung between 
steel beams, is another alternate, though uncommon, 
type of floor (Art. 139). 


Section 10c 

GYPSUM SLABS 


149. Pre-Cast Construction. * 

A form of construction which is adapted for light 
loads, and which has been quite recently placed upon 
the market, is that of using factory moulded units 
of gypsum supported by standard rolled structural 
steel channels, spaced 30" o.c., spanning between 
structural steel girders, t Figure 236 shows a per- 
spective view of this construction. 

The slabs are made of high grade calcined gypsum 
and a small percentage of fine wood planer chips, 
which act as a binder. Water is added and the 
whole automatically mixed, and then cast into steel 
molds. When dry, these arc shipped to the job for 
erection. The ceiling slabs are all one standard 

* For illustrations and section-moduli of various types of such plates, 
sec M. S. Ketchum'n “ Structural Engineers’ Handbook,” McGraw-Hill 
Publishing Co. 

t Called Pre-Cast CiypHteel Floor Construction, patented and furnished 
hy the Structural Gypsum Corporation, New York City. 


sizo, 30" X 24" X 2" and are reinforced by two 
X flat steel bars placed on edge. These span 
from back to back of channels, and are supported by 
|" X 1" flat steel hangers damped over the flanges 
of the channels. The ends of the reinforcing bars 
in the ceiling slabs project about 1" t>eyond the ends 
of the slab and are made to pass through a slot cut 
in the ends of the hangers. The ends of the rein- 
forcing bars, as well as the ends of the hangers, fit 
into pockets left in the slabs. The floor slabs are 
set after the ceiling slal>s are in place. These are 
also of one standard size, 30" X 24" X 2.j", and 
are reinforced with cold-drawn stool wire rods 
1 » f " $ — 0" o.c. These rods extend 2J" beyond 
each end of each unit at a plane about below the 
top of the slab. The ends of the rods are caught 
together and twisted hy a mechanical device and 
hammered down into pockets left in the slabs to 
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receive them. Both floor and ceiling slabs are 
rabbeted on the edges. The slots thus formed, and 
the pockets previously mentioned, are filled with 
gypsum grout. 

The flanges of girders which project below the 
ceiling are given protection by soffit slabs, either 2 ft 
or 3" thick (depending upon building code require- 
ments), held in place by f" X J" steel straps at- 
tached to the upper flanges. These slabs are re- 
inforced in a manner similar to the other slabs, and 
extend l\" beyond the toes of the girder flange on 


slabs until they are tied and grouted into place.* 
Tie-rods (about 5'-0" o.c.) should be used to give the 
channels lateral support (Art. 11). In a given 
panel, the tops of all the supporting channels must 
be level, and these members must of course all be of 
the same depth. Figure 237 shows common details 
for the floor construction, and Fig. 238 illustrates 
special details often required, and Fig. 239 shows a 
typical installation. 

The strength of the floor slabs, based upon sup- 
ports 2'-6" o.c., has been shown by tests to be safe 



each side. Projecting webs of the girders are pro- 
tected by special haunch slabs or by casting in faces 
of gypsum composition. A 2" cinder concrete fill 
is placed on top of the slabs and the finish flooring 
is placed in the usual way. 

Certain precautions should be taken with respect 
to the structural steel supporting frame. If con- 
venient, the column spacings in a direction parallel 
with the girders should be in multiples of 2'-fi". 
This means that tie-beams for the columns can then 
be employed without complicating the framing. If 
special beams arc required for one reason or another 
in a direction parallel to the channels, they are not 
counted upon as a part of the floor construction. 
Section R~E in Fig. 237 shows a detail of this kind. 
The spacings of 2'-6" for the channels should be 
worked out so that any odd amounts (less than 
2-0") occur adjacent to the sides of the panel. 
The slabs can be cut in the field for such conditions. 
The channels may be placed 1£" or 2" below the 
tops of the girders in order to eliminate coping. 
This also reduces the amount of fireproofing neces- 
sary for the girders. If the flanges of the floor 
channels arc less than 2$" wide, it is necessary to 
use special temporary bearing plates to support the 

* The floor slab® span from center to renter of channel flanges, and a 
bearing of at least li" is necessary for oaqh slab. The temporary bearing 
plates are furnished with the slabs in such cases. 


for loads up to 15G#/a', showing a high factor of 
safety. For purposes of design computations, the 
following weights are convenient: 


Steel channels (average) Sjf/a' 

2J" floor slabs 12 

2" ceiling slabs 9 

2" cinder fill 16 

2" soffit blocks 9f 

3" soffit blocks 14 f 

2" haunch blocks 9f 

Finish flooring (See Table 30) 


Some of the advantages claimed for this type of 
construction are: 

(1) Form work is eliminated, thus expediting the erection 
and allowing free space under the floor, 

(2) No water is necessary (except for negligible amounts 
for grouting), thus eliminating time required for setting and 
drying out, as well as inconvenience in the story below, 

(3) A low dead load of floor construction is possible l)ecause 
of the light weight of the gypsum slabs, 

(4) The construction is favorably resistant, to sound trans- 
mission, and the heat conductance is low, 

(5) The erection can be carried on at temperatures when 
there might be danger from freezing in other forms of con- 
struction. 

Some engineers do not consider that the construc- 
tion is as fire-resisting as that involving concrete 
slabs and protected steel, however. 

t Calculated for surface areas of girder projections only. 
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Prob. 149a. Determine the sues of channels, tie-beams, 
and girders for a typical panel of pre-cast gypsum slab floor 
construction 20'-0" square, with a double wood finish floor. 
Assume 10" H columns. Make an engineer's sketch of the 
panel. 

180. Poured-in-place Gypsum Slabs. 

A variation of the use of gypsum slabs is that of 
employing the composition discussed in Art. 149, 


although quick removal of forms is possible. The 
pre-cast slabs offer the advantage of a flush ceiling. 
A suspended ceiling could be used for the cast-in- 
place construction, although it would be more diffi- 
cult to obtain satisfactory results and would bo 
comparatively expensive. Practically the same 
advantages niay bo. claimed, otherwise, as have been 
enumerated for the pre-cast construction. 

Certain requirements are necessary for the struc- 
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and casting the mixture in forms similar to those 
for concrete.* The reinforcement consists of two- 
strand twisted cables of #12 cold-drawn steel wire, 
spaced from 1" to 3" o.c., depending upon theJoads 
and spans. These are anchored at the ends by 
special devices, as illustrated in Fig. 240. At the 
center of the span, continuous deflection rods are 
used normal to the wires, placed 1" above the 
bottom of the slab. This feature immediately 
introduces the principle of the suspension bridge, 
and the strength of the slab is dependent upon the 
tensile strength of the cables acting in suspension. 
This construction is similar to that ‘often employed 
for roofs (Art. 167). Safe loads for slabs under 
various conditions arc given in Table 68. 

The construction is probably not as much used 
as the pre-cast slab type, although it is satisfactory 
when paneled ceilings are not objectionable. It 
requires forms, whereas the pre-cast slabs do not, 

* Them elabn aro coat by specially trained workmen of the Structural 
Gypsum Corporation. 


tural steel frame. The beams should preferably 
run in a direction transverse to the longer dimension 
of the building. This gives a better continuity of 
cable wires. The tops of the beams and girders 
should lie practically in the same plane. That is, 
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the tops of the beams may be placed just under the 
tops of the girders to avoid coping of the former. 
The girder tops are then protected by the cinder 
concrete fill only. If more protection is desired, 
it is necessary to frame the beams and girders flush 
top and pay for the extra coping. It is necessary to 
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provide channels at the ends of the building to 
provide anchorage for the cables in the end bays. 
The pull induced in them by the cables is offset by 
trussing, as shown in Fig. 241. The toe of the 
channel should be faced toward the wall and kept 


1" away from it in order to allow anchorage. In 
the same sense, all openings where the dimension 
across the cabfes-cxceeds 24" must be surrounded by 
beams. Openings smaller than this may be taken 
care of by the use of special rods. 



Dr TAILS Or 4 Ncnoe Bcam Bnacins 
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Fig. 241 
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243 










CHAPTER 11 


BEAM AND GIRDER DETAILS 


151. Erection Diagrams. 

After the framing plans have been prepared by 
the engineer, there still remains a number of definite 
steps to be made before the details are sufficiently 
complete to insure the fabrication of the steel 
members and their erection in accordance with 
standard practice. The first step which the con- 
tractor, to whom the steel work has been awarded, 
makes, is to prepare erection diagrams of his own, 
based upon the information given on the engineer’s 
plaas (PI. 21).* A structural engineer must be 
familiar with such diagrams as he frequently is called 
upon to approve them before the details are made, 
or at least before they are completed. Plate 23 
shows a view of a typical fabricating shop (see also 
Pis. 3, 5 and 6). Plate 24 illustrates a job being 
erected and PI. 25 shows a typical erection diagram. 

On such diagrams, the steel fabricator shows only 
the steel members and their location. The architect 
or engineer must approve these locations and verify 
that they correspond with the intention on the other 
plans. The column centers arc located and assigned 
numbers, and only a convention is used for the 
column itself on the plan, — a column schedule 
(see Index) giving the story heights, sizes of material 
and splice locations. Each beam and girder is 
assigned a letter, followed by a number. The letter 
designates its floor location and the number identifies 
it in contrast with the others. If two beam details are 
exactly alike they may be assigned the same number. 
The letter and the number arc called the beam mark 
and this is painted upon the fabricated member to 
aid the erector. The mark is always placed upon 
the left hand end of the actual member, so that, on 
the plan, the indication must be placed accordingly. 
That is, a beam which reverses from one already 
labeled would have its mark indicated on the right 
hand end on the plan. If the fabricator wishes to 
substitute a size from his stock for a given beam as 
indicated on the engineer’s plan, the erection dia- 
gram will indicate the proposed change. This must 
be approved by the architect or engineer. The 

* Tho framing plans made l»y the engineer must Iks clear in all respects 
ns to the intent, bo that the structural Bteel fabricator ran proceed with 
hiH erection diagrams. Framing plans should show the elevations of all 
floor beams and girders, elevations and locations of spandrel beams, 
grades of sidewalk framing, dimensions for elevator, stair, vent, flue, and 
other openings, roof lineB, holes for other trades, and so on. 


beam substituted must have an equivalent section 
modulus and be strong enough to resist the other 
stresses caused by the load, such as buckling and 
shear, and must be safe in deflection. 

In addition to the beam locations and their 
numbers, an erection diagram should give the loca- 
tion and the size of wall plates. The latter is often 
done by assigning numbers to the plates, such as 
WP1, and so on, and giving a wall plate schedule 
(Art. 15). A note is also given relative to the 
anchorage of the wall beams (Art. 16). The 
lintels over the window heads immediately below 
the floor are also shown in plan and assigned marks 
such as Ll, LL6, and so on. Their locations with 
respect to the cross-section of the wall are generally 
shown by sections. In fact, all of the members 
which are to be furnished by the steel contractor, 
and the necessary information and dimensions to 
erect the fabricated parts, must be indicated on an 
erection diagram for each floor. This includes 
secondary framing such as tie-rods and permanent 
bracing. The secondary framing for stairways, 
elevators, fire-escapes, grilles, railings, trench covers, 
and the like, is often let in a separate contract ami 
their indications are not commonly a part of the 
general erection diagrams. Many structural com- 
panies have a separate department for this work and 
class such members as ornamental work.f 

152. Beam Connections. 

There arc many varying forms of details used 
when one steel l>eam frames into another because of 
the difference in local practice as to a particular 
situation, and also because of the many conditions 
encountered in steel framing. A structural engineer 
should be familiar with such details in order to avoid 
awkward framing when possible, and he should be 
able to discriminate between good and bad connec- 
tions, as he often has to pass on the details sub- 
mitted by the steel fabricator for approval. 

The most common instance of such work is when 
two beams of equal size frame into a girder exactly 
opposite each other in plan and elevation. In the 
majority of such cases, standard beam connections 


t Additional information is given in other sections relative to the de- 
tails for stairways, elevators, and so on (see Index). 
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are used (Art. 28), as illustrated in Fig. 242 (a), 
(6) and (c). If possible, the beams are placed 2" 
below the top of the girder, as in (a), to avoid the 
coping. When beams of different sizes occur on 
opposite sides, it may be possible that the corre- 
sponding standard connection angles will match, 


nuts is the most common method, as in (6), or a bar, 
as in (»). The others are details which arc not to be 
recommended, particularly that in ((/) as the plate 
tends to straighten out when subjected to load, and 
that in (h), as this detail is expensive. Figure 246 
use of a pair of channels and a rod with washers and 




ff/ocJk 
dear ^ 


r 6p**>MfSSt& 
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as shown in (d), or special angles may be necessary. 
When the beams occur at different levels special 
details such as shown in Fig. 243 may be used. 
That in ( e ) is preferable to (d). When a beam rests 


Fig. 244 

shows methods of tying a short cantilever into 
its support and anchor l>enm. It must be remem- 
bered that the tension is in the top of the cantilever 
and the compression in the bottom. The detail 
shown in (a) is the most common. The compression 
is resisted by the scat angles and the rivets to 
the seat angle. The weakening effect of the flange 
holes should be considered, as well as the effect, of 
blocking the flanges in Fig. 240 (ft). In (c) the 
rivets must resist the stress as well as prevent 



Fig. 243 


Fig. 245 


on top of another the detail in Fig. 244 (a) is com- 
monly used, although clips as in (6) and ( c ) may be 
employed. The latter are cheaper but do not pro- 
vide as much lateral support and are best used to 
fasten tees and angles only. In Fig. 244, the top 
beam must be held in position by the construction. 
Figure 240 illustrates several methods of suspending 
beams which are below the supporting beam. The 


the plate from buckling. Connections into double 
beams are shown in Fig. 247. The use of through 
bolts, as in (ft), is preferable. Figure 248 gives the 
limitations for staggered beams. In all connec- 
tions, eccentricity should be kept to a minimum. 
Figure 249 illustrates this when a beam frames into 
a strut. The details in (a) and (c) are much to be 
preferred to those in (ft) and (d). The use of a shelf 
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angle, as in (e), does not provide sufficient rigidity 
to the connection. The details of seat angles and 
top clips at points where beams or girders frame 
into columns arc discussed in connection with column 



Fw. 240 



details, inasmuch as they are a part, of the latter 
details. In all cases, the required number of rivets, 
their arrangement and their spacing are determined 
by using the principles outlined in Chap. 3. 

Prob. 102a. Design a connection to carry a load of 
17,000# if the detail in Fig. 245 (a) ifi used. 


153. Shop Drawings. 

In order that a steel member may be fabricated 
properly, it is necessary for the structural steel 
company to make drawings which will define all the 
details accurately (PI. 4). Some of these are the cut- 
ting length of the beam, the location and size of the 
holes to Ihj punched, the size and length of attached 
connection angles and the necessary cutting away of 
the beam for clearances. Such drawings are called 
shop details. The beams are numbered to conform 
with those on the erection plan, and detailed so that 
the mark will correspond to the left hand end. 
Beams which are alike in detail but opposite hand 
may then be assigned right and left marks such as 
B3 r and B3 L (Art. 28). The representation of 
shop details varies with each structural company 
according to its own particular office standards, but 
they all embody the same essentials. Plate 4 gives 
a typical illustration. The figures in the circles at 
each end designate the distance from the face of the 
connection angles or the end of the beam to the 
center line of the member framed into. For a beam 
framing into a girder, this is one-half of the thickness 
of the girder web plus T V'- The cutting length of 
the beam when end connection angles arc used is 
determined by allowing sufficient edge distance for 
the shop rivets. Standard connection angles and 
groups of holes to receive other beams are usually 
represented by standard conventions (Art.. 28). All 
others not standardized must be fully detailed as to 
location, size and spacing. Figure 250 illustrates 
typical details. 

There are many features in shop details which 
should be avoided and these must necessarily be 
learned by experience and actual contact with the 
work. For large members made up of several 
pieces, such as plate girders, trusses, and the like, 
judgment must be exercised as to the number and 
the location of the field connections. Many mem- 
bers may be shipped as a unit while, in special cases, 
others are shipped “ knocked down.”* Decisions 
will depend upon shipping clearances, the type of 
conveyance to the job site, the weight of the in- 
dividual member, the limitations of the usual erec- 
tion equipment, and the possibility of stresses being 
developed, in the shipment and the erection, by the 
weight of the member or its overhanging portions. 
The dimensioning of holes must be made with regard 
to a reference plane. When beams frame flush top, 
the holes should be located with reference to the top 
flange. In all* other cases the holes should be 
located with respect to the bottom flange as the work 

* In export work, special considerations are usually necessary, as ocean 
freight rates are commonly bused upon weight and not by measurement, 
although when a gross ton of 2240# oecupies greater than 40 cu. ft of 
space, the has s may be t.hnt of volume. Additional rates often exist for 
lengths greater than 30'-0" or weights exceeding 4000#. Projecting pieces 
are often more susceptible to being bent or broken. 
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is generally laid out from this plane. In this way, removed and the second rivet driven. This insures 
any variation in depth is thrown from the top. more accurate location as well as easier fabrication. 
Three shop rivets should be used in clip angles when It should be understood that the above details are 
possible, rather than two, to expedite fabrication, given only as typical examples of the many in- 



Fia. 250. Sthuctubal Steel Detail** 

(a) single beams (b) double beams 


One hole connections should be avoided, but if they stances when practical rather than theoretical solu- 
are unavoidable, bolts should be used. When two tions are necessary in shop details, 
holes are used, one is temporarily bolted while the Prob. 153a. Detail the typical beam and the typical 
other is riveted and then the temporary bolt may be girder in Ilhwtmtive Prob. 1 356. 


* Courtesy of Eastern Bridge and Structural Co. 
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CHAPTER 12 


GENERAL CONSIDERATIONS 


154. Requirements for a Roof. 

The purpose of a roof is to provide a weather 
cover which will protect the remainder of a building 
from the elements. It must be watertight in order 
to resist driving rains and drifting snow and it 
must have a slope which will provide drainage 
for the water properly. The slopes must be such 
that pockets, into which snow would drift, are 
avoided, as the expansion which occurs when water 
freezes would be likely to cause trouble. The 
roofing must be held securely to resist the tendency 
of the wind towards uplift and of the rain to drive 
under it. The material of the roof surface should 
be such that the heat action of the sun will not 
soften it materially, as is the case with certain tar 
preparations. Roof coverings which contain vola- 
tile compounds should be avoided, although some 
protection is often afforded by applying a heat- 
resisting paint. 

The use of the building has an important bearing 
upon the type of roof construction. In manufac- 
turing plants in which acid or alkaline processes are 
common, exposed interior steel will readily corrode 
and should be eliminated, or otherwise, protected by 
materials which will resist these gases, or by the use 
of an anti-condensation lining. The amount of use to 
which a building is to be put is a factor in determining 
the materials to be employed for roof work. Whether 
the building is to be temporary or permanent, and 
the economic life of a permanent structure have 
important relations. In certain instances portions 
of roofs are used for recreational purposes, and these 
require wearing surfaces and heavier construction 
because of the greater live and incident dead loads. 

The materials which arc used in roof construction 
must be judiciously selected. The nature of the 
exposed roofing surface is dependent upon the type 
of the structure to a large extent. The common 
kinds of roof coverings are given later in Table 60. 
Certain ones of these are particularly well adapted to 
flat roof construction, while others are advisable where 
pitched roofs are necessary. For instance, shingles 
or slate arc very commonly used for the pitched 
roofs of residences, and corrugated sheeting is very 
often employed for certain types of small mill build- 
ings, shops and small warehouses. Similarly, tar 


and gravel or “ ready ” roofings are adaptable to 
flat roofs. The materials used should conform to 
the architecture of the remainder of the building, 
and should also provide ample fire protection. The 
former is determined by the architect in order to pro- 
duce a harmonious and serviceable combination, such 
as the use of red Spanish tile with stucco walls, and 
so on. The fire protection is governed in many 
instances by building codes, and while some laws 
allow the use of wood-framed roofs for second- and 
first-class buildings, certain restrictions are nearly 
always imposed. 

SPECIFICATION CLAUSES* 

Section 35. The planking or sheathing of 
the roof of every building hereafter to be erected 
or altered shall in no case be extended across 
the party wall thereof, and every such building 
and the tops and sides of every dormer window 
thereon shall be covered with slate, zinc, tin, 
iron, cop)>er, or such other equally good fire- 
proof material as the Bureau of Building In- 
spection nmy authorize; and the outside of 
every dormer window hereafter placed on any 
building as aforesaid, shall be made of some fire- 
proof material, and wooden buildings which 
require roofing, shall not be roofed with any 
other covering except as aforesaid: Provided, 
That this shall not apply to roofs and dormers 
in rural and suburban districts. . . . 

Section 9. Semi-detached and detached 
dwelling houses having sloping roofs of the 
gambrel or straight pitch types, erected in sub- 
urban districts, may have roofs covered with 
wooilen shingles: Provided, No portion of such 
roofs, including cornice, shall come within eight 
feet of the party lines: and provided further, 
That this section shall not apply to mansard 
roofs. 

Section 27. ... Where the roof is mansard, 
unless the same is constructed of fireproof 
material throughout, the lower slope of said 
(party) wall shall extend at least six inches 
distant and parallel with the roof covering, and 
be corbelled to the outer edge of all projections 
and coped with incombustible material. . . . 

In the absence of any definite code restriction, 
framing materials should be selected which are 
consistent with the fire risk involved. Thus a 

* Excerpted from the " Laws, Ordinances, Rules and Regulations 
Governing Building Construction in the City of Philadelphia." (Com- 
plete to July 1, 1020.) 
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plank roof carried on steel members, for an iron 
works, would obviously be hazardous. Outside of 
such matters of good sense and practice, the framing 
materials are selected according to comparative 
prices, availability, ease of placing, and harmony of 
design. 

155. Roof Pitches. 

The pitch of a roof may be defined as its rate of 
slope. This may be expressed in the following 
ways: 

(1) As the ratio of the rise of the roof to its span, 
illustrated in Fig. 251 (a). This is a com- 
mon method and is the usual one referred to 
directly by the word pitch. A common error 
is to express a ratio of the rise to the half- 
span. Correctly stated, a roof is said to be 
half-pitch, quarter-pitch, full-pitch, and so on, 
when the rise is §, }, 1, etc., times the full 
width of the building. Thus a quarter-pitch 
roof with a 40 , -0" span has a lO'-O" rise. 

(2) As the relation of the rise to the run, shown 
in Fig. 251 (6). This is more commonly stated 
as the rise per foot of run, such as 6" in 12". 

(3) As an angle of inclination in degrees, such as 
a = 30°, shown in Fig. 251 (c). This method 
is very convenient in computations when the 
angle is one of the conimonlv met values such 
as 30°, 45° or 60°. 
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The desired slope given to a roof is usually deter- 
mined by the architect, but the engineer must 
understand the common requirements in order to 
produce an efficient design. Some of the influential 
factors arc the style of the building, the kind of 
roofing to be used, and the limiting ranges of cost. 
If the pitch of a roof is definitely established for 
architectural reasons, there are only certain kinds 
of roofing material adaptable to it. If a definite 
roofing material is desired, the pitch of the roof 
must be limited to a range of slopes which corre- 
spond. Roofs may be classed as flat or pitched. 
Flat roofs are considered as those i ft which the rise 
is not greater than \\" or 2" per foot. Table GO 
gives the various roofing materials recommended for 
pitched roofs. 

The cost of a roof has a definite relation to its 
pitch, and if other conditions will allow, an economi- 
cal pitch is the object which the designer seeks. In 
general, the quarter-pitch (6" per foot) is most 
economical, as a smaller amount of roofing material 


is required and a sufficient roof void is available for 
a truss, if it is structurally necessary. A third-pitch 
gives a better slope and less effective snow load, but 
results in a greater wind load and the use of more 
roofing material. The resultant stresses in a truss 
covering a third-pitch are larger than in a quarter- 
pitched roof. In the latter, the lengths of the com- 
pression members are comparatively short and thus 
there is an actual saving of material. For a pitch of 
|, the stresses in a truss are greatly increased. 


TABLE 60 


MINIMUM DESIRABLE PITCHES POR ROOFING MATERIALS 


Hoofing 

Rise in 
12" 

Degrees 

Pitch 

lteinurkN 

Shingles 

6 

2(>° 34' 

l 

{ most economical 

Slate — 





small 

8 

33° 40' 

$ 

l 

4 

i preferable (if 
Ichm, wind raises 
slate, allowing 

medium 

0 

20° 34' 

large 

4 

21° 48' 

1 





seepage of rain) 

Tin — 





Hat seams 

i 

4 



Not > 4' to 12' 

stdg. seams 

21° 48' 

i 

1 preferred 

Tile — 




Better JO" to 14* 

plain 

Spanish, etc. 

7 

30° 15' 


per foot or flat 

12 

45° 

i 

metal 

7 

30“ 15' 

12" better 

Corrugated iron 

Vertical crimped 

41 

20° 33' 


} preferable 

steel 

2 

9° 27' 

a 

j 


Asphalt or as- 





bestos 

2 

9° 27' 

A 


“Ready” roof- 





ing 

2 


A 


4 

i 



Copper — 

i 




stdg. scams 


A 





Canvas 

Tar and gravel* 

i 


* 



K 4 

A 

Maximum not to 



exceed } pitch, as 
tar runs on being 
applied or in hot 
sun, and gravel 
rolls, leaving ex- 









posed spots. Pre- 
ferable ‘ pitch — 





minimum 


Another factor, which influences the rise and conse- 
quently the pitch, of trussed roofs is the economical 
depth of the truss. The following ratios of span 
and depth arc average values: 

* Certain roofing companion prefer a perfectly flat roof to lay their material 
on, no uneven elopea often reeult if an attempt ie made to make the sup- 
porting frame conform to a slight bevel. The pitch ie made up in the roofing 
in such cases. 
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Spans up to 36', height not less than ^ , 

Spans 40' to 80', height not less than^ , 

Spans in general, heights of \ to \ are most 

7 o 

economical. 


If the heights are made leas than these ratios, the 
stresses increase greatly, for a truss is only a form 
of beam and therefore the deeper the truss, the less 
the resulting stresses. 


166. Selection of the Type of Roof Frame. 

The general considerations when the design of a 
roof frame is undertaken may be classified as 
follows: 

(1) the span between the supports which will be 
consistent with the building as planned, 

(2) the inclination of the roof surface which will 
conform to good practice and give the de- 
sired appearance, 

(3) the space to be provided directly under the 
roof and how it is to be finished, 

(4) the basic materials which will be consistent 
with the building in general. 

Consequently, subdivisions are necessary in the dis- 
cussion if the problems are to be attacked by a 
method common with that in actual practice. 

When the span, center to center of outside walls 
or of columns, is greater than 40'-0" and interior 
supports are not desired, it usually becomes neces- 
sary to plan some other type of frame than that 
provided by simple beams, to support the roof. 
Furthermore, the ceiling in the top story, if a neces- 
sary architectural requirement, must be supported. 
When roofs are inclined, “ built-up ” members* are 
expensive, as it is necessary to have them conform 
to the pitch unless an extended form of roof support 
is used. Where economy and rigidity require large 
depths, some form of truss is generally employed. 
This introduces a system of “ web members ” which 
affords economy by saving weight, because of the 
increased depth. The first decision is then whether 
trusses are necessary or not. From this viewpoint, 
roofs may be classified for convenience of discussion 
into: 


(1) simple frames, and 

(2) complex frames. 

Those under (1) may be thought of as beam carrying 
members with some form of enclosure material and 

* “ Built-up ” is horn used to mean such members as compound timber 
girders, plate girders, and the like. 


may be either flat or pitched. Those under (2) 
also involve beam carrying members, but these 
elements eventually transfer the loads to a truss of 
some form or other, and here again the roof may be 
either flat or pitched. The usual procedure in 
either type of roof (simple or complex) is to design 
the elements which carry the roofing first. Such 
computations involve only the principles of simple 
beams as already discussed (Part I), with special 
considerations common to roof design. These are 
considered in Chap. 13, since the methods of design 
of such members are common to both types of roofs. 
Chapter 14 refers to simple roof frames in which 
no trusses are involved, and is divided into two 
natural sections, namely, pitched roofs and flat 
roofs. When the type of a simple roof is known, 
the next question which arises is that of materials.f 

The design of the trusses in a complex roof is 
generally made a separate step in the work. The 
principles of mechanics arc common to all trusses. 
Figure 252 gives a general range of truss spans and 
types which will be discussed later. The first de- 
cision which must be made is usually that of the 
kind of material for the truss. This decision is de- 
pendent upon pitch and loadings. 

167. Kinds of Loads. 

As in all cases of design, there are two general 
kinds of loads to be considered in the planning of a 
roof frame, namely, the dead loads and the live 
loads. The former include all the fixed loads that 
arc either supported by, or suspended from, a roof 
(Art. 88). These arc practically always considered 
as acting vertically, and in general, represent the 
weight of the roof structure. Live loads may be 
classed as snow loads, wind loads, and other tempo- 
rarily imposed weights. The last include those due 
to mechanical equipment, such as shafting, hangers, 
elevators, and so on. In special cases of live loading 
the usual allowances for snow and wind loads will 
provide against those occasional loads caused by 
persons, repair work and the like. Other cases arise 
when the roof or portions of the roof are to be used 
for recreational purposes, or when future vertical 
extension is anticipated. In such cases future floor 
loads are involved. 

168. Dead Loads. 

In order to determine the dead loads which must 
be carried by a roof system, it is necessary to 
estimate the weights of the materials forming the 
roof covering, those directly supporting the roofing 
materials, the roof frame itself, and the trusses, if 
any are used. These are usually expressed as pounds 
per square foot (#/□')• In many cases it is also 

t The articles in this chapter attempt to differentiate in this respect. 
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Where either wood or steel Is not customary the span has been left blank. Diagram for wood Is opposite to that for steel. 

Fig. 252 
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necessary to include the weight of an attached 
ceiling (Table 30). The following table gives values 
for the weights of roof coverings and such framing 
and enclosure materials upon which the roofing 
materials rest. 

TABLE 61 


WEIGHTS OP ROOFING MATERIALS 


HOOF COVERINGS 


Shingles, wooer — common 

2} 

wood — 18" 

3 

asbestos ! 

2J to 4J 

Slate — ,V # (3" double lap) 

8 

¥' (3" double lap) 

10 

Tar and gravel i — 4 ply 

8 

or felt and gravel / — 5 ply 

10 

Slag 

4 

Ready Roofings 


(Elatcritc, Kuberoid, Felt and Asphalt, etc.) 

1 

Thatched 

01 

Copper sheeting 

11 

Tin 

1 

Sheet lead — J" 

7 

Corrugated iron or galvanized iron 

2} 

Glass, i" plain or wire 

3* 

}" corrugated 

41 

A" plain or wire 

5 

j" plain or wire 

6 

Clay tile, Spanish, Roman, Ludowici 

8 

Plain 

8 to 10 

Oriental 

11 

Interlocking 

14 

Non-condensing base 

1 

Skylight frames 

4 

Cinder concrete fill for crickets 

8 

(per inch of thickness) 


ROOF ENCLOSURE MATERIALS 


1" Sheathing, hemlock, spruce and the like 

3 

yellow pine 

4 

battened 

2J 

Plank, per inch of thickness (yellow pine) 

4 

Concrete slab (stone), per inch of thickness 

104 

4 4 4 (cinder) 4 4 4 4 1 4 

9 

Gypsum 4 4 4 4 4 4 4 4 

8 

SUPPORTING FRAMES (Averagu) 


Steel rafters 

3 

Steel purlins 

3 

Steel trusses, span 50'-0" average* 

4 to 0 


159. Snow Loads. 

The proper allowance for the loads on a roof 
caused by snow depends upon the geographical 
location of the building site, as well as upon the 
altitude, humidity and climate of that region. 
That is, the allowance would not be a maximum 
necessarily where the snowfall is greatest, as a light 
snowfall, later turned to sleet, weighs more than an 
increased depth of snow. There are also other 
factors which are important. The inclination of a 
roof and the relative roughness of the roofing surface 


are very influential. The steeper a roof, the greater 
would be the tendency of the snow to slide off from 
it, depending of course, upon whether the character 
of the roof surface retarded it or not. In connection 
with the latter feature, a structural designer should 
determine whether the architect plans to use snow 
guards or not.* 

Dry, freshly fallen snow weighs from 5# to 8#/c.f., 
and packed snow approximates 12#/c.f. Sleet may 
weigh as much as 30#/c.f . Light snow may accumu- 
late on flat roofs, in some localities, to a depth of 
3'-0", while sleet probably would never be thicker 
than 12" as a maximum. On the basis of the above 
figures, the maximum loads per square foot for flat 
surfaces are: 

3'-0" X 8# = 24#/n' for light snow, and 
l'-0"X30# = 30#/a' for sleet, f 

The maximum condition might reasonably be set 
at 30#/n', but this maximum should not be used 
for all localities, as the latitude of the place is 
important. Prof, lticker gave an empirical formula 
for this determination as follows: 

w = 2.5 (L° - 35°), in which {S- 41) 

w = the maximum weight for the snow allow- 
ance for flat roofs at a given place, and 
L° = the north latitude of the locality. 

Thus for a given place, such as northern Maine, 
north latitude 45°, w = 2.5 (45 — 35) = 25#/n'4 
The preceding values arc all referred to flat sur- 
faces, but as stated above, the steeper a roof, the 
less the active snow load. The following is an 
example of how the loads may be reduced: 

SPECIFICATION CLAUSE! 

All hIojwm up to 20° shall be designed for 
2 £#/□' of horizontal projection of roof, and 
this value may be reduced iff for each degree 
increase in inclination up to 45°, above which 
value no snow load need be considered. 

Table 62 gives values which arc based upon lati- 
tudes in general, referring to divisions of the United 
States, and to various roof pitches. In all cases 
the snow loads are considered as acting vertically 
and the values refer to the area of the roof surface. 
Snow loads should be considered as live loads 
and should not be included with the dead load 
in the majority of instances, and the extreme con- 
ditions should be investigated, as such loads may 

* The use of enow guards in discouraged when sufficient property is 
available to allow the Bnnw to drop upon unfrequented areas. They are 
very apt to be the cause of leaks in the roof at the cave lines as they 
tend to concentrate water at these points. 

t Tn tests at Brown University in the winter of 1022-23, a maximum 
load of SM/W was obtained. 

X Abstract values are used for L° and the angle of pitoh. 

I “ The Structural Design of Buildings " by C. C. Schneider, M. Am. 
Soc. C. E., Transactions, Am. Soc. C. K., Vol. LIV (June, 1003), p. 382. 
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act only on one side of the roof at any one time. A 
heavy wind and the action of the sun on the other 
side may dislodge the snow there, or the snow may 
be deposited only upon one side by drifting. When 
the pitch is variable, the snow might stand on part 
of either or both sides or may often cover the entire 
roof surface. 


TABLE 68* 

ALLOWANCE FOE SNOW LOAD #/□' OF ROOF SURFACE 


Looation 


Pitch of Roof 



i 

1 

1 

1 

i or less 

Southern States and Pa- 
cific Slope 

OtoO 

Oto 5 

Oto 5 

5 

5 

Central States 

0 to 5 

7 to 10 

15 to 20 

22 

30 

Rocky Mt. States 

Oto 10 

10 to 15 

20 to 25 

27 

35 

Northeastern States .... 

0 to 10 

10 to 15 

20 to 25 

35 

40 

Northwestern States .... 

Oto 12 

12 to 18 

25 to 30 

37 

45 


Where suow guards are used — allow for 1 pitch, values os given for | and 
max. values tabulated. 


160. Wind Loads. 

The amounts of pressure induced by the action 
of the wind depend upon a great many variables, 
such as the geographical location of the building, 
the height of the surface under consideration above 
the ground, the velocity and the direction of the 
wind, protection by other structures and the inclina- 
tion and the size of the area affected. The first of 
these, namely the locality, is influential because 
prevailing winds usually travel in definite paths across 
the country. Wind velocities do not usually exceed 
60 miles per hour (m.p.h.) in the United States 
except for rare hurricanes and tornadoes. In the 
latter instances, wind velocities have varied from 80 
to 140 in.p.h. For a given average velocity, the 
velocity at different elevations varies according to 
the distance, h, above the ground. Stevenson's 
experiments show that this variation is propor- 
tional to y/tl. 

The wind is assumed to blow in horizontal lines, 
although there is no definite basis for such an assump- 
tion. If this were true, the wind would exert its 
maximum pressure on a vertical surface. Assuming 
a stream of air of finite section to be impinged upon 
a flat surface, the area of which is mpeh greater than 
that of the stream, the following relations may be 
derived : 

Let m — the mass of the air delivered per second on IQ' 
of surface, 

v * its velocity in feet per second, and 
P ■= the pressure of the air per O' on a vertical ex- 
posed surface. 

* Boned upon o table in Mr. F. E. Kidder's " Building Construction," 
Vol. III., W. T. Comstock Co., Publishers. 


Then m • v « P - the change of momentum per second, per 
□' of air stream. 

Let W * the weight of air delivered per O' per second, 
w « the weight of 1 n.f. of air (« 0.0807#), and 
g — the acceleration of gravity. 

XV 

Then m = — , and 
9 

Substituting in m • v « P, 

^ - p. 

9 

But W — w • u. Substituting, 

P 

9 

The velocity in feet per second, v, — 1.406 7, the velocity in 
m.p.h. Substituting, 

P __ mU-466 7)» __ 0.0807 (1,466)* 7» 
g " 32.2 

P - 0.0054 7*. (1) 

If, as in the usual case, the section of the wind stream is 
greater than the surface impinged ujion, the change of the 
direction of the moving air is not complete and consequently 
the momentum is less. For this reason, the pressure i>er 
sq. ft. on a large surface is less than on a small area, and the 
expression (1) above is excessive. Experiments by Sir 
Benjamin Bakerf showed the ratio of the area to the wind 
pressure to be about 1.5. On this basis, 

P - P -j ffil — - 0.0030 V*. _ (2) 

No allowance in the above theoretical deduction of (1) was 
made for the friction of the air on the surface impinged upon. 
In view of such practical considerations, a groat amount of 
experimentation has been done to check against the theo- 
retical formula. The following are representative: 

P « 0.0032 7* (From experiments at Eiffel Tower, Parks, 
and National Physical Laboratories of 
England). 

P = 0.0040 7* (Established by Prof. C. T. Marvin from 
experiments on Mt. Washington). 

P - 0.0036 7* (Stanton). 

P - 0.0033 7* (Kemot). 

P « 0.0029 7* (Dines). 

P * 0.0050 7* (As given by Smeaton from experiments by 
Rousse). 

The formula which best expresses the average 
relation between the wind pressure in #/□' and the 
velocity of the wind in m.p.h. is 

P = 0.0032 V\ {S- 42) 

This represents an average of the above expressions, 
is based upon a more recent and comprehensive 
series of experiments, and is adjusted to an average 
temperature of 60° F. and an atmospheric pressure 
of 14.7#/n". For a wind velocity of 100 m.p.h., 

P = 0.0032 (100) 2 = 32#/n'. 

Higher intensities than this have been recorded 
several times, t — as much as 60#/a' and even 

t Engineering, Feb. 28, 1800. 

t Article by Mr. Julius Baier entitled ** Wind Pressures in St. Louis 
Tornado with Special References to the Necessity of Wind Braoing for 
High Buildings," — Trans. A.S.M.E., Vol. 37, p. 221. 



256 


DESIGN OF ROOF CONSTRUCTION 


90#/a' over relatively small areas. However, it 
would not be expedient to provide against the latter 
pressures in ordinary structures. It is also unrea- 
sonable to expect wind velocities of 100 m.p.h. as 
usual instances. As in all cases of structural design, 
values must be decided upon which will provide 
against unusual conditions, but a limit must neces- 
sarily be placed upon such a provision, as the costs 
would otherwise be unnecessarily high. In view of 
these considerations, the majority of engineers 
believe that a maximum pressure of 30#/a ; is 
sufficient for ordinary conditions, and in many cases 
this value is reduced.* Some structures are more 
or less protected by adjacent buildings and a reduc- 
tion of this value is justifiable for this reason. The 
possibility of an adjacent structure being removed 
for one reason or another is always to be considered, 
but does not seriously affect buildings in city 
locations. 


to exist, and the effect of the tangential component, Pj, is 
neglected. Furthermore no allowance for frictional retardance 
is made. Consequently, investigators have striven to estab- 
lish a formula which is more practical and which would agree 
better with actual conditions. Several formulas have re- 


suited, the most important of which are: 


n P • 2 sin a i u ■ \ 

P* = : (Col. Duohemm). 

1 + Sill* a 

(2) 

P n P • 8 in a < 1,842 008 a ~ (Hutton). 

(8) 

Pn - 1 « (N. C. Ricker). 

(4) 


(To be used for values of a up to 45°, above which 
P» - 80#/o f .) 


These empirical formulas agree with each other within a few 
pounds. Ricker’s is the simplest, and the Hutton formula 
the most complex. 


Of the above expressions, the Duchemin formula, 
namely, 


P » 2 sin a 
1 + sin 2 a 


OS-43) 


SPECIFICATION CLAUSE t 

All buildings over 150 feet in height and all 
buildings or parts of buildings in which the 
height is more than 4 times the minimum hori- 
zontal dimension, shall be designed to resist a 
horizontal wind pressure of 30 pounds for every 
square foot of exposed surface measured from 
the ground to the top of the structure, including 
roof, allowing for wind in any direction. 

The above discussion refers entirely to pressures 
on a vertical plane, whereas in many instances in 



design, it is desirable to obtain the effect upon an 
inclined plane. On a theoretical basis, the follow- 
ing relation may be established: 

For a I'-O" length of roof, as in Fig. 2.53, the horizontal 
pressure = P • h X 1. The normal component (perpendic- 
ular to the slope of the roof) is P • h • sin a. The intensity 
of this force is 

D _ P • h • sin a 
" TC X 1 

But TC =» —— . Substituting, 
sin a 


sin at 

This theoretical formula makes no allowance for the reduc- 
tion of pressure induced on the leeward side, which is known 

* C. Shaler Smith in an article in the Trans. A.8.C J3., Vol. 54, p. 37, 
stated that it is very improbable that a pressure of 30#/C]' extends over a 
space as wide as 150' to 200', and generally a greater pressure than this 
would not extend wider than BO', 
t The Code of Ordinances of the City of New York. 


is probably the most frequently used and, it would 
seem, the most reliable, as it is based upon a very 
large number of experiments. It gives larger values 
than some others, but this makes it conservative, 
although not excessively so. Table 63 gives the 

TABLE 83{ 


NORMAL WIND PRESSURE, P n> (P - 30#/D0 



P • sin* a 
(Theoretical) { 

P • 2 sin « 

1 4- sin* a 
(Durheinin) 

P • sin a 0*84 oosa 1) 
(Hutton) 

5 

0.0 

5.2 

3.9 


0.9 

10.1 

7.3 

15 

2.0 

14.6 

10.5 

20 

3.5 

18.4 

13.7 

25 

5.3 

21.5 

16.9 

30 

7.5 

24.0 

19.9 

35 

9.9 

25.8 

22.6 

40 

12.4 

27.3 

25.1 

45 

15.0 

28.3 

27.0 

50 

17.6 

29.0 

28.6 

55 

20.1 

29.4 

29.7 

60 

22.5 



65 

24.6 

Above 60° 

Above 60° 

70 

26.4 

use 30# 

use 30# 

75 

28.0 



80 

29.1 



85 

29.7 



90 

30.0 




tabulated values of P n for different values of a, 
based upon the three formulas. From a study of 
this table the reason why wind loads are seldom 
calculated as acting upon a roof of a pitch less than 
4" in 12" (a = 18°+), should be obvious. These 
values furnish a basis for specifications. These are 
generally referred to groups of slopes because small 

t Based upon Spofford's 11 Theory of Structures," McGraw-Hill Book 
Co., Ino. 

t " The values in this column are for purposes of comparison and are 
not recommended for use for reasons previously stated." 
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variations in loads are not warranted in such com* 
putations. The following is a typical example: 

SPECIFICATION CLAUSES* 

Roofs shall be designed to support safely 
minimum live loads as follows: 

Roofs with pitch of four inches or less per 
foot, a vertical load of forty pounds per square 
foot of horizontal projection applied either to 
half or to the whole of the roof. 

Roofs with pitch of more than four inches and 
not more than eight inches per foot, a vertical 
load of fifteen pounds per square foot of hori- 
zontal projection and a wind load of ten pounds 
per square foot of surface acting at right angles 
to one slope, these two loads being assumed to 
act either together or separately. 

Roofs with pitch of more than eight inches 
and not more than twelve inches per foot, a 
vertical load of ten pounds per square foot of 
horizontal projection, and a wind load of fifteen 
pounds per square foot of surface acting at right 
angles to one slope, these two loads being as- 
sumed to act either together or separately. 

RoofR with pitch of more than twelve inches 
per foot, a vertical load of five pounds per square 
foot of horizontal projection and a wind load of 
twenty pounds per square foot of surface act- 
ing at right angles to one slope, these two 
loads being assumed to act either together or 
separately. 

In certain instances of design, it is necessary to 
determine the horizontal and vertical components of 
the normal pressure, P„. One case of this kind 
occurs when the end reactions of a truss arc wanted. 
In Fig. 254 (a), let P„ = the intensity of the normal 


Fig. 254 

pressure. The total is then P n • L X 1. If Pk = 
the horizontal component of the total normal force 
and P f its vertical component, 

Ph ^ Pm' L ■ sin a and P 9 = P* • L • cos a. 

* . V , H 

But sin a = - and cos a = — • 

L Li 

Then P k = P n • L ~ = P n • V, (S- 44) 

Ij 

and P, = Pf L -2- - P n • //. (S- 45) 

Li 

The following relations summarize the above 
formulas: 

* The Building Lew of the City <Jf Boeton. 


The horizontal component, P ky of the total 
normal pressure is equal to the intensity of the 
latter, P m multiplied by the area of the vertical 
projection of the roof surface under considera- 
tion. 

The vertical component, P t , is, similarly, 
equal to P« multiplied by the area of the hori- 
zontal projection of the roof surface under 
consideration. 

When the design of certain parts of the roof 
elements is involved, it is sometimes desirable to 
obtain the component parallel to the roof surface. 
This may be evaluated in the usual way. Thus, in 
Fig. 254 (c), if Pt is the intensity of the force parallel 
to the roof, 

Pi - P 9 • tan a. (S-46) 

The vertical component, P f , if resolved, gives the 
desired force as shown. 

161 . Combined Loads. 

There are times when a combined allowance for 
the dead weight, snow load and wind load, all 
applied vertically, may be made instead of obtain- 
ing the live and dead load stresses separately and 
then combining them. Such a method offers the 
great advantage of saving time, but a designer must 
know its limitations and such a procedure may pro- 
duce errors which may not be neglected. This 
method is most frequently used for flat roofs as no 
wind load need be considered. For the ordinary 
types of pitched roofs with spans 40'-0" or less 
and inclinations not exceeding 45°, the method is 
sufficiently accurate. Such loads are commonly 
used in the design of all wood trusses of the V type, 
for spans of 50'-0" or less. For most all other cases, 
particularly for those types of trusses which require 
counterbracing or which have curved or segmental 
chords, the roof should be in- 
vestigated for wind loads and 
snow loads, separately. In large 
trusses, the snow and wind load 
on only one side of the roof may 
cause reversals of stress which 
should he provided for. 

The use of a combined load 
virtually assumes that the com- 
ponent P c in Fig. 255 replaces P„. 

The value of the former in the force triangle A BC is 
larger than P*. This tends to offset the effect of P H 
in the horizontal direction of the roof. To the value 
of P cy the value of the snow load (8. L.) and the 
dead load (D. L.) must be added to obtain the total 
combined load. It should be understood that this 
method is fundamentally incorrect, as it is, of course, 
impossible to have the wind pressure applied on 
both sides of the roof at once, but the larger vertical 
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loads require member? which are sufficient to carry 
the stresses resulting from a more careful analysis, 
for the limiting condition. Many building codes 
require that no roof or any part of it shall be designed 
for a total dead and live load of less than 40#/o', 
and roofs with a slope less than 25° should be de- 
signed for a total load of 50#/a' as a minimum. 
Table 64 gives minimum values for combined wind 
and snow loads. * To these must be added the dead 
load values. This table applies only to the special 
cases just discussed. 

In localities where snow loads are not an im- 
portant consideration! the following represents 
good practice: 


SPECIFICATION CLAUSE* 

Roofs having a rise of 4 inches or less per 
foot of horizontal projection shall be propor- 
tioned for a vertical live load of 30 pounds per 
square foot of horizontal projection applied to 
any or all slopes. With a rise of more than 4 
inches and not more than 12 inches per foot a 
vertical live load of 20 pounds on the horizon- 
tal projection shall be assumed. If the rise 
exceeds 12 inches per foot no vertical live load 

* Roport of Building Code Committee " Minimum Live Loads Allow- 
able for Use in Design of Buildings " — U. S. Dept, of Commerce. 


need be assumed, but provision shall be made 
for a wind force acting normal to the roof surface 
(on one slope at a time) of 20 pounds per square 
fdot of such surface. 

Moderate unit loads should be required even 
where snow is not expected, as roofs having a slope 
of less than 4 /; per foot are always liable to acci- 
dental loading, such as groups of people, storage 
of materials, and so on. Where large snow loads 
are to t>e anticipated, the loadings should be in- 
creased in accordance with the previous discussion. 


TABLE 64f 

COMBINED WIND AND SNOW LOADS (#/□' OF ROOF 
SURFACE) 


— Piteh 







60® 

45® 

1 

k 

1 

Locality 

- -- 






- - 

Northwestern States 

30 

30 

25 

30 

37 

Northeastern States 

30 

30 

25 

25 

35 

Rocky Mountain States 

30 

30 

25 

25 

27 

Central States 

30 

30 

25 

25 

22 

Southern and Pacific States. 

30 

30 

25 

25 

22 


45 

40 

35 

30 

20 


t Excerpted from Mr. F. E. Kidder’# “ Building Construction,” Vol. 
Ill, W. T. Comstock Co., Publishers. 



CHAPTER 13 
ROOF ELEMENTS 


182. Definition. 


163. Wood Sheathing. 


The members of the frame and the enclosure 
material, exclusive of the truss, will here be desig- 
nated as elements, and all follow the general theory 
of beams in their design. 

Figure 256 (a) gives the names of the component 
parts of a simple roof, ill ‘which no trusses are re- 
quired. The roofing material is usually supported 
by sheathing, slabs or units of tile and the like, 
which, in turn, are carried by rafters. These are 
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simple beams placed at a relatively close spacing. 
They are supported by a member at the ridge and 
by a wall plate at the eaves. When the span of a 
pitched roof exceeds 40'-0", some form of truss, 
as illustrated in Fig. 256 (6), is generally used. 
The roofing in such cases .is carried by planking or 
slabs which in turn are supported by purlins. In 
some cases, certain kinds of roofing materials are 
carried directly by sub-purlins, as illustrated in (c). 
The ends of the purlins are supported by the 
trusses. 


Shingles, slate, tin, tiles, tar and gravel, and other 
prepared roofings, are usually laid on a wood sheath- 
ing. This is seldom greater than 1" in nominal 
thickness, or actual, and is usually from 6" to 
8" wide. All sheathing is usually of No. 2‘common 
stock. 

In cheaper construction, the boarding may be 
laid open, about 2" apart, instead of close. This 
construction involves the use of “ batten sheath- 
ing,” or “ roofers.” They afford a ready circula- 
tion of air around the roof covering but should not 
be used where the roofing material is flexible. For 
wood shingles, tile or slate, they effect a consider- 
able saving in lumber. These materials, of course, 
provide considerable “ head cover ” and thus offset 
the tendency toward leakage. 
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One of the first steps in the design of a roof is to 
make sure that the sheathing is safe to span the re- 
quired distances from rafter to rafter. The fibre stress 
in bending does not usually define the thickness, 
but the deflection controls. Tile, slate and similar 
materials are subject to cracks, and the tongues of 
the sheathing to breakage, if excessive deflections 
occur. Protection against occasional concentrated 
loading, such as people walking upon the roof, must 
also be provided. Although brittle roofing materials 
are not as easily affected by deflection as plaster, the 
safe limit for the deflection is commonly set as *iir 
of the clear span in inches in all cases. 

The sheathing usually extends over several sup- 
ports, so that limiting conditions may be based upon 
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beam action which is partially continuous. The 

moment value for such action is M « • When 

the load is vertical and the span is inclined, as illus- 
trated in Fig. 257 (a), the effective load is w * cos a, 
and 


M = - — — • cos a (ft.-lbs.) 

10 

= 1.2 w • L* • cos a (in.-lbs.). 


The more convenient method is to solve for the limiting 
span as governed by the flexure, L. Thus for 1" sheathing, 


M f 


s w • b • d* 
6 


a*X 12 X (H) 1 
6 


1.32 X % (in.-lbs.). 


As the woods used for sheathing are either spruce or pine, the 
average value of s w may be safely taken as 1000#/a". Hence 

M f - 1.32 X 1000 - 1320"#. 

Equating M r - M $i 

1 • 2 w • L 2 cos a * 1320, from which 

L m. flexure — 1" sheathing). (5-47) 

V w • cos a 


Similarly, a limiting span for safe deflection may be estab- 
lished as follows: 

D , gjjjll x 8 „ [ _ 12 L 

384 E • / X 10 “ 360 360 


L 


5 (w • cos a • L) • L* X (12)* 
384 X 1,000,000 X — - 


£ 

30 



(safe deflection — 1" sheathing). 


(5-48) 


By comparing the above formulas it is seen that the deflec- 
tion always controls. 


It is usually unnecessary to design sheathing, but 
when exceptionally heavy loads or wide spacings 
between the supports are used, it should be investi- 
gated. Table 65 gives limiting spans for varying 
conditions. It may be seen from a study of this 
table that with ordinary spacings of 16" to 24", the 
ordinary 1" sheathing is well within the safe limits 
of flexure. 


Illustrative Prob. 163a. Determine whether 1" nominal 
sheathing is satisfactory for the following data: 

D. L. = 7 #/□'. Span 24". Slope 30°. 

S. L. — 15#/a' of horizontal projection. 

W. L. «= 24#/ □' of roof surface. 


It is necessary to determine the maximum condition of 
loading. One case is dead load and full snow load, or 7 + 
15 « 22 #/□'. The other is dead load, J snow load and wind 
load as illustrated in Fig. 257 (b). The latter is larger, being 
7 + 7.5 + 27.8 - 32.3 #/d\ 


L 




715 


w • cos a 


715 


32.3 X 0.866 


2.92' - 35" 
(allowable) 


TABLE 66* 

LOOTING SPANS IN FSET FOR 1" SHEATHING FOR VARIOUS 
LOADS AND SLOPES 

- 1GW/C1" E - 1,000|000#/D" d - 1.0" 


Slope of Hoof (in. per ft.) 


Load 


#/□' 

0 

2 

4 

0 

8 

10 

12 

20 

4.53 

4.56 

4.60 

4.71 

4.81 

4.95 

5.08 

25 

4.19 

4.22 

4.25 

4.35 

4.45 

4.58 

4.70 

30 

3.95 

3.97 

4.00 

4.11 

4.20 

4.32 

4.43 

40 

3.59 

3.61 

3.64 

3.73 

3.82 

3.92 

4.03 

50 

3.34 

3.36 

3.40 

3.47 

3.55 

3.65 

3.75 

60 

3.13 

3.15 

3.17 

3.25 

3.33 

3.42 

3.52 


Valued limited by deflection. 

For values of E other than 1 .000,000#/ multiply tabular values by 


</ 


E 

1 , 000 , 000 ' 


For limiting span .or sheathing of other than 1 " thickness multiply tabular 
values by thickness of sheathing in inohes. 


Figure 258 shows several common details for fas- 
tening sheathing to purlins of wood and steel. 
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164. Corrugated Steel Sheets. 

For certain types of structures, such as mill buildings, 
sheds, grain elevators, and small warehouses, corrugated 
steel sheets make an economical and satisfactory roofing. 
Figure 259 (a) illustrates such material, — the corrugations 
running lengthwise of the sheets. These am usually laid 
directly upon steel roof purlins (commonly angles), and held 
in place by clips of steel hooping, 12" o.c., wound uround the 
purlins, as illustrated in Fig. 259 (b), although clinch nails 
may be used for angle purlins, as in (r). 

The sheets are made in 5", 3", 2J", 2", 1J" and |" nominal 
corrugation widths, but the 21" width (actual 2|") is most 
generally used for roofing work.f The depth of the corruga- 
tion for this variety is I", and the width of the full sheet is 
271". Specifications usually require a side lap of II corru- 
gations, so that the covering width is 24". The reason for 
this specification should be obvious from Fig. 259 ( d ). The 
standard lengths are 5' to 10' by l'-O" increments, and a lap 
of 6" in length is customary for the usual quarter pitched 
roof. The length most commonly used is 8'-0". For roofs, 
the thickness of metal generally used is #20 or #22, U. S. 
Standard gauge. When wood purlins and close wood sheath- 
ing (Book I) are employed, #26 or #28 gauge metal may 
be used. In this instance 8d barbed nails, 12" o.c., are used 
ns a fastening. The sheets should be galvanized or well 
painted with graphite or asphalt paint to protect them 
against corrosive gases from within and the weather from 
without. 

* From Hool and J oh noon’s " Handbook of Building Construction,” 
copyright McGraw-Hill Book Co., Inc., New York. 

t Data on dimensions, covering widths, areas in square feet of one sheet, 
number of sheets to cover 100CT, and weights may be found in the ** Pocket 
Companion," Carnegie Steel Co. 


I *= 24" actual — O.K. 
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SPECIFICATION CLAUSE 
The distance between centers of purlins shall 
not exceed 6'-0", and preferably shall be made 
less than thiB value. 

The above limit is based upon the following: 

“ By experiment it has been determined that 
corrugated sheet steel, deep and 0.035 inch 
thick, spanning 6'-0", began to give a permanent 
deflection with a load of 30 pounds per sq. foot, 
and that it collapsed with a load of 60 pounds 
per sq. foot.”* 


Equating, 


W ■ l 
8 

W 


12.000 X 4 b ■ 

15 

25.000 b . d . t 
l 


and 


(5-49) 


Another formula which expresses the safe load per square 
foot, Wq, is 




330 « • b . t 


(5-50) 



Some of the common spacings used in practice are as 
follows: 

#24 gauge — 2'-0" to 2'-6" c.c. of supports. 

#22 and #20 — 2'-0" to 3'-0" c.c. of supports. 

#18 gauge — 4'-0" to 5'-0" c.c. of supports. 

An expression* for the approximate total uniformly dis- 
tributed load in founds, W, which a corrugated sheet can 
sustain may be dcveloj>ed in the following manner: 


In Fig. 260, let 

b = the curvilinear width of the sheet in inches ( = 1 .075 X 
the covering width), 

l = the unsupported length of the sheet in inches, 
t = its thickness in inches, 

d => the depth of the corrugations in inches, and 
8 — the allowable fibre stress, usually taken as 12,000#/a" 
(material from puddled . iron sheeting and bent hot). 


M W ‘ l ‘ 1W 
M « - ■ in. -lbs. 


M 


«•/ 


- (approximately) 
c 


4 b-d-t 
15 


* ” Pocket Companion.” Carnegie 'Steel Co. 


Illustrative Prob. 419a. Determine the safe uniform load 
in #/□' that. 2}" standard corrugated sheets, #22 guuge, will 
sustain, if the clear span is 4'-0". Use formula 5-49. Com- 
pare with the result by formula 5-50. 



#20 gauge, t « 
l - 48" 


1.075 X 24 


2.5 


W 

48 X 24 
144 


25,600 X 1.075 X 24 X 2.5 w 1 ifWmjf 
48 X 32 “ 108 ° # 


8 . 00 ' 


1080 


135#/ □' (by 5-49). 


330 X 12,000 X 1.075 X 24 X 1 , OOJ1/ _, , „ Bn 

48 X 48 X 32 ‘ 138 ' /D by ^ 


262 


DESIGN OF ROOF CONSTRUCTION 


Corrugated sheets generally do not have to be designed for 
usual loads and ordinary spans, and tables may be used. An 
expression which was developed by Rankine gives the limit- 
ing span in feet for a given corrugated sheet and a definite 
load in #/□', Ufa, as 


L 


s/' 


0.18* -b -d-t 


Wo 


(S-bl) 


Table 66 gives several values based upon the above formula. 


TABLE 66* 

LIMITING SPANS FOR CORRUGATED STEEL SHEETS 


« - 12,000 #/□' b - 12" d - r 


Gauge 

t 

(ina.) 

Values of L in foot 

w% « 20 

wo * 25 

1 

i 

% 

u>« ■* 40 

«»* 60 

it# - 60 

16 

A 

7.1 

6.3 

5.8 

5.0 

4.5 

4.0 

18 

bV 

6.3 

5.6 

5.2 

4.5 

4.0 

3.6 

20 

A 

5.5 

4.9 

4.5 

3.9 

3.5 

3.2 

22 

A 

5.0 

4.5 

4.1 

3.5 

3.2 

2.9 

24 

A 

4.5 

4.0 

3.7 

3.2 

2.8 

2.6 


165. Roof Plank. 


In mill buildings and slow-burning construction, 
plank is often used as a material to support the 
roofing. In such construction, the rafters are 
omitted and the planks are spanned between the 
purlins, or in some cases from truss to truss. The 
simple method to use in this case is to determine the 
total effect of the load in a direction perpendicular 
to the plank and then to design such material in the 
same manner as for floor construction (Book 1). 


Illustrative Prob. 166a. Determine the necessary thickness 
of yellow pine plank (tirade I) to span 8'-0". Snow load, 
15 #/d' of horizontal projection. Wind load, 24#/ □' of roof 
surface. Slate roof, 30° slojKi. 

Slate = 7 
Roofing paper — 1 
2" Plank * _7 
D. L. « 15 

S. L. - 15 (full snow load) 

T. L. — 30#/ □' vertical 

26#/ n' normal conii>onent (Fig. 261 (a)). 

D. L. = 15 


$ S. L. = 7J5 (one-half snow load) 

Sum - 22.5#/n' vertical 
W. L. — 24.0 (wind load) 

43.5#/n' normal component (Fig. 261 (6)). 

M - 1 .2 w • L* - 1.2 X 43.5 X (S) 2 = 3340"# 


3340 


s w • b • d % 
6 


D 


bW l* 8 
384 E • I X 10 


D = 0.49" actual 

D * — « 8 x 12 
“ 360 360 


1500 X 12 Xt* 
6 


/ = 1.06" 


5 (43.5 X 8) X (8)* X (I2)« X 8 
12 X (1.62) 3 


384 X 1 ,500,000 X 


12 


X 10 


0.28" allowable 


U»e 3" jAank on a/c Deflection. 

* Baaed upon a table in Hool anil Johnson’s “ Handbook of Building 
Construction,’' copyright, McGraw-Hill Book Co., Inc. 


Here again Table 67 may be used to determine 
the thicknesses. Ordinary matched plank shown 
in Fig. 2&1 (c) may be employed, or in some in- 
stances, shiplap, shown in (d), is used. The details 
at the points of support are similar to those Bhown 
in Fig. 258. 


TABLE 07 


MAXIMUM SPAMS POM ROOF PLAMK 


Nominal 

Thiekneas 

Actual 

Thioknem 

Fibre Straw 
#/□■• 

Span in Feet 

L.L. in #/□ 

*C# 

lot# 

3" 

25" 

1200 

13'-8" 

lO'-l" 

<< 

it 

1300 

14'-3" 

10'-6" 

u 

<t 

1500 

15'-4" 

ll'-3" 

n 

it 

1600 

15-10" 

ll'-8" 

ti 

it 

1800 

16'-9" 

12'-4" 

it 

it 

Deflection 

9'-0" 

7'-4" 

4" 

3!" 

1200 

18'-5" 

13'-8" 

a 

a 

1300 

19'-2" 

14'-3" 

a 

a 

1500 

20'-7" 

15'-4" 

a 

a 

1600 

21 '-3" 

15'-10" 

u 

a 

1800 

22'-7" 

16'-9" 

a 

t i 

Deflection 

12'-3" 

lO'-l" 


Modulus of elasticity 1,620, OCX) #/□". 

Deflection limited to A" per foot of span. 

Matched and dressed plank. 

Values based on actual thicknesses. 

Sum of L.L. and weight of plank included in calculating 
the spans. 



Fig. 261 


Prob. 166b. What thickness of yellow pine plank is re- 
quired to span 6'-0" and carry a L.L. of 40#/a' (horizontal) 
and 1" roofers, with tar and gravel roofing? 


166. Concrete Slabs. 

For types of buildings where the fire hazard has 
an important bearing, concrete slabs may be used 
to act as a carrying medium between the purlins, 
instead of the plank or sheathing. The concrete is 
usually made with a cinder aggregate instead of the 
stone, for the following reasons: 

(1) A lighter dead weight is obtained, 

(2) A cinder concrete slab of the usual thickness 
which conforms with recognized practice is 
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generally amply sufficient for the loads to be 
supported, 

(3) Roofing materials may often be nailed directly 
to cinder concrete. 

When the loads normal to the slab are correctly 
determined, the design is similar to that discussed 
in Chap. 7. 

167. Gypsum Slabs. 

A material which is finding popular use for roof 
slabs is gypsum. This may be employed in pre- 
cast units or it may be cast in place. An important 
advantage in either instance is that the material is 
relatively light in weight and sufficiently strong for 
ordinary roof loads. The pre-cast units are used 
much more than gypsum cast-in-place on account 
of the simplicity of the former. Fireproofing of beams 
is generally omitted in roofs of this kind, especially 
where trusses are used, as it is not feasible to fire- 
proof the trusses, and no gain is made unless all 
steel is protected.* 

A form of pre-cast gypsum unit is the patented 
Pyrobar* which is made of calcined gyjMuin and 
a small percentage of wood fibre. The common 
size is 3" X 12" X 30" and it weighs about 
13#/n'. It is laid directly upon sub-purlins 
(usually 21 X 21 X 4.2# T’s) 2MJJ" o.c., and on 
5'-0" spans. The joints at the T’s and between 
the blocks are filled with grout. 

If gypsum is to be used and cast-in-place, the 
advantages claimed arc that the material sots 
quickly so that an early removal of forms is 
possible, and considerable heat is developed 
during the setting which Is an aid to work in 
cold weather. The principles involved in tho 
design are similar to those of reinforced concrete as discussed 
in Chap. 7. A common construction consists of a 4" slab 
supported by T-joists 6" wide and 16" o.c., the depth of the 
latter depending upon the loads and the spans. The average 
span used is lO'-O". In the design, no part of the web of the 
T-joist, is considered as compression area, and steel bars are 
used in tho ordinary way. Wire mesh is commonly placed 
in the lx>ttoin of the slab, principally to offset temperature 
stresses. The working stresses often employed are as follows: 


and high temperature might cause condensation to 
form upon the projecting webs and flanges of the 
purlins, if exposed, the latter may be protected by 
the gypsum, as illustrated at the left. The follow- 
ing} is descriptive of this construction: 

“ The design of gypsteel construction is baaed upon the 
principle of the suspension bridge. Cables of cold-drawn 
steel wire are spaced from 1" to 3" apart (depending upon 



Fig. 262 


the spans and loads) and are securely anchored to both ends 
of a series of purlins by means of bars and anchors of a section 
of metal sufficiently heavy to develop the strength of the 
cables. These cables are put into uniform deflection and 
tension tatween each pair of purlins by means of continuous 
steel deflection-rods. 


Fig. 263 

" Gypsteel comjjosition is then poured in place between the 
purlins, upon wood forms or centering, and is brought to a 
level surface about ■}" above the top flanges of the purlins. 
It is then ready to receive the waterproof roofing. 

“ This composition consists of a very high grade, scien- 
tifically calcined gypsum, with which is incorporated wood 
fibre or chips that serve us a binder and impart to the slab 
its j>eculiar toughness and elasticity." 


^ Co/ddnoom rods 



f c « 350#/ f s = 16,ooo#/d", n = 30, Figure 264 illustrates the pre-cast slab roofs. 

u = 3()#/a", v - 20#/a" bearing * 300#/u".f The following} is descriptive of this type: 


it is inadvisable to use web reinforcement, and tho web of 
the T-joists is preportioned (o resist the shear without such 
steel. 

Another patented form of similar construction 
is the Gypsteel roof.} This is varied by using: 

(1) poured-in-place roofs, or 

(2) pre-cast slab roofs. 

Figures 262 and 263 show typical sections of the first 
type. Where complete fire protection is required, 
or where especially severe conditions of humidity 

* II. 8. Gypsum Co. 

t For nomenclature, refer to Chap. 7. 

t Structural Gypsum Corporation, New Yprk City (formerly the 
Gypsum Department of the H. H. Robertson Co.). 


“The gypsteel slabs are moulded at the factory in steel 
forms, into which the steel cables are placed and put into uni- 
form deflection and tension by means of t.hc deflection-rods, 
restrained at the sides of the moulds. These cables consist of 
3-16" cold-drawn wire reds, spaced from 2" to 4J" apart, 
according to the spans and the loads to l>e carried. The 
cables are securely anchored to the moulds at points beyond 
the ends of the slab, being removed from this anchorage when 
the gypsum has set, each cable emerging from the ends of the 
slab within }" of the top surface and projecting about 2J". 

“ When these slabs arc set, in place upon the purlins, with 
their ends abutting, the projecting ends of the opposite cables 
in each Hlub arc tied together by a mechanical device which 
draws them up taut at these connections; and os the ends of 
the slab are rabbetted where the cables emerge, these ties 
lie in a depression which is filled with a grout of the same 
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gypsum composition, firmly embedding the ties, and troweled 
off flush with the top surface of the slab. 

“ Obviously, the resulting roof is, in effect, a monolith, with 
continuous, securely-anchored supporting cables in deflection 
and tension, carrying the loads, exactly as in the gypsteel 
poured-in-place roof.” 


degree, and is fairly elastic. The gypsum offers 
good protection to the steel against corrosion. 
Note the cable ties and the grouting in the side as 
well as the ehd joints. 

The strength of such roofs can be proven by 



Fiu. 264 


Thus it may be seen that the pre-cast slabs are 
practically the same as those cast-in-place. The 
pre-moulded is virtually taken apart and put 
together again at the building. This type is more 
commonly used because of many advantages, some 
of which are as follows: 

(1) maximum insulation is obtained, as the 
full thickness of the slab extends over the tops 
of the purlins, 

(2) erection is simpler and speedier, 

(3) form work is eliminated, 

(4) a better under-surface is obtained be- 
cause of the absence of dripping which is 
unavoidable with any type of poured con- 
struction, 

(5) work can be carried on in cold weather, 
as the grout sets rapidly. 

Poured-in-place construction is used when complete 
fire-protcction is desired.* 

Many advantages can be claimed for either type of 
gypsum slab. It is a very good insulator and hence 
prevents condensation, is of light weight, is a good 
fire-resistant, is not expansive to any considerable 

* The sections in Fife. 262 are most economical where the purlins are 
supported by trusses. The encasing of the projecting slabs and flanges of 
the purlins is usually unnecessary where the truss members arc to remain 
’Unprotected. The encasement is uueti where the purlins or beams ore 
supported by girders which may be fireproofed in the same manner. 


accepted engineering formulas as illustrated in 
Table 68. The load capacities of the slab arc 
based upon the structural value of the securely 
anchored steel cables, in suspension, for a factor of 
safety of 4. The table applies to the usual range 
of roof loads. Larger load capacities may be ob- 
tained by decreasing the cable spacing. Sizes and 
load capacities underscored are standards. The 
wires arc designed to carry the load regardless of 
the compressive value of the gypsum. The most 
economical spacing of supports is from 5'-6" to 

There are certain special design considerations 
which should be followed because of the nature of 
the construction. The following are important: 

(1) The cost is reduced where the purlins run transversely 
to the longest dimension of the building, oh less anchorage is 
required. This can usually be accomplished even where 
trusses running across the building exceed the allowable 
spacing for the slab, by using rafters along the ends and at 
the peaks of the trusses, into which channel purlins may be 
framed. In this way, the top chords of the trusses alternate 
with the channel purlins in acting as supports for the roof 
Blab. 

(2) As the peculiar strength of the construction is due to 
the suspension principle of design, the supporting cables muBt 
be securely anchored at their ends. End or anchorage- 
purlins must, therefore, be provided at outside walls, as well 
as at inside points, such as at bases of monitors, and so on. 
If anchorage members consist of channels, these should be 
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TABLE 68 

TOTAL LOADS 


Ojrpitael Poured-In-Place — Roof and Floor Construction 
OnblM Qompoood of 2 No. 12 Cold-Drawn Steel Wires Twisted. Cable - 2 X .00874 ® 20,000 lbe. per sq. in. 


f ■> Clear Span in inches 

20,000 Jbe. per sq. in. w 

Unit Working Stress 


- 360 lbs. - T 

VF"» Total safe load in lbs. 
b — Cable Spacing in inohos 
d ■ DoAootiou of Cables — ins 



Gypsteel Pre-Cast Roof Construction 


Cablos consisting of A' Cold-Drawn Steel-Wiro Hods. Cable - .0274 @ 20,000 lbs. per sq. in. 


I - Oloar Span In inches 
20,000 lbs. per sq. in. 

Unit Working Stress 


W 


1 152 T . d * 
b • I v'/i f-16 tP 


502 lbs. - T 

O’ ■ Total safe load in lbs. 
d — Deflection of Wires - - ins. 
b — Cable Spaaing in inohos 


Slab Thick ness 


3' 
Wt. = 
14 lb. per 
sq. ft. 


Slab LYmriS J Cab, <* 
Width I ^paring I 


Distance Between Sitpforto Center to Center 



* The basin formula for W may be derived by considering the quarter-points and mid-point of the span. Tho total stress at mid-span, 5, is W 
(8 X 12 <0. The total stress at the support in the cables is 


14/ +<P + 12 T 12T _ W Vl*+ 16<P From t 


b-lVFT- 18 d»’ 
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set with flanges out so as to permit of anchors being attached 
to the top flanges. If the nature of the building requires 
that these end-channels be set with the flanges turned in, 
angles should be riveted to the backs of the channels with 
tops in the same plane. 

Where walls extend to or above the anchorage purlin, the 
inside face of wall must be kept not less than 1" away from 
the purlin flange for cast-in-place slabs, and 2" away for pre- 
cast slabs, so as to afford room for placing anchors. 

(3) All purlins or other supports for slabs must be set 
with their top flanges in the same plane. On a pitched roof, 
where purlins rest upon the top chords of trusses, their top 
flanges will necessarily incline uniformly with the slope of the 
truss. The eave or end-purlins will, therefore, be framed at 
the same angle, unless the pitch is relatively slight. If set 
level, the anchorage-slab will rest upon the edge of the purlin 
and will not have a full and true bearing upon the entire top 
flange. 

(4) For the same reason, ridges and the bottoms of valleys 
should consist, wherever possible, of two channels, framed 
with flanges facing each other, the top flanges of euch in the 
same true plane as the other purlins on their respective slopes. 
This permits installing anchorage to each purlin, and such 
double purlins should be faced so that the projecting flanges 
are 5" apart at their nearest point. Where roofs are pitched 
not over 1 " to the foot, only one purlin need be used at the 
ridge. 

(5) With pre-cast slab construction, where supporting 
purlins have flanges less than 3" wide, it is necessary to use 
bearing plates for the temporary support of the slab until the 
supporting cables are tied up and grouted. I beam purlins 
arc, therefore, to be preferred to channels, because of their 
wider flanges, wherever the steel design admits of using the 
former section economically. 

(6) Tie-rods should always be specified with pre-cast 
slabs, as it is practically imixjssiblc for the steel erectors to 
set and hold purlins true to line except by the use of tie-rods. 



Pi.<4At orS*AC**t* 

Fig. 265 

(7) The supporting steel cables being placed in tension as 
well us deflection, the resulting pull exerted upon the end- 
purlins or trusses is provided for by means of light truss brac- 
ing as illustrated in Fig. 265. This bracing should be shown 
on the steel drawings and may be provided by the steel con- 
tractor during fabrication at slight cost; whereas, if provided 
for in a separate contract, the expense of cutting and punch- 
ing in the field would be substantially greater. 

(8) With poured-in-place construction, where the distance 
between anchorage purlins is four spans or less, it is more 
economical and quite as effective to omit the angle-and-tie- 
rod bracing in the end panels, and to have the contractor or 


owner furnish pipe on the ground in sufficient quantity to 
provide struts in each panel from one anchorage purlin to the 
other, which pipe struts will be held in place by clips fur- 
nished and set by the erectors. By placing these pipe-struts 
in each panel, the necessity for the tie-rods in the end-panels 
is eliminated. 

The angle-and-tie-rod bracing is, however, more economical 
and should be used on all stretches where there are more 
four panels between anchorage points, and invariably with 
pre-cast slabs. 

(0) Overhanging Eaves. With poured-in-place construc- 
tion, the maximum overhang is 18" beyond the outside edge 
of the anchorage purlin or truss, except where the slab may 
pass over and be supported by a wall outside of this purlin or 
truss, in which case the maximum distance may be 18" 
beyond the outside face of such wall. 



Pst^jLs 
Fig. 266 


With pre-cast slabs, the maximum practicable overhang 
is 12" beyond the outside edge of the anchorage purlin or 
truss. 

Where greater overhangs are unavoidable, outrigger con- 
struction as shown in Fig. 266 should be provided. 

(10) The pitch of the roof should be limited to }, or 0" to 
the foot, wherever possible, for economical reasons. 

(11) Framing Openings. With pre-cast slab construction, 
all openings over 6" diameter must be framed with steel. With 
poured-in-place construction, it is possible, when necessary, 
to provide for openings without framing when the dimensions 
of the same do not exceed 24" across the cables. This cannot 
be done with pre-cast construction, however, as the slab must 
have both anchorage and support at the edge of the opening. 
If angles are used for this framing, they must be placed with 
the horizontal leg inside of the opening so os to form flanges 
properly faced to receive and hold the anchors. In cases 
where members, angles or channels, at openings receive ends 
of single slabs, angles should be riveted to these members back 
to back, to give additional bearing for slabs necessitated by 
the use of anchor; or I-beams may be used at these points. 

(12) Stop-Angles. With pre-cost, slab construction, where 
the pitch of the roof exceeds 1-fi, or 4" per foot, stop-angles 
must be framed on the lower purlin or support to take the 
thrust of the slab. 

(13) Gable and Saw-Tooth Ends. Gable-ends and the 
ends of saw-teeth should be built of 3" blocks of Gypsteel 
composition, laid in gypsum cement mortar, with joints 
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struck neatly. With this form of construction, the outside 
surface should be protected with built-up or composition 

waterproofing. 

( 14 ) Curbs Under and Heads Over Sash. Curbs and heads 
should be constructed of 3" solid blocks of Gypsteel composi- 
tion, which may be reinforced with rods when necessary. 
The supports for these blocks should be provided by the 
proper spacing and location of angles or T's, the blocks being 
laid in place between these steel supports and grouted with 
gypsum cement mortar, ready to receive waterproofing. 

168. Wood Rafters. 

For dwellings and for small buildings, small wood 
beams placed relatively close together, called rafters, 
may be used to support a wood sheathing (Art. 163), 
which in turn provides a base for the roofing mate- 
rial. These may also be used when supported di- 
rectly by the top chords of roof trusses in larger 
buildings, or occasionally they arc supported by pur- 
lins between trusses. The spacing is usually made 
16", 20" or 24" o.c., depending upon the loads and 
the spans. In cheap construction the spacing has 
been made as much as 32" but this is not advisable. 
The sizes of the rafters required may be calculated 
in a manner similar to that for floor joists, although 
data such as given in Table 69 are more commonly 
employed in their selection. The common sizes 
which are used for ordinary spans are 2" X 4", 
2" X fi" and 2" X 6".* 

In some types of construction, separate ceiling 
frames are used. The only loads which need to be 
considered for such framing are the weights of the 
ceiling and joists, and possibly a layer of sheathing 

TABLE 69f 

MAXIMUM SPANS FOR RAFTERS 
Shingled Roofs not Plastered 


Total load, 48 pounds per square foot 


Sixes 

of 

joists 

Dis- 

tance 

on 

centers 

Hem- 

lock 

White 

pine 

Norway 
pine or 
spruce 

Douglas 
fir or 

Texas pine 

Long-leaf 
yelkev pine 

in. 

in. 

ft. 

in. 

ft. 

in. 

ft. 

in. 

ft. 

in. 

ft. 

in. 

2X4 

16 

7 

4 

7 

9 

8 

4 

9 

0 

10 

10 

2X4 

20 

6 

7 

6 

10 

7 

6 

8 

6 

8 

10 

2X0 

16 

11 

1 

11 

7 

12 

6 

14 

2 

15 

0 

2X« 

20 

9 

11 

10 

4 

11 

2 

12 

8 

13 

4 

3X6 

16 

13 

7. 

14 

2 

15 

3 

17 

5 

18 

3 

3X6 

20 

12 

2 

12 

8 

13 

8 

15 

7 

16 

4 

2X8 

16 

14 

9 

15 

6 

16 

8 

18 

11 

20 

0 

2X8 

20 

13 

3 

13 

10 

14 

11 

16 

11 

17 

10 

2X8 

24 

12 

1 

12 

7 

13 

7 

15 

6 

16 

3 

2X9 

16 

16 

3 

17 

3 

18 

9 

21 

3 

22 

6 

2X9 

20 

14 

10 

15 

6 

16 

9 

19 

0 

20 

0 

2X9 

24 

13 

7 

14 

2 

15 

3 

17 

4 

18 

3 

2X10 

16 

18 

6 

19 

3 

20 

10 

23 

8 

25 

0 

2X10 

20 

16 

7 

17 

3 

18 

8 

21 

2 

22 

3 

2X10 

24 

15 

1 

15 

9 

17 

0 

19 

3 

20 

4 


* 2 X 5 common in Eastern States only. 

t Based upon tables in Kiddor’e *’ Architects’ and Builders' Pocket 
Book," John Wiloy A Sons, Ino. 


TABLE 69 — Continued 
Shingled Roofs Plastered or Slate Roofs not Plastered 


Total load, 67 pounds per square foot 


Siaes 

of 

joists 

Dis- 

tance 

on 

centers 

Hem- 

lock 

White pino 

Norway 
pine or 
spruce 

Douglas 
fir or 

Texas pine 

tang-leaf 
yellow pine 

in. 

in. 

ft. in. 

ft. 

in. 

ft. 

iu. 

ft. 

in. 

ft. 

in. 

2X4 

16 

6 

9 

7 

1 

7 

7 

8 

8 

9 

2 

2X4 

20 

6 

0 

6 

4 

6 

9 

7 

9 

8 

2 

2X6 

16 

10 

2 

10 

7 

11 

6 

13 

0 

13 

8 

2X6 

20 

9 

1 

0 

6 

10 

2 

11 

7 

12 

3 

3X6 

16 

12 

6 

13 

0 

14 

1 

15 

11 

16 

9 

3X6 

20 

11 

1 

11 

8 

12 

7 

14 

3 

15 

0 

2X8 

16 

13 

7 

14 

2 

15 

3 

17 

4 

18 

3 

2X8 

20 

12 

2 

12 

8 

13 

8 

15 

6 

16 

4 

2X8 

24 

11 

l 

11 

7 

12 

6 

14 

2 

14 

11 

2X9 

16 

15 

3 

15 

10 

17 

2 

19 

5 

20 

6 

2X9 

20 

13 

8 

14 

3 

15 

4 

17 

5 

18 

5 

2X9 

24 

12 

5 

13 

0 

14 

0 

15 

10 

16 

9 

3X8 

10 

16 

7 

17 

4 

18 

9 

21 

3 

22 

5 

3X8 

20 

14 

10 

15 

6 

16 

9 

19 

0 

20 

1 

3X8 

24 

13 

7 

14 

2 

15 

3 

17 

4 

18 

4 

2X10 

16 

17 

0 

17 

8 

19 

2 

21 

7 

22 

10 

2X10 

20 

15 

2 

15 

10 

17 

1 

19 

4 

20 

6 

2X10 

24 

13 

10 

14 

0 

15 

7 

17 

8 

18 

8 


For climates whore a 2-0“ snow-fall in ay be oxnorted. In the southern 
states, where there is very little snow, spans are sufo for slate roofs not plas- 
tered, in upper table, and slate or gravel roofs plastered, in lower table. 


above. The basis of design is similar to that of 
other joists. Table 70 gives the usual limitations 
for this work. 

TABLE 70* 

MAXIMUM SPANS FOR CEILING JOISTS 


Total load, 20 pounds per square foot 


Sixes 

of 

joists 

in. 

Dis- 

tance 

on 

renters 

in. 

lleui- 

lock 

ft. in. 

White pine 

ft. in. 

Norway 

pine 

ft. in. 

Hliort-leuf 
yellow pine, 
spruce 

ft. in. 

Long-leaf 
yellow pine, 
Douglas 
fir 

ft. in. 

2X4 

12 

8 11 

9 

3 

9 

6 

9 

10 

10 

7 

2X4 

16 

8 1 

8 

5 

8 

8 

8 

11 

9 

7 

2X6 

mm 

13 5 

13 

10 

14 

4 

14 

9 

15 

10 

2X6 

mm 

12 2 


MM 


a 

13 

5 

14 

5 

2X8 

mm 

17 10 


K] 


a 

10 

8 

21 

2 

2X8 

mm 

IliU 


El 


a 

17 

Kill 

19 

3 

2X8 

20 

15 1 

15 

P* 

4 

16 

1 

16 

7 

17 

10 


Total load, 24 pounds per square foot 


2X10 

12 

21 0 

21 

9 

22 

5 

23 

1 

24 

11 

2X10 

16 

19 1 

19 

8 

20 

5 

21 

0 

22 

2 

2X10 

20 

17 8 

18 

4 

18 

11 

19 

6 

21 

0 

2X12 

12 

25 2 

26 

0 

26 

11 

27 

9 

20 

11 

2X12 

16 

22 11 

23 

9 

24 

6 

25 

2 

27 

2 

2X12 

20 

21 3 

22 

0 

22 

9 

23 

5 

25 

2 


169. Roof Purlins 

A roof purlin is the member which brings the loads 
on a roof to the panel points of a truss, as illustrated 

X Baaed upon a corresponding table in Kidder’s ” Architects' and 
Builders’ Pocketbook,’’ John Wiley A Sons, Ino. 
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in Fig. 256. Consequently, the loads which de- 
velop stresses in it are the weight of the roofing and 
its immediate supporting material, snow and wind 
loads, and its own weight. It is improbable that 
the maximum wind and snow loads would act 
simultaneously for any great length of time, as the 
wind would tend to blow the snow off of the roof, 
except in the special case of an alternate thaw and 
freezing before a high wind. The two common com- 
binations of load which are usually assumed are: 

(1) dead load and full snow load, and 

(2) dead load, one-half snow load, and full wind 

load. 

One loading may give a maximum pressure per- 
pendicular to the roof while the other may produce 
a maximum component parallel to the roof, so that 
both combinations should be investigated for these 
conditions. The most convenient method is to 
obtain the resultant pressure per square foot, based 
upon dead and snow loads acting vertically and wind 
loads acting perpendicularly to the roof, and then 
to consider the components of their resultant, per- 
pendicular and parallel to the roof, as illustrated in 
Fig. 254 (c). 

The purlins are usually of rectangular wood 
sections or of rolled steel shapes, depending upon the 
type of roof to be designed. They generally frame 
from truss to truss so that they are considered to 
be simply supported. The sides of the wood section 
or the web of the rolled section are usually perpen- 
dicular to the top chord of the truss. The direction 
of the resultant applied load and the vertical prin- 
cipal axis of the member arc therefore not coincident, 
as illustrated in Fig. 267, when the top chord of the 
truss is inclined. Theoretically, this feature should 
be considered,* but an approximate solution is 
sufficiently accurate for practical purposes. The 
component of the load acting parallel to the roof 
tends to bend the purlin sidewise and this, as well 
as the bending caused by the component perpen- 
dicular to the roof, must be provided for. 

The common case in purlin framing is that where 
the roofing material is carried by plank, slabs and 
the like, which run over the tops of the purlins. 
In such instances, these surface materials stiffen the 
beam in a sidewise direction, and the effect of the 
component parallel to the roof is assumed to be 
resisted by them. In other words, the purlins are 
assumed to be free to bend only in the direction per- 
pendicular to the roof. A rolled steel section, while 
weak in a sidewise direction, is generally further 
strengthened by the practical use of tie-rods. Con- 
sequently, the usual cases of purlins become those 

* Refer to the dismission of 8-polygons in Hoot and Johnson's " Hand- 
book of Building Construction/' Vol. I, copyright, McGraw-Hill Book 
Co., Ine. 


of simple beam design, and the load considered is 
that in a direction perpendicular to the roof. When 
rafters or sub-purlins are used in conjunction with 
such members, the load is considered to be uni- 
formly distributed, as the concentrations are rela- 
tively closely spaced. If jack rafters at larger 
Bpacings are used, the procedure involving con- 
centrations should be followed. Figure 267 shows 
various types of purlin connections. 



Illustrative Prob. 169a. What size of purlins is required 
for a roof with the following specifications: 

Inclination of roof 30°. Snow load, 15 #/□' of horizontal 
projection, maximum. Wind load, 24#/'o' normal to the 
roof. Spacing of trusses Spacing of purlins 6'-0". 

Use rectangular timber sections. 2" plank and slate roof. 


Slate - 7 

30 X 0.866 * 26#/ □' normal 

Rfg. paper = 1 

component. 

2" Plank * 7 

(Fig. 261 (a) and (6).) 

D. L. » 15 


S. L. = 15 (full snow load) 

T. L. *= 30#/ □' vertical 

D. L. - 15 

22.5 X 0.866 = 19.6#/q' normal 

1 S. L. - 7.5 

component. 


Sum ■> 22.5 #/a' vertical 
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19.5 + 24-0 (W. L.) - 48.5#/o' maximum 
Load per foot - 43.5 X 6 « 271 

Purim^li- 0 X 40 - 17 
144 

288#/ft. 

M - 1.5 w • L* - 1.5 X 288 X (16)* - 110,700"# 

110,700"> - *. ■ >< t - <f 

o o 

b • d* - 440 6 - 6, d = 8.4 tfM6"X10" 

^ 5 X (288 X 16) X (16)* X (12)* „ eo „ 

D * ... ■ — * 0.58 

384 X 1,500,000 X — ■ 

12 

D (allowable) = ± = 0.53" 

Deflection O.K. 


A special case occurs when the material carrying the roofing 
is more or less “ flexible ” such as corrugated sheeting and 
various kinds of thin sheathing. The purlin is considered 
to be free to bend sidewise in such cases. There arc two 
ways of providing resistance to this action, — one, to intro- 
duce tie-rods which will offer lateral support, and the other, 
to proportion the purlin to resist the combined stress de- 
veloped by the components of the load fK>rpendiculftr and 
parallel to the roof, without the use of tie-rods. 


Illustrative Prob. 169b. What size of steel C purlin is 
required for the data of Illustrative Prob. 169a, when corru- 
gated sheeting is to be used? No tie-rods are to be em- 
ployed. 

Corr. sheets = 1.5 22.0 X 0.866 = 19.0#/n' X roof 

Anli-cond. 22.0 X 0.500 = 11. ()#/□' || roof 

lining — 1.5 
Purlins — 4.0 
D. L. - 7.0 

S. L. — 15.0 (full snow load) 

T. L. = 22.0#/ n' vertical 

D. L. ■= 7.0 14.5 X 0.8(>6 - 12.5#/d' X roof 

5 S. L. - 7J5 14.5 X 0.5 = 7.3#/u' || roof 

Sum - 14.5#/n' vertical 


12.5 X 24 (W. L.) = 36.5#/ □' maximum X roof 
A/(X roof) - 1.5 u> * X* = 1.5 (6 X 36.5) X (16)* = 84,000"# 
A/( || roof) - 1.5 (6 X 7.3) X (16)* - 16,200"# 


Try 10 C 15 



13.4"* 


84,000 


13.4 

16,200 



- 6,300 


= 13,500 

i9i800#/a" too high. 


A 12 ri 20J would be required on thiH basis. The stresses 
should also lx> cheeked for the moments developed by the 
19# and 11# components. It should be obvious that the 
omission of tie-rods requires a much larger purlin section. 

The method illustrated above is not the common way of 
designing purlins carrying “ flexible ” materials and tie-rods 
arc generally used, os a smaller purlin section may be em- 
ployed and a stiffer roof results. The stress caused by the 
moment developed by the component perpendicular to the 
roof is calculated in the usual way, based upon the span, 
center to center of trusses. For the component parallel to 


the roof, the span of the purlin is considered to be the dis- 
tance between intermediate tie-rods or between a tie-rod and 
a truss. One bracing member at the middle of the purlin 
span is usually sufficient (Art. 170). The bending action 
in a sidewise direction in such instances is then that of a 
partially continuous lieam, supjjorted at its outside (joints 
by the trusses and at intermediate points by the tie-rods. 
Since the support offered by the latter is not as rigid as that 
given by the trusts, the moment coefficients common to the 
theory of continuous beams are modified. The bending 
action is illustrated in Fig. 268. The maximum moment 


in a sidewise direction on this basis 


is 


w • L s 2 
10 


, in which 


U 


represents the spacing of the tie-rods. 


The value- 


l?. 

— is 


Truss 

TrUSSy^ 


L. 




| .. Pur/tt* t 



’ Tr-uJS 


Twt /, 



U^fcJ 

7c c Truss*.* \ 

r "J 


fie P<m/s a* T/nnf-Po*nTs of Pur/m Sport 



Tit <*/ 4 of Jpmn 

(«) 


( 6 ) 
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the maximum moment in a direction normal to the principal 
axis of the purlin, and L is here the span of the purlin. The 
maximum combined moment is theoretically the vector sum 
of the two moments caused by the components and acts in 
a resultant direction which is nearly )>erpendicular to the 
roof.* In practice it is sufficiently accurate to determine 
the stresses in each direction and add them directly. Such 
design, however, involves “ cut and try ” methods. 


Illustrative Prob. 169c. What size of purlin may be used 
for the data of Illustrative Prob. 1696 if tie-rods ate used at 
the mid-points of the span? 


M (X roof) = 1.5(0 X 36.5) X (16)* - 8-4,000"# 


M ( || roof) = 1.2 (6 X 7.3) 
Try 8 LIU ^ ( = 8.1"* 



= 3,:«K)"# 
= 0.79"* 


SI-1 


84,000 

8.1 


= 10,400 


» 2-2 “ * 4,250 Use 8 [1 1 1 J. 

14,650#/a" O.K. 

L ~ 2d 6*2X8 = 16.0' allowable 

L = lO'-O" actual Deflection O.K. 

Pull on tie-rod = 8 X 6 X 11 = 528# (see Prob. 1696) 

— — = 0.033U" net area theoretically required. 

16,000 


Use }" tie-rods for practical reasons, namely, to keep the 
punching of holes standard. By a comparison with Illustra- 
tive Prob. 1096, the relative economy of using tie-rods should 
be obvious. 


* Refer to discussion of S-polygons, Hool and Johnson's '* Handbook of 
Building Construction, ” MoGraw-Hill Book Co., Ino. 
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Figure 267 illustrates several methods of fasten- 
ing both wood and. steel purlins to roof trusses of 
these two materials, 

Prob. 18M. What sue of purlins would be required in 
Illustrative Prob. 100s if the spacing of trusses were 18'-0" 
and the spacing of purlins 6'-6"7 

170. Use of Tie-Rods. 

Tie-rods are generally used in pitched roofs to 
brace the steel purlins for practical reasons, irre- 
spective of whether the roofing materials arc rigid or 
“flexible.” They not only provide stiffness in a 
sidewise direction, but they keep the purlins in line 
during the erection and eliminate the use of extra 
falsework. When the slope of the roof is slight, say 
3” in 12” or less, tic-rods are not vitally necessary. 

The spacing varies with the length of the bay and 
the loading. A tie-rod at the mid-span of the purlin 
is usually sufficient.* In extreme cases of heavy 
loading or long spans, the tic-rods may be located 
at the third-points of the purlin span. The size 
is commonly f”^ or depending upon the size 
of the purlin. Theoretically, the size must be 
sufficient to resist the thrust caused by the com- 
ponent of the wind load, parallel to the roof surface. 
This is usually an amount which would require only 
a small rod (Illustrative Prob. 169c) and the size as 
mentioned above is used to make the punching of 
the holes conform to the rest of the work. 
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Tie-rods should extend from eave to eave in a 
continuous line over the ridge so that there will not 
be an excessive pull on the ridge purlin. They are 
commonly placed a distance of 3" down from the 
top of the top flange of the purlin, and staggered 
3” o.c., as illustrated in Fig. 269, so that the nuts 
may be turned. 


171. Use of Sub-Purlins. 

A method sometimes used where slate or tile 
roofing is employed is that involving sub-purlins. 


These are simply small steel members running in the 
opposite direction to the main purlins, which sup- 
port the slate or tile directly, thereby eliminating a 1 
solid form of roofing support such as sheathing, 
plank, or slabs. This method is illustrated in Fig. 
265 (c). The trusses are at the usual spacing of 12'-0” 
to 16'-0”, and the main purlins arc generally about 
8'-0” o.c. This reduces the number of panel points 
in the trusses and is a factor in determining the type 
of truss to be used (see Index). The purlins are 
commonly I-beams or heavy channels. The first 
method is generally much more economical. The 
sub-purlins (parallel to the longitudinal walls) are 
spaced from 8” to 12}” o.c., depending upon the 
roofing material to be carried. These are commonly 
angles or occasionally small Z-bars (Art. 6). One 
type of construction is to use 28” slate laid directly 
upon Z-bars, 12}” o.c., with the slate held in place 
by 2}” X 2" X A” clip angles. These clips should 
be bolted nearer one end than the other to increase 
the leverage of the clip. Anti-condensation linings 
should be used in such work (see Index). 

A special instance of the use of sub-purlins is 
when book tile are employed, as illustrated in Fig. 
270 (a). In this constniction, steel tees (Art. 6) 
are employed, spaced 1” farther apart than the 
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length of the tile. The latter are usually 2", 3" or 
4” thick, 12” wide, and from 16” to 24” long, the 
24” length being common. So-called “ govern- 
ment ” roof tile are used in a similar manner. 

A variation of the usual construction is illus- 
trated in Fig. 270 (5), in which Bonanza tile span 
between channel purlins spaced 4'-0” apart. Federal 
cement tile are used in a similar manner. 

* When “ flexible ” roofing is to be used, a theoretical basis for the 
spaoing might be that of lateral support, as discussed in Art. 11. 


CHAPTER 14 


SIMPLE ROOF FRAMES* 


172. Definition. 

Roof frames may be defined as simple when no 
trusses are involved, as discussed in Art. 156. They 
may be either pitched or flat. Of the former, the 
roofs of houses and other small buildings are usually 
framed of third-class construction, that is, essentially 
of wood (Book 1). In framing the roofs of better 
class residences and occasionally in churches, schools 
and the like, pitched roofs may be provided with 
steel rafters and various kinds of enclosure materials. 
The flat roof is used principally in structures where 
intermediate supports may be used. 


roof, considering the saving in gable walls. In 
this roof the plate is continuous around the build- 
ing, none of the walls extending above the main 
plate line. 

Gambrel roofs are used in many instances because 
of the ample attic space they afford, with the lower 
ridge height. They are cs)>ecially adapted to wide 
buildings with finished attics. For the same 
space, they require less material than the V roof. 
The Mansard or French roof is similar to the 
gambrel except that the first slant is steeper and 
occurs usually on all sides. When a building is 
over 30'-0" wide, the deck roof is 
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an economical type of construction. 
This may be a combination of the 
Mansard for the front sloi>e and 
the flat roof, or may haVe gable 
ends. 

174. Roof Framing Plans. 

The preparation of a roof framing 
plan is more important than has 
ordinarily been accredited to it. 
While considerable information may 
be indicated on the elevations and in 
the specifications, the cost of making 
a roof framing plan (and in many 
cases, a roof architectural plan) will 
be more than offset by the elimina- 
tion of errors in the field as to the 
intention and the location. The lines 
of the plate upon which the roof is to 
rest arc first definitely located and 
this framing indicated. The hips, 
valleys and ridges are next shown. 
Figure 256 (a) illustrates the various 


173. Types of Pitched Roofs. 


types of members in a roof of this 
kind. Then the common or jack rafters are in- 


Thc particular type of a roof depends upon the 
shape and size of the plan of the building, the 
arrangement, use and space desired in the attic, and 
the design and appearance of the building as a whole, 
striven for by the architect. Figure 271 illustrates 
the common types of roofs. The simplest from a 
standpoint of roof framing is the V or gabled roof. 
The hip roof, which is an adaptation of the first 
type, sloping on all sides, is cheaper than the gable 


dicated with the proper spacing for the accom- 
modation of roof openings for the chimney, 
dormers, or other rising forms. The common rafters 
forming the trimmers for such openings are usually 
heavier pieces. 

The general method may be illustrated by a refer- 
ence to Fig. 272. The largest rectangle which can 
be drawn in this area is AGEF. The next step is 
to draw in the 45° AH, FH , CJ and JD, inter- 
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seating in H and J, respectively. These points 
locate the ridges of the main rectangle and of the 
“ell.” The lines KL and MN are then drawn 
showing these ridges. When the two roofs have 
the same pitch, the intersection of the ell ridge with 
the main roof may be determined by drawing the 45° 
line, BO, from the point B . This forms the valleys 
at the intersection of the ell roof with the main roof. 


them (Art. 185). A valley rafter receives such load 
and is in true position to bend. A hip rafter is of 
course more ordess braced by the jack rafters fram- 
ing into it each side. If the connections of the jack 
rafters to the plate are strong enough to resist the 
outward thrust induced, and the plate or wall, acting 
as a lateral beam, is strong enough to resist such 
thrust, a hip rafter generally does not act as a simple 

M 



If gables are used, the roof will appear as indicated 
by the full lines; if a hipped roof is desired, the roof 
will be as shown by the dash lines, allowing for pro- 
jections as indicated. After the general lines of the 
roof are decided upon, the secondary framing mem- 
bers arc drawn in. 

Where the pitches of a roof vary, the roof lines 
must be laid out in conjunction with the elevations 
and cornice sections. Figure 272 illustrates the 
methods of projection which are used in connection 
with the roof illustrated. 

In designing hip and valley rafters, it is usually 
wise to figure the fully tributary areas of load on 


beam. However, if there is any appreciable move- 
ment outward of the jack rafters at the plate line, 
this allows the hip member to become more of a beam. 
For this reason, it is recommended that hip members 
be designed for the theoretical, tributary loads. 

175. Roofs with Steel Rafters. 

In certain building zones, wood-framed roofs are 
not allowed, even for small structures. For such 
Cases, steel rafters may be employed with varying 
forms of enclosure materials. Instances of this 
kind also occur occasionally when a better class of 
construction is desired than is offered by a wood- 
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framed roof, such as in residences of more imposing 
nature, churches and schools. 

A common form of this construction is that of 
I-beam rafters supporting reinforced cinder concrete 
slabs, as illustrated by Pis. 168 and 161, Vol. I. It 
is necessary to use double forms for such work in 
order to cast the slabs. The design embodies no 
new principles of mechanics. 

Another variation is to use small purlins of steel 
tees supporting book tile as illustrated in Fig. 273. 
The rafters are usually I-beams spaced from 4 , -0 ,/ 
to 6'-0" o.c. 



Another variation is shown in Fig. 274 in which steel 
sub-purlins are used to carry slate directly. That in 
(a) shows the purlins ready, and (b) shows a view 
from the underside with the slate in place. Metal 
lumber construction (Sect. 8A) is also occasionally 
used, but it is not easily adapted to pitched roofs. 

Prob. 175a. Determine the required sizes of the purlins 
and rafters for a roof 40' X 64' in plan for the following speci- 
fications: 

L. L. * 40#/o' of horizontal projection. 

i pitch roof. 1" flat tile roofing. 

Book tile covering 3" X 12" X 24". 

Suspended ceiling. Rafters 6'-0" o.c. f supported by 
ridge beam and on wall at the eaves. Ridge beam 
supported by struts lG'-O" o.c. 


176. General Considerations for Flat Roofs.* 

In many structures, particularly office buildings, 
certain types of manufacturing plants, and storage 
warehouses, it is desirable to have a flat roof. Such 
a roof is generally defined as one which does not have 
a pitch of greater than f" per foot. The roofing 
material which may be used in such cases is some- 
what limited as' classed in Table 60. Tar and gravel 
or some similar combination, or a “ready roofing’' is 
usually employed. 



(a) 



(f» 

Fig. 274 

In the majority of such roofs, the framing is made 
similar to that, of the floor construction, using lighter 
members because of the smaller loads. The pitch 
of the roof may be provided in two ways: one, by 
sloping the framing to obtain the desired inclina- 
tion; the other, by leaving the frame level as in 

* This article is Riven principally to demonstrate the adaptation to flat 
roofs. Not all of the possible types of flat roof frames are discussed, but 
only a sufficient number to illustrate the application of floor construction 
as discussed in Part II. 
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floors and producing the pitch with either the roofing 
material, or, more commonly, by the use of crickets 
and Baddies made generally of cinder concrete fill. 
There seems to be a tendency to use the latter 
method except in wood roofs because the cost of the 
members, increased for any additional weight of fill 
which must be carried, is generally less than that 
of the extra labor required in erecting beams and 
girders to conform to a slight bevel. This is a dis- 
tinct advantage when future extension is antici- 
pated, and for such a case, the roof frame must 
naturally be of the same order as the corresponding 
floor frame. For this type of construction, then, the 
design is similar to that of floor construction, as 
discussed in Part II, the difference being principally 
in the amounts of the loads to be carried and the 
nature of the finish. Usually a suspended ceiling 
is employed in order to provide a dead air space 
between the roof and the tenants of the top story, 
which is a distinct advantage both in summer and 
winter. The height of the space is commonly 
about 2'-0". It is naturally an advantage to have 
the roof construction similar to the floor construc- 
tion from a standpoint of uniformity of materials 
and erection methods. However, not all types of 
floor construction are as readily adaptable to roofs 
and as commonly used as in floors. In wood 
framed buildings, plank and timber girders are 
common in mill construction, and wood rafters and 
girders for lighter buildings. In steel framed build- 
ings, either slabs or plank and steel beams are 
common, depending upon the nature of the building. 
In concrete framed buildings, either beam and girder 
or flat slab construction are usual, although the 


various forms of tile-joist framing may be employed. 
When concrete slabs are used, screeds and sheathing 
must be provided if the roofing requires nailing. 

When it is desired to eliminate some of the 
columns in the top story to conform with the archi- 
tectural requirements, such as for dance halls and 
the like, plate girders, long-span concrete girders, or 
roof trusses may be used. The trusses may be made 
to conform to the roof slope in a manner similar to 
other pitched roof trusses or not, as desired. 

For fiat roofs, the usual code requirement is that 
they shall be designed for a live load of 40 #/□'. 
This protects against occasional loads caused by 
persons walking upon the roof, repair work, and the 
like, as well as maximum conditions of snow. No 
wind load obviously need be considered for flat 
roofs. In cases of future extension, or the use of 
portions of the roof for recreational purposes, larger 
loads must be provided according to the particular 
instances (Art. 90). 

177. Use of Steel Beams and Slabs. 

The typical frame of structural steel supported by 
the upper story columns may be used for flat roofs. 
The beams may support plank or slabs according to 
the type of building.* Some of the beams may be 
pitched at sharper angles to conform to special por- 
tions of the roof. The outside ends of such beams 
should be riveted to the wall plates with a sufficient 
number of rivets to resist the outward thrust. 

Pre-cast or poured-in-place gypsum slabs may 
also be combined with a steel frame (Art. 167). 

* An illustration of this kind is given by the roof plan of the City Hnuso 
in Volume I. 
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178. General Consideration. 

Complex roofs, as previously classified (Art. 162), 
will require trusses. The underlying principles 
and nomenclature for truss types and solutions is, 
in the main, the same for all materials. Conse- 
quently, the following articles are devoted to a dis- 
cussion of truss action, the methods of obtaining 
panel loads, reactions and stresses. 

179. Engineering Drawings Versus Details. 

In a manner similar to that given for plate girders, 
the difference between the information relative to 
trusses which the structural engineer usually fur- 
nishes and that which ultimately develops, in the 
nature of auxiliary details, before the truss is finally 
erected in its proper position, must be considered. 
It is also wise to repeat that a good structural en- 
gineer should have a working knowledge of details 
in order that he may better be able to approve 
drawings submitted to him for his criticism, and 
also so that he will not design a truss which calls 
for awkward or perhaps impossible details. 

The engineer’s layout usually shows only the 
general outline of tlie truss, the stresses in the 
members and the required sizes of them. The 
first includes information relative to the span 
(center to center of bearings), the rise of the truss, 
the number of panels and the distances between 
panel points, and so on. In general, the diagram 
must show the direction and relation of all the mem- 
bers. A common custom is to indicate the stresses 
and loads on one side of the center line and the sizes 
on the other side, for corresponding members. 
Some engineers often give additional information 
such as the important details, splice locations, and 
the like, in order that their intentions will not be 
misconstrued. It is always wise to indicate the 
location and size of all bracing members used in the 
plane of the top chord, in the plane of the bottom 
chord, and such side or transverse bracing as may 
be necessary (Art. 198.) 

The details are usually supplied by the contractor 
who has competed for the work successfully. These 
must include the location of all working points, such 
as the intersections of the working lines of the mem- 
bers, the lengths between all working points, and 


so on. All dimensions should be limited in their 
minimum accuracy to fa". The inclinations of the 
web members are referred to horizontal or vertical 
directions, usually by indicating the rise or run in 
12". This may be given to the nearest fa", but 
not any closer. It is also necessary to completely 
define details such as those at the joints, splices, 
connections for bracing and the like, which are 
required to build the truss. Generally two scales 
are used on the same elevation, one to show the 
outline of the truss and its main dimensions, and 
the other to indicate the details. The former is 
commonly \" or \" = l'-0", and the latter or 
1" = l'-O". Plate 29 represents a typical draw- 
ing of this kind. 


180. Definition and Conception of Truss Action. 

A truss is a rigid, jointed framework usually sup- 
ported only at its ends, and designed to act as a 
beam in transferring loads to the supports. It is 
therefore subjected to the usual reactions, shears 
and moments, but the members are commonly 
arranged so that each is transmitting longitudinal 
stress only, — either tension or compression. A 



Fig. 275 


truss should form an unyielding structure composed 
wholly of rigid triangles, in order that there shall 
be no tendency toward distortion. To illustrate, 
if a force is applied to an apex of a quadrilateral, 
such as A BCD in Fig. 275 (a), the latter would 
tend to assume the shape indicated by the dotted 
lines AEFD . In contrast, the shape of the tri- 
angle RST in Fig. 275 (6) remains fixed to the 
extent that it cannot be altered without changing 
the length of the sides. The trapezoid MNOP 
in (c) is in equilibrium only under a particular dis- 
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tribution of loads, namely when Pi and P 2 are equal, 
and may be called 44 imperfect ” for this reason. 
It would tend to change its shape when the loads 
varied. A group of triangles may not always be 
14 perfect,” however. Thus in Fig. 275 (d), when 
the diagonal MO is introduced, two triangles result 
but the disfiguration could occur, and the frame 
would be imperfect if MO were incapable of resist- 
ing compression. If the other diagonal were in- 
troduced, namely NP y together with A/0, the frame 
would l>eeomc statically indeterminate, that is, it 
is self-deformed, and the stresses in the diagonals 
cannot be obtained by the ordinary theoretical 
methods of statics without making the assumption 
that either diagonal may act in tension, as required. 
Such members arc sometimes called “ semi-mem- 
bers 99 or redundant members, because one diagonal 
is stressed for a given condition of loading, whereas 
for some other case of loading, the other diagonal is 
stressed. Redundant members are often classed 
as those in excess of the minimum required number 
to make a rigid structure when each member is 
capable of carrying either tension or compression. 
When a member may be stressed in tension due to 
one condition of loading and in compression due to 
another instance of loading, it is usually called a 
counter member, or eounterbracc. 

As mentioned above, the action of a truss is to 
transfer the applied loads to the supports. Any 
given load is carried from joint to joint by the 
nearest chord and web system to the support and 
thence eventually transferred to the ground. Thus 
in Fig. 276, the load P is carried partly to Hi 
and partly to R«. The first may be conceived as 



Fig. 270 


being carried up to x, down to y, up to z, and then 
down to Pi. The portion of load transferred to 
Ri follows a path of a-p~q-r-u-s-v~l - R 2 . 

A truss is not weakened by its lack of symmetry 
or by a variably sloped bottom chord, providing 
all the members are strong enough themselves to 
carry the stresses. In Fig. 277, there is an assem- 
blage of adjacent triangles each having a common 
side, thus conforming to the definition of a truss. 
Symmetry is, however, desirable for many reasons 
among which appearance, economy of fabrication 
and details are important. A true truss does not 
depend upon the rigidity of its joints for its stability. 


Furthermore, when the reactions are vertical, they 
may be determined by statics and the frame is said 
to be a 44 simple truss.” When the loads are in- 
clined, assumptions relative to the directions of the 
lines of action of the reactions must be made in order 
to keep the investigation within calculable limits. 
When the reactions are inclined even under vertical 
loads, they cannot be obtained by simple statics, 
and the truss is theoretically an 44 arch.” 

Prob. 180a. Make a sketch of a 6 panel Fink truss, show 
loads at the top chord panel points and one at the bottom 
chord at mid-span. Trace how these loads are transferred 
to the supports. 



181. Component Parts of Trusses. 

In order that the ensuing discussion may be more 
clearly understood, Fig. 278 is given, showing the 
names of the component, parts of a truss. A bay, 
such as AMNC f is usually defined as a volume and 
includes all of the material between corresponding 



supports of the trusses for a given length of the 
building. This distance is often termed center to 
center of trusses (c.c. trusses), as AM. The dis- 
tance between the supports of a truss is defined as 
its span. This is taken as the distance center to 
center of bearings when the truss rests upon walls 
or runs over the tops of .columns. When it frames 
in l>etween columns, the span is usually taken as the 
distance face to face of columns. 

The various parts of a truss are called members. 
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Th6 member forming the shape of the roof is called 
the top chord (T.C.), such as AB and BC in Fig. 
278. The lower members, which are commonly 
horizontal, constitute the . bottom chord (B.C.), 
as AC. The remainder is called the web-system, 
such as DK, DU, UR, and the like. Members 
such as DK and R U are sometimes named up- 
rights; and D U and RT t diagonals. On a basis of 
stresses, compression members are called struts; 
and those carrying tension, ties. It is convenient 
to remember that in the majority of trusses, the 
web members are alternately compression and 
tension members. A memter such as D K is some- 
times specially defined as a sag tie. Theoretically 
no stress exists in such a member, but its purpose is 
to prevent excessive deflection of the bottom chord 
member, A U , particularly when the latter is unusu- 
ally long. 

The intersection of two or more members is 
called a joint. The opposite may be stated, - - 
that a member connects any two adjacent joints. 
Main members arc those which act when the entire 
structure is loaded, and counter members are those 
which act only for particular loads, such as BT in 
Fig. 278. A counterbrace is a member which is 
designed to resist either tension or compression in 
turn. A tension member may resist some compres- 
sion and not necessarily be a counterbrace if the 
compression is sufficiently below the value of the 
tension. The portion of a truss which lies between 
two purlin points, such as D and R } or between two 
ceiling load joints, as K and IJ, is called a panel. 

Trusses arc often braced in the chord planes. 
This is called top chord bracing or bottom chord 
bracing, depending upon the chord plane it occurs in. 
Occasionally trusses are stiffened at columns by 
using knee braces, KV . 

182. Selection of the Type of Truss. 

The selection of the type of roof truss to bfe used 
in any particular instance depends upon many 
factors. These may be summarized as follows: 

(1) the contour of the roof surface, such as 
its pitch and the nature of the roof supporting 
frame, 

(2) the shape of the roof void, which involves 
the available height for the truss, the allowable 
headroom, and so on. 

(3) the limits of the possible arrangement in 
plan, such as the span, spacing of trusses, 
manner of support, and the like, 

(4) special loads such as those due to ma- 
chinery and equipment, 

(5) the simplicity and appearance of the 
truss, 

(6) the question of whether the truss is to 


be open or exposed in the upper story, or 
whether there is to be a ceiling. 

(7) the relative economy of one type com- 
pared with another, 

(8) the material to be used for the truss, and 

(9) the character of the building, whether 
it is to be public or residential, mill, shop or 
monumental, permanent or temporary. 

The architectural considerations have much to do 
with the possible types of trusses which may be 
used, and the first six factors given above are prin- 
cipally determined by the architect’s plans. Fur- 
thermore, only certain types of trusses are adaptable 
f or a gi veil material . For this reason , ty pes of trusses 
are discussed here only in a general way and par- 
ticular applications are taken up later. The type 
of the building is also important, as certain types 
are almost invariably used for a given kind of 
structure, based upon previous experience. The 
contour of the roof is probably the most important 
factor, and trusses are naturally divided into types 
upon this basis. The following classification may be 
used : 

(1) V-roofs, sometimes called pitch or gable 
roofs, 

(2) Flat roofs, 

(3) Gambrel, mansard and deck roofs, 

(4) Curved or arched roofs, 

(5) Domical roofs,* and 

(0) Special trusses, such as those supporting 
balconies, those in grandstands, sheds, and floor 
construction, and cantilevers. 

Almost any combination of triangles may be made 
to support a roof, but some arrangements will l>o 
more economical than others. In general, the 
members should bo well placed with respect to the 
loads. From the standpoint of economy, it is 
desirable to have all loads brought on to the truss 
at panel points. This means that the same general 
type of truss may be used for spans from 40'-0" to 
80'-0" or larger, by simply varying the nunlbcr of 
panels (Art. 183). A horizontal bottom chord is 
usually preferable, particularly when the top chord 
is inclined at an angle of 30°, or less. When ap- 
pearance or headroom controls, a raised top chord is 
used. This is an advantage as far as the shorter 
lengths of the web members are concerned, but the 
stresses in them arc slightly increased, due to the 
shallower truss depth. Tension members of exces- 
sive length should be avoided, as considerable stresses 
are induced by their own weight. Compression 
members should be kept as short as possible to 
reduce the tendency towards sidewise bending. 

* Considered in Chap. 10. 
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Figures 279 and 280 illustrate several types of ticed girders at certain panel points with heavy 
trusses. rafters framing between them, as in (d). 


183. Panel Widths. 

As previously stated, the same form of truss may 
be used for widely varying spans by changing the 
number of panels in the truss. The panels which a 
truss may be divided into depend upon the allow- 
able span of the materials supporting the roofing, 


The second nfetbod is by far the most common. 
There are advantages and disadvantages in each 





Fid. 270 


their arrangement, and in some cases, upon the type 
of truss selected. There are four common methods 
used to frame a trussed roof, namely: 

(1) A series of roof joists is supported 
directly upon the top chord, as in Fig. 281 (a). 

(2) Purlins supported only at panel points, 
with sheathing or other materials (or rafters), 
paralleling the top chord, as in (6), may be used. 

(3) The use of heavier purlin sections and 
more widely separated panel points, with jack 
rafters framing between the purlins. Sheath- 
ing or other materials are used to span over the 
jack rafters, as in (c), 

(4) The use of small purlin trusses or lat- 



Fia. 281 

system, but the cost in each averages about the same. 
It is desirable to locate a panel point at each con- 
centration of load brought to the truss, as this ar- 
rangement is usually more economical, inasmuch as 
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the truss members are subjected to direct stresses 
only. When loads are brought to a truss between 
panel points, indirect stress due to bending in addi- 
tion to the direct stress must be provided for. 
(Art. 196.) This is economically possible only 
when the increase in the section of the members is 
offset by the saving in the weights of the purlins. 

An important reason for maintaining a relatively 
close spacing of panel points lies in the desirability 
of keeping the inclination of the diagonals of a truss 
between 30° and 60° (46° most desirable). It is 
difficult to frame web members into the chord 
members when the inclinations arc sharp. In 
special cases, the location of some purlins may be 
established by the requirements of skylight or 
monitor framing, or the like. The other purlins 
should then be arranged to divide the remainder of 
the spaces equally. It is a distinct advantage to 
keep the panels symmetrical about the center-line 
of the truss span, if possible, on account of the 
simpler details and fabrication involved. The fol- 
lowing represents good practice for ordinary cases: 

Panel Point Locations 

Framing Average Maximum 

Regular purlins 6'-0" 8'-0" 

Jack rafters and purlins lO'-O" 12'-0" 

Joists directly on top chord . . . 4M) /# 5'-0" 

184. Spacing of Trusses. 

The distance between trusses is primarily con- 
trolled by the location of the supports, particularly 
when columns, piers, or pilasters arc used. When 
the ends of a truss rest upon regular bearing walls, 
the limitations which window openings and other 
architectural details impose must be considered. 
The location of supplementary equipment, such as 
shafting, heating apparatus, cranes, electric conduits, 
balconies, platforms, water or compressed air tanks, 
lifts and skylights, is also very significant. % 

There is an economic arrangement for every roof 
frame. Theoretically, shorter distances between 
trusses will effect less total weight for the trusses 
and purlins per square foot of roof covered. How- 
ever, a large number of trusses increases the total 
cost of fabrication. If the spacing of the trusses is 
increased, the weights of the purlins and bracing are 
increased, while those of the trusses and columns, if 
any, per unit area arc decreased. The cost of the 
purlins varies about as the square of their span. 
This, however, is based upon a lower unit cost than 
that of the trusses on account of the lesser amount 
of fabrication required. The roofing and the roof 
covering materials are directly proportional in cost 
to the area covered, but this unit cost will usually 
be less than that of the purlins. The problem in any 
case is one of keeping the sum of the costs to a 


minimum, and this depends upon comparative unit 
prices as much as upon practical limitations. 

A small change in the spacing of the trusses has 
little effect upon the total weight of the roof, and 
the factor which usually decides this is the common 
range of commercial sizes for purlins. In order that 
these may be safe for flexure and deflection, their 
spans must be. limited. For stock sizes, the spans 
range from 12'-0" to 25'-0", 20'-0" being the average. 
In very large roof frames, latticed purlins may be 
used in order that the spacing of the trusses may be 
in proportion to their spans, and in such cases, the 
spacing may be increased up to 40'-0", or even 
50'-0". Generally, this adds weight to the roof 
as a whole, and is not commonly resorted to unless 
the larger bays are warranted. 

In summary, guides have been developed which 
represent reasonable values based upon the usual 
spacings of supports, economic considerations, and 
limiting spans of stock purlin materials. A rule 
of thumb is to space trusses which span from 40'-0" 
to 20()'-0" about J of their span. For the shorter 
spans, i is used quite commonly, while £ is more 
customary for the larger spans. In the shorter 
spans, there is a tendency toward wider spacings, 
but 16'-0" to 20'-0" conforms best with the usual 
spacing of columns and the like. Since the spacing 
is a function of the weight to be carried, it should 
be based upon the truss span.* The following rep- 
resent good practice in this regard, and compara- 
tive designs f have verified the correctness of the 
values: 


Truss Span 

20'-0" to 30'-o" 
30'-0" to fiO'-O" 
eo'-o" to 80'-0" 


Spacing of Trusses 

12 '- 0 " 

16'-0" 

20 '- 0 " 


185. Panel Loads. 

One of the most important steps in the design of a 
truss is the calculation of the correct amount of load 
which is carried to each panel point. If such values 
are not established to within reasonably accurate 
limits, the calculations for the stresses in the 'truss 
members, and also their subsequent application to 
the design, are of little value. The panel loads are 
usually calculated separately (except in cases of 
combined loading, Art. 161), that is, as dead panel 
loads (D.P.L.), live panel loads (L.P.L.) and wind 
panel loads (W.P.L.). In this manner, maximum 
combinations of stress are more easily determined. 

The loads per square foot of roof surface have 
been previously discussed (Chap. 12). The cal- 
culation of panel loads is then simply a determina- 

* A truss resting upon masonry walls is probably stiffer than one rest- 
ing upon columns, so that, in general, tmsses may be spaced a little farther 
apart in the first case than in the second. 

t See Bulletin No. 16 issued by the Engineering Experiment Station, 
University of Illinois. 
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tion of the number of square feet of roof surface 
tributary to a panel point, at so much unit load. 
In general, this area is the result of the product of 
the distance between panel points and the spacing 
of trusses. The customary procedure is to make an 
estimate for the weight of the truss itself, as so much 
per square foot of surface covered, and to add this 
to the other dead load values, and apply it with 
the other dead panel loads (usually on the top 
chord). This obviously introduces slight errors 
but these are insignificant as a rule. The following 
illustrates the application of this discussion to the 
panel loads for a simple roof. 




Illustrative Prob. 186a. Determine the panel loads for 
the trusses shown in Fig. 282, for the following specifications: 

Snow load 20#/n'. W.L. 15#/a' normal to roof. 

Slate roof, 2" plank Nheathing, steel purlins, steel trusses 
I6'-0" o.c. i pitch roof. 

Slate 6 

2" Plonk 7 

Purlins 4 

Trusses 

T.D.L. «= 23#/a' 


Loads at panel point A. 

7 X 16 - 1120' of roof 
112 X 23 - 2580# D.P.L. (Vertical) 
112 X 20 * 2240#S.P.L. 14 

112 X 15 - 1680# W.P.L. (1 Roof). 


In hipped roofs, the tributary areas may be cal- 
culated in a similar manner, although the work 
involves more complicated computations. In steep 
roofs, the hip probably does not actually receive 
its full share of the load due to the trussing action 
of the jack members. For valley members, the ac- 
tual load may possibly exceed the theoretical value 
as they support the bottoms of the roof frame at 
such points and there is a tendency toward a down- 
ward sag already, due to the relative positions of the 
members. For this reason, valley members should 
always be designed conservatively, as there is a 
tendency toward downward thrust. However, the 
loads are assumed to be transferred in a manner 
similar to horizontal beams. Designing hip mem- 
bers as beams for the full tributary area often gives 
results which may seem excessive when the trussing 
action is considered. The jack members, however, 
will not supply their full trussing action unless they 
arc secure against movement at their bottom points. 
Thus they should have stiff connections at the bot- 
tom to supply resistance to their thrust or the lat- 
eral support should be checked to be safe in bend- 
ing. 


Illustrative Prob. 186b. Determine the number of square 
feet tributary to joints A, B, C\ and 1) in Fig. 283. 

Load at A = reactions of hips SA and DA , and area of 
rectangle RAPQ, rectangle LM N A, and portions of tri- 
angles A TC and ABU. 

Hip SA carries triangles SR A and SLA . 


SA 


6X96X9 
2 + 2 


54CT. 


The center of gravity of the two triangles may be found 
by drawing the medians. 


The load at A 


.54 X SV _ 54 X 89 
SA 153 


= 31.4H' from *SM. 

The load on DA is the same as on SA. 

The load at A = 54.0 - 31.4 - 18.6D' from DA. 
Rectangles RAPQ and LM N A - 6 X 4.5 = 27D' each. 

Purlin AC supports A ACT = - 270'. 


J transferred to A = } X 27 = 90'. 

J of AAttU « } X — ~ - 90'. 

z 


Summary 

From hip SA = 31.4 
DA « 18.6 
RAI>Q « 27.0 
LM NA « 27.0 
\ A ACT - 9.0 
i A ABU «JU) 

126. OD' Total at panel point A . 


GENERAL THEORY OF TRUSSES 


281 


Load at B. 

One side - } A ABU + NMWB 

- | X 27 + - 460'. 

Total load at panel point B - 2 X 45 - 90.00'. 

Load at C. 

i AACT + area PQXYTCP 

} X 27 + 3 (6.0 X 4.5) * 99.00' Total load at panel point C. 

Load at D ■= [load from hip AD + TYZD] X 2 

« [31.4 + 6.0 X 4.5] X 2 - 116.80' Total load 

at panel point £). 

The load at E is the area XGHY = 12 X 9 * 1080'. 

The load at F is the area YHIZ doubled = 1080', ob- 
tained as in a simple roof. 

Prob. 185c. What dead load per «q. ft. should be used in 
designing a truss for the following conditions: 

1" Tile Roofing. 2" Cinder Fill. 4" Cinder concrete 
slab. Steel purlins. 

What is the dead panel load if the purlins are 6'-0" o.c. and 
the trusses are 15'-0" o.c.? Roof i pitch. What is the wind 
panel load for a pressure of 30#/n' on vertical surfaces? 
What is the snow panel load at 20#/D'? 



186. Reactions Due to Vertical Loading. 

When the arrangement and the values of the 
loads on a truss have been established, as previously 
discussed, the next step is to obtain the reactions 
at the supports, caused by the loads. The usual 


procedure in truss design is to establish the values 
of the reactions caused by the dead loads, snow 
loads, and wind loads separately,* Truss reactions 
may be determined by either analytical or graphical 
methods. The choice of the method depends upon 
the type of the truss and the arrangement of the 
loads, but in general it may be said that the analyti- 
cal method is. more commonly used to obtain the 
reactions of simple roof trusses. In complex 
trusses with unusual loads the graphical method 
will be found more economical of time. 

In the analytical method, the principles used in 
calculating beam reactions may be employed, since 
a truss may be considered as a beam. When the 
loads on a truss are symmetrically arranged with 
respect to the span, there is no need of any moment 
calculations (or graphical solution either) to de- 
termine the values of the reactions. They are 
each equal to one-half the total load on the span for 
simple trusses and the values may be determined 
by inspection. Thus in Fig. 284 the reactions are 
as follows: 

a - «, - 1500 + 8 + ■”? - wow. 

& 

These values may be computed by the method of 
moments in a manner similar to that for unsym- 
mctrical loads, but once the truth of such reasoning 
is established, this work becomes unnecessary. The 
majority of vertical loads on roof trusses are sym- 
metrically arranged, and the matter of calculating 
vertical reactions is a simple procedure. 



In special cases unsymmetrical loads may occur, 
such as those from balconies, shafting, and so on. 
The reactions in such instances cannot be deter- 
mined by inspection, and a solution by moments 
or graphics is necessary. Bearing in mind that the 
moment of a force is the force times its perpendicular 
distance from the moment center to its line of 
action, the forces in Fig. 285 (a) may be imagined as 
acting like those in (6), as far as their rotation 
about a support is concerned. This resolves itself 
into nothing more than calculating beam reactions. 
Applying this method in Fig. 285, 

* Wind loads arc considered to net normal to the roof. The reactions 
caused by them arc discussed in Art. 187. 
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2M a - 2400 X 6 + 6000 X 10 + 3000 X 15 + 
4000 X 23 + 2000 X 31 - 31 R t « 0 

fla - 8800# 

2P = 18,400# fix = 9600# 

In a similar manner, the reactions for other irregular 
trusses or cantilever trusses, and so on, may be 
established. 



Fig. 285 


A graphical method for the determination of 
truss reactions may be used when a graphical solution 
for the stresses is anticipated. Usually however, 
the analytical solution is quicker and more accurate, 
and the results may be incorporated in the graphical 
layout for the stresses. The former is very similar 
to those used to obtain the reactions for a simple 
beam by graphical construction. 

The method may be illustrated by a reference to 
Fig. 286. A diagram of the truss at a convenient 
scale (lengths) as in (a), is first drawn (Space Dia- 
gram). Particular attention is called to the man- 
ner in which the spaces between the loads arc 
lettered. These occur in alphabetical order from 
left to right, using capital letters. The space below 
the bottom chord is designated by Y in all cases 
except when loads are applied to the bottom chord, 
when the spaces may be designated as A", Y, Z , etc. 
A convenient scale (force units) is selected to repre- 
sent the loads and these are plotted, as the line aj 
in (6) (Force Diagram). The line may be started 
at any convenient point. The representation of 
the loads is accomplished by labeling the extremities 
of the scaled length with the lower case letters 
corresponding to the capital letters in the spaces 
either side of the load. Thus, going from space 
A to space B in the truss diagram, the 1000# load 
is passed, which is graphically represented by ab 
on the load line, that is, the force between A and 
B is a downward force a to 5, and so on. The loads 


are plotted by proceeding in a clockwise direction 
around the truss. Less confusion results if the 
load at the left hand end of the truss is first plotted. 

When the load line is completely drawn to scale, 
representing all the loads on the truss, the next 
step is to select a pole, P. This may be any point 
in the plane of the paper, but naturally it is desirable 
to select a convenient position. Lines are then 



drawn connecting the pole with the extremities of 
the loads, such as Pa> Pb , etc. These are called 
rays. The pole should be so selected that the 
length of the rays is sufficient to aid in transferring 
lines parallel to them, later in the solution. Ex- 
perience will develop judgment in this respect as 
well as a gauge as to what will keep the solution, as 
carried along, within the limits of the paper. 

The next step is to draw strings in the spaces 
between the loads in the space diagram, parallel 
to their respective rays. Thus the string mn in 
Fig. 286 (a) is drawn in space B parallel to the ray 
Pb in (6). Similarly, tip is parallel to Pc; that in 
space D , parallel to Pd; the string in space E, 
parallel to Pe , and so on. Each string is extended 
until it cuts the line of action of the load terminating 
the space at either side.* The start may be made 

* If a string parallel to the ray Pa were drawn starting from m, it must 
extend from thin point until it cuts the line of action of the load terminating 
the space A. Since the point m is on the line of action of the latter, the 
string has no length and hence an attempt to draw a string parallel to Pa 
is not necessary. The same in true for Pi. If the strings were extended 
from tn and v to intersect at w, the latter point would looate the line of 
action of the resultant of all the forces, R. R x and R\ may be obtained 
by multiplying R by h + L and h + L respectively. 
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at Any load but it is more natural to begin in the 
first space, namely B* The first string may be 
drawn from any point on the line of action of the 
first load (in this case, 1000#), but it is more con- 
venient to start at its point of application, m. 
Where the first string cuts the load between B and 
C, as at n, the second string is drawn to point p, 
and so on. The last string, namely uv, is drawn 
from u in space 7, parallel to Pi, and cuts the line 
of action of R 2 at v, A line is now drawn to con- 
nect the starting and finishing points, such as mv. 
This is called the closing string, and it is generally 
indicated by a heavy dashed line. The whole 
figure, mnpqrstuvm is called the funicular polygon, f 

A line is then drawn from P in the force polygon 
parallel to the closing string mv cutting the load 
line at y. This then corresponds with the previous 
graphical work, as mv is in space Y, parallel to Py. 
Then jy represents R 2 and ya corresponds to Ri. 
These two forces are acting up, which corresponds 
with the reactions. In other words, if one goes 
from space J to space Y, R 2 intervenes and simi- 
larly from Y to A, Ri occurs. The lengths jy and 
ya may now be scaled and their values obtained. 
If the diagram is followed around in a clockwise 
direction, it will be evident that it forms a closed 
polygon, which is a condition of equilibrium. 
When loads arc applied to the bottom chord, 
the procedure is similar. The loads are plotted in 
order, going from one space to the next as before. 

Prob. 186a. What is the value of coeh end reaction for 
the truss in Fig. 284 if the panel point loads are 4000# interior 
and 2000# at the ends? 

Prob. 186b. Determine the values of Ri and in Fig. 
285 if the loads on the top chord arc the same as shown except 
the peak load, which is to be 4000#, and for loads of 1000# 
applied at each bottom chord panel point. What is the 
effective end reaction in each case? 

Prob. 186c. Verify the results in Prob. 186a by a graphical 
solution. 

Prob. 186d. Solve Prob. 1866 by a graphical solution. 

187. Reactions Due to Inclined Loads. 

The usual inclined loads affecting a truss are 
those caused by the action of the wind, since it is 
assumed to act normal to the roof surface. If 
inclined loads from some other source were to be 
considered, the reactions developed by them could 
be obtained in a manner similar tp that for wind 
loads. 

* Care should be taken to cut the line of Action of the load and not a 
web member which may be inclined. 

t The location of the polo with respect to the load line will vary the 
position of the funicular polygon with respect to the truss diagram. That 
is, when P is to the left of the load line, the funicular polygon is above the 
bottom ch»”d of the truss ; when to the right, the funicular polygon is 
below the truss. As previously stated, the exact position of the pole 
does not affect the solution. It is interesting to use two poles and draw 
two diagrams to show that the values of the reactions in each case are the 
same. 


Since the loads are not vertical in such cases, a 
thrust is exerted upon the truss, which tends to 
overturn the supports. In other words, the re- 
actions themselves are inclined. When vertical 
loads only are considered, as in the preceding article, 
it is of course known that the directions of the re- 
actions arc vertical, and all that is necessary is to 
establish their magnitudes. However, when the 
reactions are inclined, not only arc the magnitudes 
of the reactions unknown, but their directions as 
well must be established. On such a basis, the 
problem is statically indeterminate, because only 
three basic laws of equilibrium, namely, 2/f = 0, 
2F * 0, and 2)A f = 0, are available. Consequently 
it becomes necessary to make an assumption for a 
fourth condition. { This is done by qualifying the 
nature of the supports at the ends of the truss in 
either of two ways, namely: 

(1) by assuming that both ends of the truss 
are fixed, or 

(2) that one end of the truss is fixed, and 
the other is free to move in a specified direction. 

It is of course necessary to choose which assumption 
shall be made for any given truss solution. The 
first assumes that the truss is rigidly anchored into 
masonry walls, and that these absorb the thrust or 
that a horizontal tie rod is to be used. This is the 
assumption commonly made for all trusses of short 
spans and for all wooden trusses. The second 
assumption is usually applied to steel trusses except 
in special instances. It may be divided into two 
cases, each qualifying the direction of the move- 
ment of the free end as: 

2 (a) that the end not fixed is free to move 
only in a horizontal direction, and 

2 (b) when the truss is supported by col- 
umns, that the movement at the free end de- 
pends upon the elastic deflection of the column. 

The assumption 2 (a) is the more commonly adopted 
of these two. The free end is said to be on “ rollers.” 
Theoretically, the intention is that only horizontal 
motion is possible. If the rollers are perpendicular 
to the supporting surface and they arc in good 
mechanical condition, they cannot offer resistance 
to motion along the surface. Therefore the reaction 
at the roller end is considered to be vertical, and the 
horizontal thrust of the wind must be provided for 
at the fixed end. Incidentally, rollers provide for 
expansion and contraction due to temperature 
changes. This form of support is supplied in 
practice by the use of sliding plates, cylindrical 

t In all solutions, it in necessary to have as many available relations 
expressing conditions as there are unknowns. 
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rolls, or a rocker (see Index).* In the assumption 
2 (6), the horizontal components of the wind load 
are assumed to be equal and to act at the theoretical 
points of inflection of the supporting columns. 
This case is common only with braced bent solutions 
and will t>e discussed in connection with them (see 
Index). 

The solutions for the end reactions due to wind 
load will depend first upon what assumption is 
made relative to the fixity of the supports, as enu- 
merated above. In dealing with the reactions, it 
is simpler to consider the total wind force as acting 
at one point, namely, the center of gravity of the 
wind panel loads, as illustrated in Fig. 287. Here 
W is the total wind force and acts at point n, on 
the center of gravity line of the wind panel loads, f 



In some cases it may be simpler to consider W re- 
placed by its horizontal and vertical components, 
H and V respectively. As in all instances, the 
values of the reactions ,may be obtained either 
analytically or graphically. The choice depends 
upon the particular solution, but in general the 
former process is preferable for ordinary trusses. 

When both ends of the truss are assumed to be 
fixed, the truss is statically indeterminate. The 
horizontal component, //, of the total wind force, 
W , in Fig. 288 can be determined, but it is not known 
how much each support contributes to the resistance 
of this thrust. Consequently, it becomes necessary 
to make an additional assumption. This may be 
stated as 

(1) the horizontal components of the two 
end reactions are equal, or 


* Other methods of mipport for lurg*« trusses are sometimes used, such 
an making the ends " tunned.” In this case, the lines of notion of tho 
reactions are considered to net through the hinges. The* latter arc gen- 
erally round pins of short length and a few inches in diameter, and rest in 
hIiocn. These in turn rest upon the supports. Hinges and rollers am 
occasionally combined. In this case the directions and the points of 
application of the reactions are both fixed. For large arched trusses, the 
rollers may be plneeil upon an inclined surface. In such eases, the reac- 
tions arc considered to act in a direction perpendicular to tin 1 plane of the 
rollcre. When tie rods are used to take the thrust, the lines of action of 
the reactions are automatically fixed (see Index). 

t This is at the middle of the slant height for a group of symmetrical 
loads. When uiisym metrical or unequal loads are involved, the (‘enter of 
gravity must be located by calculations. If the wind loud is normal to a 
roof composed of more than one slojie the resultant direction of the wind 
load must also be obtained. 


(2) the two reactions act in a direction 
parallel to the resultant wind load. 

These two assumptions have no fixed relation to 
each other and the results obtained in each method 
will not agree exactly but are close enough for 
practical purposes. The assumption which is used 
is ordinarily dependent upon the kind of solution 
employed, the first for analytical calculations, and 



the second for graphical constructions. In the 
analytical solution, the three basic laws of equilib- 
rium, namely XH = 0, 21 V = 0, and XM = 0, 
may be used. Thus, in Fig. 288, 

By XH = 0, H - //, + lh. 

By assumption, Hi = // 2 . 

Therefore, Hi - H* = . 

By XV = 0, V = Fi + V t . 

By XM = 0, XMa = W • c — \\ • L — 0, or 

r W-c , 

Jj 

Yi = V - V t . 

2Mj, = —W'd+Vi‘L, or 
W-d 


As an alternate solution for V 2 , 

•LM A = V -a+ H -b- V 2 - L = 0, or 
,, F • a + II ’b 
V ° L 

It, = VV ? + ~H? and R t = VV? + //„*. 

tan ai = and tan a 2 = 77 • 

H 1 // 2 


Thus it is seen that there are a number of relations, 
any of which may be used to obtain the desired 
values. 

The corresponding graphical solution is similar 
to that discussed for obtaining vertical reactions. 
In Fig. 289, the spaces between tho loads are as- 
signed letters, and the loads, represented to scale, 
are drawn parallel to the direction of the wind. 
A pole is selected, the rays drawn, a funicular 
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polygon drawn, and the closing line determined. 
Point y is determined by drawing Py parallel to 
mv. Then fy represents ft, and ya, ft,. For the 
wind load on the right, the situation is just reversed, 
so that only one diagram is needed to obtain the 
maximum reactions. 



Fig. 289 


When the assumption is made that only one end 
of the truss is fixed and that the other is on rollers, 
it is necessary to establish a governing condition. 
By common agreement the rollers are always con- 
sidered to be located at the right hand end of the 
truss. This is done so that all designers will be in 
accord.* When their location is thus established, 
it is necessary to make two solutions, namely 

(1) rollers at right, wind on left, and 

(2) rollers at right, wind on right. 

A study of these two cases will reveal that each 
develops different stresses in the members. Both 
cases must be investigated in order to determine 
the maximum stress in any given member. Ana- 
lytical solutions for the reactions are similar to those 
previously discussed. Referring to Fig. 29() (a), 
the three basic laws of equilibrium are applied to 
the case of the wind load on the left, as follows: 

By 2// = 0, // - if, = 0, or H i = //. 

By 2M = 0, 2M a = W • c — • L, or 


By 2 V = 0, V = V x + R 2 , or 

Vi - V - 

fti - VHS + VS 

. Vi 

tan on = — . 

* The final results will, however, be the same. 


When the wind is acting from the right, as in Fig. 
290 (6), the reactions are obtained as follows: 

By 111 = 0, -H + //, = 0, or //, = H. 

By SAf = 0, 1M a = W • e - ft, . L = 0, or 

/? - W ' e 

tit — ; — . 

JJ 

By SF = 0; V = F, + ft,, o r T r , = V — ft, 

ftt = VHS + vs 

4. Vl 

tan a, = — . 




The corresponding graphical solutions are similar 
to those discussed before. That in Fig. 291 is for 
the wind load acting on the left. The spaces are 
lettered, the load line constructed, and the funicular 
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polygon drawn aft in previous work. Py is drawn 
parallel to the closing line mv to cut a vertical from 
/, as fl 2 is specified to act vertically. The values 
of fy and ya represent R* and R\ respectively. 
The horizontal components of the latter may now 
be obtained. Figure 202 shows the solution of the 
reactions for the same truss and specifications, 
with the wind acting on the right. 



Prob. 187a. Calculate the values of Ri and R 2 in Fig. 
289 if the truss is assumed with fixed ends and the pitch is 30°. 

Prob. 187b. Determine the values of R\ and R* in Fig. 
287 graphically, if the truss is 1 pitch and the span 60'-0", 
fixed ends. 

Prob. 187c. Re|)cat Prob. 1876 if the right hand end of 
the truss is on rollers (graphical solution). 

Prob. 187d. Reverse the wind load to the other side of 
the truss of Probs. 1876 and 187c and determine Ri and R% 
(graphical solution). 

Prob. 187e. Obtain R\ and R% in Prob. 187c by an ana- 
lytical solution. 

Prob. 187f. Obtain R\ and R 2 in Prob. 187d by an ana- 
lytical solution. 

188. Methods of Determining Stresses. 

When the reactions caused by the different 
conditions of loading are established, the next prob- 
lem in the design of a truss is to determine the 
stresses in the members, due to the external forces, 
namely, the loads and their reactions. The stresses 
duo to each kind of loading are generally computed 
separately and later combined to determine their 
maximum combined effect. The same general 
principles apply to each condition of loading. 

The natures of the stresses can usually be de- 
termined by inspection. Thus in Fig. 293 (a), 
the loads tend to bend the truss in a curve convex 
downward, similar to the action of a simple beam. 
Hence in simple trusses, the top chord members are 
in compression and the bottom chord members are 
in tension. The shearing force, V, must be offset by 


a downward force, C. Since the directions of stress 
are always opposed at the ends of a member, the 
reaction of C must act toward 6. To balance this, 
the stress in 6c must be tension, and so on. There- 
fore the stresses in the web members, in this case, 
are alternately compression and tension. The 
end inclined members of parallel chord trusses are 
in compression. When a member frames into 
another at right angles, as mn into pr in Fig. 293 (6), 
and no load is applied at n, the stress in mn is 
theoretically zero. 



The magnitude of the stresses in truss memtars 
may be found in a number of ways, either involving 
analytical or graphical solutions. These will be 
discussed in the following text, as it is desirable for 
a designer to be able to determine stresses either 
way, as one method may be made to serve as a 
check upon another, and in many cases, one may 
be simpler to apply than another. In general, the 
graphical method is more commonly used and is 
preferable for trusses with non-parallel chords. The 
disadvantage which is evident is that diagrams must 
be laid out to a scale, whereas the analytical solution 
does not require any drafting. The accuracy is nat- 
urally limited by the delineation of the graphical 
figures, but it is sufficient when ordinary care is 
used, particularly when the accuracy of the loads 
causing the stresses is limited by usual load assump- 
tions. The algebraic methods are often too labori- 
ous, but they offer the advantage that a particular 
stress may be solved directly for a check upon the 
graphical solution. They are easily adaptable to 
trusses with parallel chords. 

As stated above, there are a number of so-called 
methods in algebraic solutions, which are more or 
less interrelated. These may be enumerated as: 

(1) the method of joints, 

(2) the method of moments, 

(3) the method of shears, and 

(4) the use of coefficient tables. 
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When each of the above is understood, all may be 
more or less combined in any analytical solution, as 
one method may be more rapid than another, for 
the determination of a particular stress. In all 
analytical solutions, it is usually advisable to first 
establish the distances between all the truss joints. 

In all truss solutions, it is necessary to make 
certain assumptions. These are commonly grouped 
as follows: 

(1) the frame is not confined by the re- 
actions, 

(2) the axes of the members all meet in 
common points, and 

(3) the joints are assumed to act as if they 
were frictionless hinges. 

189. Graphical Solutions. 

In a graphical solution to determine the stresses 
in a truss, it is first necessary to construct a diagram 
of the frame at a convenient scale and to find the 
values of the end reactions either analytically or 
graphically. If these values were obtained alge- 
braically, the corresponding points on the load 
line, previously laid out at a convenient scale, should 
be located on it. 

The solution for the stresses may be made by 
analyzing each joint separately.* Each is consid- 
ered to be a free body and the simple applications 
to concurrent forces in equilibrium may be used, 
namely, that the forces drawn parallel to their 
lines of action must form a closed polygon. Re- 



Fio. 294 

ferring to Fig. 294, the joint at the top of the 
A -truss, when taken out as a free body, must be 
in equilibrium, f The load P is the cause of the 
stresses in A-T and i?-l and hence is the “ result- 
ant,” or the diagonal of a parallelogram formed 
on it, with sides parallel to the two members. 

* This is simply thn graphical method corresponding to the analytical 
method of joirts (Art. 100). 

t This is a oasic law of structural mechanics. Any structure as a whole 
when taken out as a free body must be in equilibrium. Similarly, any 
member of the structure, or any part of any member when treated in u like 
manner, must also bo in equilibrium. ' 


This is illustrated in (6) and is simply the principle 
of the resolution of forces. Similarly, the reac- 
tion at the left may be considered the resultant 
of the stresses A-l and F-l. Figure 294 (c) 
illustrates the triangle of forces drawn. With ab 
and ya plotted to a convenient scale and the forces 
parallel to their respective members, the lengths 
al and y\ may bo scaled to establish the compres- 
sion in the top chord and the tension in the bottom 
chord, respectively. 

The same procedure may be applied to a larger 
truss as in Fig. 295. If the joint at the left hand 
end of the truss is taken out as a free body, as in 
(/>), a triangle of forces may be completed with 
7500# = by , a vertical force, and the other two 
sides parallel to the top and bottom chords. The 
sides 5-1 and y - 1 may now be scaled to establish 
the stresses in the respective members. It should 
be noted that a-b ( = 1500# in this case) does not 
affect the stresses because it has the same line of 
action as the reaction, yet it is opposite in direction. 
Hence it may be subtracted from the total end 
reaction, and the effective reaction is 9000# — 
1500# = 7500#. The effective forces at any joint, 
when plotted in clockwise order, must make a 
closed polygon to satisfy the imposed condition of 
equilibrium. Applying the reverse of this to main- 
tain equilibrium, when some of the forces at a joint 
are known in magnitude and direction, the values 
of the others may be found, since their directions 
are known, by completing the polygon with the 
closing sides parallel to the unknown forces. This 
means that the unknown stresses at any joint must 
not exceed two, as it would not then be possible to 
complete the polygon. Consequently the order in 
which the joints may be analyzed is controlled by 
this requirement. Referring to Fig. 295 again, the 
panel point at load B-C may be investigated, as the 
stress in 1-2 is 0. The latter is true because the 
member frames into F-l at right angles and there 
is no applied load there. With 1-2 = 0, there are 
only two unknowns left, and the stresses C-3 and 
3-2 may be obtained as in (c). The other joints 
may then be treated in a similar manner, as illus- 
trated in Fig. 295 (d) to (g) inclusive. 

Separate solutions at each joint do not have to 
be made graphically, and the usual procedure is to 
combine them into one diagram, as it is simpler. 
One advantage is that mistakes will become mani- 
fest when the polygon does not. make a closed figure. 
The first step in a solution is to lay out the load line, 
including the reactions, as previously discussed. 
This is illustrated in Fig. 296 for the same truss 
previously considered for the separate joints. The 
method of denoting the loads, both on the truss and 
in the force diagram, is called to attention again 
(Art. 186). The spaces between the web members 
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are assigned arabio numerals and 
these are in consecutive order from 
left to right. The points correspond- 
ing in each diagram should be studied 
in order to note their relations. This 
is often called Bow’s notation. Several 
advantages result from the system 
shown. Thus all top chord members 
are recognized by a first letter of the 
alphabet and a numeral, such as J?-l, 
C-3, etc. All bottom chord members 
are recognized by the letter F, followed 
by a number, such as F- 1, F- 3, etc. 
All web members may be identified 
by numerals, as 1-2, 2-3, and so on. 

When the loads and the reactions 
are completely represented, the stresses 
may be obtained. Thus in Fig. 296, 
the load B-C is known in amount and 
direction, and the direction of the 
stress in B - 1 is known. The latter 
is always established, since the natural 
path of a stress is parallel to the axis 
of a member. Accordingly, a line of 
indefinite length may be drawn from 
b in the force diagram, parallel to B - 1 
in the space diagram. Similarly, a 
line of indefinite length through y 
may be drawn parallel to F-l. The 
point 1 is located by their intersection. 
The length of 6-1, measured to the 
same scale as the load line, represents 
the stress in B- 1; and y- 1, the stress 
in F-l. Point 2 is located by draw- 
ing lines from 1 and c parallel to 1-2 
and 0-2 respectively. Following the 
same procedure, the remaining points, 
and subsequently the corresponding 
stresses, may be established, as illus- 
trated in the figure. 

It is not only necessary to obtain 
the amount of stress in each truss 
member, but also its kind, namely, 
tension or compression. When a 
member is subjected to tensile forces, 
the reaction, or stress set up in the 
member, opposes the external forces. 
Thus in Fig. 296, the internal forces 
are represented as acting toward each 
other, or pulling on the end joints. 
Similarly in compression, the arrows 
are pointed away from each other. 
The kind of stress may be obtained 
from the force diagram. This is 
done by tracing the forces around 
any joint, starting in any space 
and proceeding always in a clock- 
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wise direction with the corresponding forces in the 
truss diagram. This may be illustrated by a 
reference to Fig. 296 for the first top chord joint, 
namely, at the load B-C. In the force diagram, 
b-c is vertically down, which corresponds with the 
load. From c to 3 in the force diagram is diagonally 
down and to the left. Moving in a clockwise di- 



Fia. 296 


rcction from space C to space 3 in the truss dia- 
gram, it is seen that the stress in the member must 
correspond. It pushes toward the joint, and there- 
fore C-2 is in compression. Likewise when moving 
from space 3 to space 2 in the truss diagram, and 
noting the direction of 3-2 in the force polygqp to 
be up, the stress in member 3-2 is compression. The 
distance from 2 to 1 is zero so that the stress is 
theoretically zero. Similarly the member 1 -B is 
in compression. The kind of stress in any other 
member may be obtained by the same procedure. 
The stresses should always be indicated on the 
member, as shown on the truss diagram, and not on 
the force diagram. In this way the stresses are 
placed where they really act and the action of the 
truss can bo more easily visualized. A separate 
table of stresses for each individual case beside the 
diagram is of no particular value (see Art. 194). 
When the loads are equal and symmetrically ar- 
ranged with respect to the span of the truss, only a 
half-force diagram is necessary, as the stresses are 
naturally the same in the members corresponding 
on either side. 


The solutions for other kinds of loading are made 
in the same manner as has been demonstrated, once 
the load line and the corresponding reactions have 
been established (Art. 186). No diagram need be 
drawn for the stresses due to snow load if those due 
to dead load have been obtained. The reason for 
this is that snow’ loads are considered to act ver- 
tically. The stresses may then be obtained by di- 
rect proportion of the panel loads. Figures 297, 
298, and 299 show several types of graphical solu- 
tions for various kinds of trusses and loadings. 

Prob. 189a. Determine the stresses in tin A truss (similar 
to Fig. 294) for a peak load of 4000#, a span of 22'-0" and a 
1 pitch roof (graphical solution). 

Prob. 189b. Determine the stresses in Fig. 296 for panel 
point loads of 2500# each (graphical solution). 

Prob. 189c. Repeat Prob. 1896 for an eight panel truss 
with span of 60'-0", 1 pitch. 

190. Method of Joints (Analytical). 

As previously stated, any joint of a truss which is 
taken out as a free body must be in equilibrium. 
This may be done by using an imaginary section 
line, as illustrated in Fig. 300 (6). Since all the 
members intersect in a common point at every 
joint, in accordance with the assumption made in 
the general truss theory, the problems are those 
of concurrent forces. Such forces do not cause 
any moment about their point of intersection. 
This eliminates one of the laws of equilibrium, 
namely, = 0, and only the other two arc avail- 
able, — that is, 2H = 0 and 2F = 0. Therefore 
the section line selected should not cut the lines of 
action of more than two unknown forces. The 
reason for this is that only two conditional equations 
can be stated. With such limitations, there are 
only certain joints in a truss where a solution may 
be completed. This usually means that it is 
necessary to start at the support of a truss. 

The above discussion may be illustrated by a 
reference to Fig. 3(X). The two members cut by 
the section line a-a are replaced by external forces 
acting in the direction of the member. These arc 
necessary to produce a condition of equilibrium os 
in (6). If the directions of these forces are not 
evident at first, they may be assumed. The alge- 
braic sign of the force as it is determined will in- 
dicate whether the direction was assumed correctly 
or not. If the value resulting has a positive sign, 
the direction assumed is correct; if it has a negative 
sign, the direction of that force should thereafter 
be considered as opposite to that first assumed. 
The correct directions indicate the kind of stress 
in the member, remembering that a force toward the 
joint indicates compression in the member, and one 
away from the joint, tension. The best procedure 
is to select a pair of horizontal and* vertical axes 
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through the joint, and to take a summation of 
horizontal and vertical components. The axes 
should be so selected as to be coincident with the 
greatest number of members possible. The joint 
may be rotated as a whole to accomplish this 
if desired. A little practice will develop ability 
to accomplish these two things. Referring again 
to Fig. 300 ( b ), the following equations and the 
corresponding stresses result: 


By 2 H « 0, -F» + Ft • cos 60° + F* • cos 60° 

+ Ft * 0 

-7800# + 2600 X 0.5 + 2600 X 0.5 
+ Ft *° 0 

Ft = 5200# = stress F-3, tension. 

The joint at the peak of the truss may be taken out 
as a free body 'to check the solution if desired. A 
disadvantage of this type of solution is that when 


By 2F = 0, Ri- F^^ sin0 = 0, or 

4500 - F t - sin 30° ( = 0.5) - 0 
Ft = 9000#. 

The sign is +. Hence the direction was assumed 
correctly. Therefore the stress in A-l = 9000# 
compression. 

By 2tf = 0, Ft - Ft • cos 30° = 0, 
or F t - 9000 X 0.866 = 0 
Ft — 7800# = stress K-l, 
tension. 

When two such stresses have been 
determined, another section involving 
two unknown forces (not more than 
two) may l>e considered as a free body, 
as in Fig. 300 (c) and (d). That in (d) 
is the joint in (c) revolved through 30° 
for convenience. The joint at F-l-2-3 
cannot be considered at this time since 
there are three unknowns, nor the one 
at the apex of the truss. In Fig. 300 
(d), the following results: 

By 2F = 0, -F t + 3000 X sin 00° 

= 0 

—F4+ 3000 X0.866 =0 
Ft = 2600# = stress 
1-2, compression. 

In an analysis of the forces in general, 

Ft and F 3 cannot resist the vertical 
effect of the 3000# force, and Ft is the 
only member left to supply this resist- 
ance. Similarly, Ft contributes no 
horizontal resistance, or 
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By 2i/ = 0, -F, + F a + 3000 X cos 60° = 0 
-9000 + + 3000 X 0.5 = 0 

F a — 7500# = stress B-2, com- 
pression. 

A little experience will develop intuition to select 
sections which involve only two unknowns. The 
joint shown in ( e ) may now be analyzed as follows: 

By X V *« 0, • Bin 60° + F b • sin 60° = 0 

-2600 X 0.866 + F b X 0.866 = 0 
F 6 = 2600# = stress 2-3, tension. 


any particular stress is wanted, all the joints from 
one end of the truss up to the one involving that 
member must be analyzed first. The stresses, as 
they are obtained, should be indicated both in 
amount and kind upon the truss diagram. * 

Prob. 190a. Determine the stresses in the members of the 
truss shown in Fig. 296 (previously discussed in Art. 189) by 
an analytical solution. 

* With experience it w not necessary to actually draw eaeh lection m a 
separate figure, and these may be analysed by imagining the sections, or 
by drawing light section lines on the truss diagram only. 
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tana -0.5 a - 26° 34' 

24 

cob a * 0.804 Bin a — 0.447. 

Effective end reaction R\ — 9000 — 1500 — 7500#. 

Neglect 1600# at end in stress solution. 

Prob. 190b. Determine the stresses in Fig. 294 by ana- 
lytical methods. 

Prob. 190c. Determine the stresses in Fig. 297 (5) by 
the method of joints. 

Prob. 190d. What are the values of the stresses as de- 
termined in Fig. 297 (11) by analytical methods? 

191. Method of Moments (Sections).* 

Another analytical method which may be used 
to determine the stresses in truss members is that 
of moments. As before, sections may be used. 
Since the truss as a whole is in equilibrium, any 
part of it taken as a free body must also be. The 
truss may be considered as cut by any imaginary 
section line into two parts, one of which may be 
considered for stress analysis. The members cut by 
the imaginary section line are considered to be acted 
upon by equivalent forces as in the method of 
joints. The portion of the truss under consideration 
is in equilibrium by the action of the known external 
forces and the unknown forces representing the 
stresses. The directions and the kinds of stress 
are determined, as previously explained. A point 
of difference in the two methods is that in this pro- 
cedure the members cut need not all intersect in 
a common point. This being true, one or more 
forces tend to rotate about any given point. The 
moments of all the forces about such a point 
must be equal to zero if equilibrium is to exist. 
Consequently all three laws of equilibrium are 
available, namely 2// = 0, 2F = 0, and 2M = 0. 
The section line drawn should not cut more than 
three members in which the stresses are unknown, 
since there are only three equations which may 
be used. If more than three are cut, the section 
under consideration is indeterminate. 

The equation for 2il/ = 0 may be stated with 
reference to any point in the plane of the truss 
members, but it is naturally more convenient to 
select a point which has a definite relation to the 
members. If the moment center is taken at the 
intersection of the lines of action of two of the un- 
known stresses, the latter have no moment about 
that point. On this basis, 2M = 0 is the only law 
which need be applied and the stress in the member 
not passing through the point may be solved for 
directly. A little practice of this kind will soon 
develop ability to select proper moment denters. 
The method applies most favorably when the top 
and bottom chords are horizontal, although it may 
be applied to all trusses. 

* Often colled Ritter's method, originally developed by Rankine. 


Prob. 191a. Determine the stresses in the members of the 
truss shown in Fig. 301 by the method of moments. 
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192. Method of Shears (For Web Members). 

A third analytical method which may be used 
to determine the stresses in the web members of 
trusses, particularly those with parallel chords, is 
that called the method of shears. It is used the 
least of any of the three so far discussed, especially 
for building work, as it is only an auxiliary to other 
methods.f If a truss with horizontal top and 
bottom chords has only one inclined member in a 
given panel, the latter is the only member which 
can offer a resistance to the shear in the panel since 
the chords are horizontal. In other words, the 
shear in the panel is the vertical component of the 
stress in the inclined member. 

Referring to Fig. 302 (a), the shear at plane 
x-x is 15,000#. This is also the vertical com- 
ponent of the stress in member A- 1. This stress 
is then 15,000 -r sin 45° = 21,200#. Similarly, the 
shear at plane a-a is 15,000 — 5000 = 10,000#, 
and the stress in 1-2 is 10,000 -s- sin 45° = 14,100#. 
The kind of stress may be determined from the 
direction of the shear. Thus in Fig. 302 (6), Vl 
(= 10,000#) acts up, and the force F x must pull 
down to oppose it. Hence the stress in member 
1-2 is tension. It should be obvious that F-l and 
LI - 2 can contribute no resistance toward vertical 
motion. If the right hand portion in ( b ) is con- 
sidered, the shear at a-a, F*, is opposite to Vl , 
and F\ must act up. This corroborates the previous 
analogy. Similarly, the shear at fr-6 is 10,000# 
up and the force F 2 , or member 1-2 in Fig. 302 (a), 
must push down. The stress in 1-2 is therefore 
compression. The general rule that the stresses 
in the web members are alternately compression 

t This is very common in bridge trues design, however. 
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and tension aids in determining the kind of stress 
in any given member, also. In this method the 
chord stresses are usually determined by the method 
of moments (Art. 191). For trusses with horizontal 
top and bottom chords, the stresses in these members 
are quickly found with the knowledge that the stress 


Prob. 198b. Calculate the stresses in the web members 
of the truss in Fig. 304 (a) by the method of shears. 

Prob. 198c. Calculate the stresses in all the memtiers of 
the truss shown in Fig. 304 (b). Use any combination of 
joints, moments and shears desired. 

Prob. 193d. Calculate the stresses in the members of the 
truss shown in Fig. 304 (c) by any method. 
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is equal to the moment in the panel divided by the 
depth of the truss. This is similar to obtaining the 
tension or compression in any simple beam, namely, 
by dividing the moment at a given point by the 
effective depth of the beam. 
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The method of shears may be indirectly used in determining 
the stresses in the web members of trusses .with an inclined 
top chord, if the chord stresses have already been established. 
Thus in Fig. 303, when the stress in /J-3 is known, its vertical 
component may be obtained. The algebraic sum of this and 
the vertical component, of the stress in 2-3 must balance the 
shear in the panel. Hence H-F(= 9000#) — 3000# — Vi + 
K* * 0 in the figure. The reverse may also be used. That 
is, the stress in B ~ 3 may be found if that in 2-3 has been 
determined by another method. 

Prob. 198a. Determine the stresses in, the web members 
of the truss shown in Fig. 301 by the method of shears. 



«*) 
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193. Use of Coefficient Tables. 

Another analytical solution for the stresses in 
trusses may be made with the aid of tables of co- 
efficients. These are a number of tabulated fac- 
tors referring to a given type of truss and which are 
expressed as a function of the form of the framing 
and of the relations of the loads. They arc usually 
given in terms of the panel loads and the distances 
are given in terms of the rise and the span of the 
truss. The stress in any member is obtained by 
multiplying the panel load by its corresponding 
coefficient. Such tables as these are given in a 
number of books and they will not be repeated here.* 
Figure 305 illustrates the general nature of these 
tables. 

Where there are a number of trusses of a common 
type, and the shape, pitch, and loading correspond 
to a set of coefficients, such tables are often a dis- 
tinct advantage. This occurs usually in the case 
where the panel loads are all equal. However, 

* Refer to the “ Pocket Companion,” Carnegie Steel Co., or to Hool and 
Johneon's " Building Construction, “ Vol. I, — copyright McGraw-Hill 
Book Co., Inc. 
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when a truss has varied loads with possibly some 
applied to the bottom chord, the usual coefficient 
table will not correspond with the problem under 
consideration. One does no$ learn how to analyze 
truss action by their use and the calculation of 
stresses becomes a mechanical process. The tables 
do offer an excellent means, however, for checking 
certain truss solutions. 

Some engineers prefer to use a method in deter- 
mining stresses which corresponds with that of 
coefficients to some extent. They use 1# panel 
loads and determine the coefficients for all the 
members on this basis, by any of the methods 
previously discussed. The coefficients can later 
be multiplied by the panel loads, such as for dead 
load, and again for snow load. An advantage of 
this method is that smaller figures are involved in 
the computations, and it is also easier to obtain the 
end reactions and the value of the shear in any panel. 
In general, this method is more commonly used in 
truss solutions when the truss is subjected to moving 
loads. 

Prob. 193a. Check the coefficients shown in the left of the 
diagram in Fig. 305. 

194. Maximum Stresses. 

The maximum stresses which may occur in a truss 
for any length of time must be determined before 
the members can be designed. The loads caused 
by dead weight, snow, and wind, as well as the 
methods of obtaining the stresses resulting from such 
kinds of loading, have been previously discussed. 
It remains to determine what combination of these 
stresses should be used to obtain a reasonable 
maximum in each case. 

It is not a reasonable assumption to add the total 
stresses due to each kind of loading. This would 
infer that a maximum depth of snow would remain 
undisturbed on a roof even when the wind reached 
a very high velocity. In view of this feature, care- 
ful judgment must be exercised to determine the 
probable maximum condition. The dead load is 
always present so that the stresses due to such load 
are always acting. It then becomes necessary to 
anticipate the combination of wind and snow which 
will exist for any length of time as a maximum. 

When no wind is blowing, a full snow load may 
exist. Hence one case is that of dead load and full 
snow load. When the wind acts upon the truss, it 
will tend to blow some of the snow off, if any is 
present. Another condition may be that of very 
wet or frozen snow which remains undisturbed by 
the wind. In the latter case, such snow would very 
seldom exist at a- maximum depth, and a fair as- 
sumption is that half of the maximum snow load 
might exist. It should be remembered that the 


wind load is assumed to act perpendicularly to the 
roof surface and that it exerts no pressure on the 
leeward side. A second combination on the basis 
of the above reasoning is to obtain the stresses due 
to dead load, one-half snow load, and full wind load. 
The wind can blow from only one direction at once 
so that the wind load stress to be added is the larger 
of the two resulting from the wind on the left and 
that on the right. Some designers assume a condi- 
tion of dead load, maximum snow load on the lee- 
ward side of the truss and full wind load, as another 
possibility. This assumption does not seem reason- 
able because the wind when passing over the peak 
of a roof probably causes a reduction of pressure 
and sets up eddy currents on the leeward side which 
tend to remove some of the snow. 

Another possibility which may occur, however, is 
that of full snow load and a wind force which is 
insufficient to remove any appreciable amount of 
snow. Such an amount would probably not ex- 
ceed one-third of the maximum wind load. A 
third combination is then dead load, full snow load 
and one-third wind load. 

It does not seem wise, as stated above, to provide 
for extreme conditions. For instance, a very heavy 
snowfall might occur, followed by a slight rainfall, 
then a sudden freezing, followed by a high wind. 
The probability of these all happening in just that 
sequence is remote. The duration of the load is also 
an important factor. It is an established fact that 
members can withstand a higher stress for a short 
time than they can for a considerable period. 
Another consideration is that the snow on steep 
roofs may slide off before any appreciable amount 
of wind load acts. To summarize the preceding 
discussion, the three combinations for maximum 
stress commonly investigated are as follows: 

(1) dead load + full snow load, 

(2) dead load + £ snow load + full wind 
load, and 

(3) dead load + full snow load + $ wind load. 

Some designers prefer to use only the first -two 
conditions. In localities where the snowfall is an 
average, (2) and (3) are nearly equal. Where the 
snowfall may be heavy, either (1) or (3) will give 
a maximum. For certain types of trusses (as 
discussed in Art. 151) a combined vertical loading 
is sufficiently accurate for stress analysis. For all 
other types of trusses, each condition should be 
tested out to determine the maximum stress in 
each member. Figure 306 illustrates a table 
heading which is convenient for this work. When 
(3) is considered, (1) need not be. One other 
consideration which is made for some trusses is 
to consider the dead load, full snow load on one 
side only with the wind blowing on that side. 
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This is of course a possible condition. In unusual 
instances, such loading may cause a reversal of 
stress. If a member which is subjected to tension 
by ordinary loading has compression developed in 
it by this special case of loading, care must be 
exercised to design the member for the worse 
condition. 


T - the maximum tension in lbs. in the mem- 
ber, and 

ft = the maximum allowable tensile stress in 
lbs. per sq. in. 

The length of the compression members is usually 
such that a formula similar to the above cannot be 
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195. Maximum Reactions. 

In order to make a complete design of a truss, 
it is necessary to obtain the maximum values of 
the end reactions. These may be determined by 
assuming the same conditions as those for the 
maximum stresses. The latter are commonly lim- 
ited to 

(1) dead load and maximum snow load, or 

(2) dead load, one-half snow load, and maxi- 
mum wind load. 

The half panel loads at the ends of the truss must be 
considered to obtain the maximum end reactions. 
Such vertical loads do not affect the stresses in the 
truss members, but are obviously a part of the load 
which must be carried by the supports. 

It is usually most convenient to determine the 
reactions in terms of their horizontal and vertical 
components. The vertical force must be sustained 
by bearing upon the support and the horizontal 
force by some other means of horizontal resistance. 
(See Index.) 

196., General Design of Truss Members. 

The design of the usual truss member is based 
upon the assumption that the stress developed in it 
is axial, that is, acting along the length of the 
member. This involves only direct stresses, namely, 
tension or compression. The former requires a 
sufficient net section to transmit the stress at a 
safe working value, and the formula 

An =~ (S-62) 

h 

may be used in which 

An = the required net area in sq. ins. (exclusive 
of rivet or bolt holes), 


used on account of the common limiting ratios of 
slenderness. In other words, the maximum allow- 
able stress, p, must be obtained from a formula 
which provides against the sidewise bending in- 
duced by column action. The effective length is 
theoretically considered as the distance between 
joints in the ordinary truss. This is based upon the 
assumption that the members arc held rigidly to the 
plane of the truss by the joints. The top chord, 
which is the most important compression member, 
is stiffened in a sidewise direction by the purlins. 
In practice, the top chord is continuous over one or 
more panel points. 

When loads are applied between the panel points 
of the chord members, the design must not only 
provide for the direct stress in a member, but in 
addition, should provide for the indirect stress 
due to cross bending induced by the intermediate 
loads. The combined stress must not exceed the 
specified limit. Some specifications allow a maxi- 
mum which is 25% in excess of the usual working 
stress, liong tension members (especially when 
horizontal) should be supported at intervals in order 
to relieve them of the extra stress caused by their 
own weight. For this reason “ sag ties ” are often 
introduced at the center lines of trusses to aid in 
supporting the bottom chord, and to prevent exces- 
sive deflection or stress. Since comparatively little 
stress is developed in a sag tie, it is made a mini- 
mum size. 

Another assumption in the truss theory is that 
the centers of gravity of the cross sections of the 
members are coincident with the working lines of 
the truss diagram. This is not always practically the 
case, and for any considerable variations, the member 
should be designed to sustain in addition the in- 
direct stress induced by the moment of the direct 
stress times the eccentricity of its line of action. 
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197. General Design of Joints. 

The basic principle involved in the design of the 
joints is that the stress in any member which ter- 
minates at a joint must be developed by the fasten- 
ing. Thus in Fig. 307 (a) the stresses in 4-5 and 
&-6 must be resisted by their fastenings. If the 
horizontal member is continuous by the joint, only 
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the difference of the stresses needs to be considered. 
If a break in the horizontal member occurs, as in 
(b), then the stress either side of the joint must be 
provided for. The nature of the details varies 
greatly with the kind of truss material used. The 
design of truss joints is more fully discussed later. 

198. Truss Bracing. 

A well designed truss is sufficiently stiff in the 
direction of its length, but it should be braced to 
prevent its tipping sidewise. This bracing helps to 
overcome the tendency of racking, as illustrated 
in Fig. 308 (a). The type of bracing, and its extent, 
depend upon the character and the use of the build- 
ing. The effects of the wind, vibration due to mov- 
ing loads or machinery in operation, and the facilities 
of field erection are some of the important factors 
which must be considered. In other words, the 
purpose of bracing is to transmit all lateral forces 
as directly as possible to the walls and thence to 
the ground. Since such lateral forces may be 
exerted in any direction, bracing is commonly 
provided by two definite systems, namely, longi- 
tudinal and transverse. » 

Longitudinal bracing may be classed into three 
types: 

(1) lateral, which extends at right angles 
to the plane of the truss, 

(2) sway, which is made up of diagonals 
placed between the laterals, and 

(3) side, which is used between the exterior 
columns in the side walls of a f rained building. 

These are illustrated in Fig. 308. The lateral and 
sway bracing are often grouped as one system. It 
may be placed either in the plane of the top chord 
or in the plane of bottom chord, or both. Since 
compression members are more susceptible to 
sidewise bending, the plane of the top chord is the 
more important one to brace. Top chord bracing 
must be sufficient to resist the lateral forces de- 


veloped by the wind. Bottom chord bracing, if 
any is used, is generally lighter, as its prime purpose 
is to absorb vibration and to aid in erection. 

Transverse bracing is used only when the trusses 
are supported by columns. It is absolutely neces- 
sary in many cases because the columns depend upon 
such bracing. It is almost always provided in the 
form of knee braces extending from the bottom 
chord of the truss to the face of the supporting 
columns, as illustrated in Fig. 308 (d). The angle a 
is sometimes made 45°. 




It is unnecessary to provide full systems of 
bracing for all kinds of roofs. When trusses rest 
upon masonry walls, the purlins and roof carrying 
materials arc usually sufficient to brace the roof 
adequately. If there is a ceiling frame, this helps 
to brace the bottom chord. When machinery, 
cranes, and the like, are to be used in a building, 
bracing is generally provided in the plane of the 
bottom chord to absorb any vibration. In hipped 
roofs, the hip trusses, purlins, sheathing, and 
ceiling beams provide sufficient bracing. If the 
roof terminates in gable walls, it is often braced in 
the end bays by diagonals from the purlins to the 
ceiling frame, placed close to the gables. In such 
cases the purlins and ceiling framing must be well 
anchored. In an extremely long building there is 
some danger of the longitudinal walls tending to 
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bulge at the middle , of their lengths, due to wind 
action. This is offset by providing a “ horizontal 
truss ” to transmit the pressure from the dangerous 
point to the end walls. This “ truss” in reality 
has the longitudinal walls for chords and the bottom 
chords of the roof trusses as “ verticals ’’ in the 
horizontal plane. The “ web system ” of such a 
“ truss ” is supplied by diagonals between the roof 
trusses in the plane of their bottom chords. These 
are in reality bottom chord bracing. The “ truss ” 
action is illustrated in Fig. 308 (e). 

When it is necessary to provide top chord bracing, 
it is always placed in the last bays at each end of 
the building at least. This ties the first interior 
truss to the wall and aids in the erection. This is 
theoretically all that is necessary to resist the wind 
forces exerted upon the ends of the building, as 
these will be dissipated by the panel of bracing 
transferring them to another truss. However, 
in long buildings, the trusses should be braced in 
pairs so that each panel of top chord bracing is not 
more than three or four bays apart. Such pairs 


of trusses should be tied together. This is usually 
accomplished by the use of a “ridge strut ” ex- 
tending between all trusses and in the plane of the 
top chord at t"he mid-span. 

The actual stresses which determine the design 
in bracing may be classed as indeterminate, due to 
the many conditions of loading. For this reason 
the provision of bracing is largely a matter of judg- 
ment developed by a study of mechanics and by 
experience gained in design and construction. 
However, certain stresses may bC^approximated by 
making assumptions (see Index — ‘Truss Bracing). 

199. Future Extension. 

If there is a possibility that the building being 
designed may be extended at some future time, 
a typical truss should be provided in the end wall. 
In such a case the latter is a curtain wall instead of 
a bearing wall. In this manner much labor and 
cost will be saved when the extension becomes a 
reality. 










CHAPTER 16 


COMMON TYPES OF STEEL TRUSSES 


200. General Considerations. 

In modem practice, roof trusses are most com- 
monly made of structural steel shapes because the 
fabrication is more positive, cheaper, and less com- 
plicated than that of wood trusses. The funda- 
mental principles of their design have already been 
discussed (Chap. 1.5), and only the additional 
features common to steel trusses need to be con- 
sidered further. The structural sections used, 
usually angles, arc connected at their natural points 
of theoretical intersection by what are called 
gusset plates. These get their name from the 
similarity to the gussets used in tailoring at the 
armpits; in fact the word derives its origin from the 
French in exactly this manner. 

201. Types of Ordinary Steel Trusses. 

One of the most common types of steel frames is 
that shown in Fig. .309 (a), which is called a Fink 
truss. This is of course adaptable to the usual V, 



or pitched, roof. Other types of trusses are also 
shown in the figure, — the stresses being repre- 
sented for the same conditions of span and loading 
in each. The type in ( b ) is a Howe truss, and that 
in ( c ) is a Pratt truss. The maximum stresses in 


the top and bottom chords are the same in each, 
although the values vary, as noted in the figure, 
toward the center of the span. The top chord 
stresses decrease more rapidly in the Howe truss 
than in the Pratt type, while the reverse is true for 
the bottom chord stresses. The web stresses in 
general are less in the Howe truss. However, the 
longer web members, or the diagonals, are in com- 
pression in this type. Timber sections are not 
particularly adaptable to tensile stresses, while steel 
is an ideal material in tension. On the other hand, 
wood is comparatively well adapted to compression, 
and steel is not as economical relatively. For these 
reasons, the Howe truss is adapted to wood framing 
and the Pratt type is preferable for steel trusses. 

Figure 309 ( d ) shows a Bowstring truss. The variation 
in the top chord stresses is small and the stress in the bottom 
chord is constant. This simplifies their design. The top 
chord approaches the slopes of the strings drawn in the equi- 
librium polygon, as illustrated, when the coincidence is exact, 
the stresses in the diagonals are theoretically zero. In prac- 
tice, however, diagonals would be used to protect against 
unbalanced loads. Thir type of truss is not very common for 
a V-roof, as extra scantlings are required for furring to form 
the roof pitch, as shown. The rigidity of these is usually 
none too good. 

The Fink truss offers advantages over the others 
which make it a desirable type. The web struts arc 
perpendicular to the top chord and this allows 
simple framing details. These struts are also in 
short lengths, and, therefore, require less sectional 
area. The appearance of the truss as a who\e is 
better than that of the Pratt type. The similarity 
of the web members, and the equality of the stresses 
in corresponding members allows duplication of 
sizes. A large number of the members arc in ten- 
sion, which is a distinct advantage. For these 
reasons, the Fink truss is easily adapted to struc- 
tural steel framing, and it is more economical than 
a similar Pratt truss, except when light roof loads 
and no ceiling loads occur. 

Fink trusses are generally made with an even 
number of panels. Figure 310 shows possible varia- 
tions in the number used, this depending upon the 
span and other practical conditions of a given 
problem (Art. 158). When vertical struts are used 
instead of those perpendicular to the top chord, the 
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frames are called fail trasses. In some cases, it is 
desirable to divide the top chord into shorter lengths 
to provide supports for the purlins at closer Bpacings. 
This is sometimes called a truss with “ sub-divided ” 
panels, or the truss is said to be “ compound ” 
as in (e) and (/). When trusses on a long 
span have "a horizontal bottom chord, an optical 
illusion occurs, in that the truss appears to sag. 
When the truss is exposed to view, it is sometimes 
cambered, as shown in ( g ) and ( h ), in which case 
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the tie beam is raised. This also gives a better 
appearance and provides greater central headroom. 
Although the stresses in the members in such a 
truss are somewhat increased, the cost is practically 
the same because the lengths of the struts are de- 
creased. Variations from the usual types are al- 
ways possible, particularly in mill buildings. Ex- 
amples are shown in Fig. 310 (t) and (jf). In such 
structures, monitors are common, as indicated by 
the dotted lines in (j). 

Pratt truss types may also be varied as., to the 
number of panels used, as illustrated in Fig. 311 (a). 
For steep pitched roofs, the types illustrated in (b) 
are quite common. In summary, the type of the 
truss must conform to the requirements of the roof 
void, as well as to the span and arrangement of the 


secondary roof framing. General types of trusses 
for deck, mansard, gambrel, and flat roofs are dis- 
cussed and Illustrated in Art. 157 
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202. Weights of Trusses. 

In determining the loads that a truss is to carry, 
an allowance should be made for the weight of the 
truss itself. This is most commonly done by allow- 
ing an assumed number of #/□' of horizontal pro- 
jection, and adding this value into the other unit 
dead loads. The factors which influence the weight 
of a truss are the span, spacing of trusses, and to 
some extent the pitch, although pitches from 
1 to J have little effect when the bottom chord is 
horizontal. If the pitch is much less than the 
weight increases more rapidly. The weight of 
trusses with cambered bottom chords increases 
from 15% to 40% over that with horizontal bottom 
chords. The usual formulas contain the above 
variables in some form. There are a number of 
formulas which may be used to approximate a value 
to use in making computations. Some of the more 
common of these are: 

w = 0.75 + 0.075 L (Merriman, and Howe), (5-44) 

w “ 25 + 12^00 (Ricker) ' 
w = 0.5 ( 1 + 0.15 L) (Jacoby), and 
tfl — lCVL-flL) (Carnegie), in which 
w “ the weight of a truss in #/□' of horizontal projec- 
tion, and 

L ** the span of the truss in feet. 
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The' following table (Table 71) may be used as an 
alternative in determining the allowance. 

TABLE 71 

wbiobts or steel trusses 

(#/□' of HoriionUl Projection) 


Span 

(Ft.) 

Pitch 

\ 

» 

\ 

Flat 

Up to 40 

5.2 

6.3 

6.8 

7.6 

50 

5.7 

6.6 

7.2 

8.0 

60 

0.7 

8.0 

8.6 

9.6 

70 

7.2 

8.5 

9.2 

10.2 

80 

7.7 

9.0 

9.7 

10.8 

100 

8.5 

10.0 

10.8 

12.0 

120 

9.5 

11.0 

12.0 

13.2 

140 

10.0 

11.6 

12.8 

14.0 


it on the diagram. The latter method is simpler 
than the first. Care must be taken that the value 
is correctly computed, however, or the diagram 
would not close and would, therefore, be in error. 

Wind load stresses may be determined by the 
methods discussed in Arts. 163 and 164, and the 
maximum stresses established (Art. 169). 

Prob. 208a. Determine the maximum stresses in the 
typical truss shown in Fig. 208-12 for the following data: 

Span 60'-0". Pitch J. Slate roof, 2" plank, steel purlins 
spaced in equal panels. Snow load 20#/a / . Wind load 
(horizontal direction) 30#/o'. Spacing of trusses 14'-0". 

Prob. 203b. Determine the values of the stresses in all 
the members of the truss shown in Fig. 313 (a). Use graph- 
ical method. 

Prob. 203c. Check the results in Prob. 203 (6) by an 
analytical solution. 


203. Determination of the Stresses. 

In the usual instances of steel truss 
design, the graphical method is com- 
monly used (Art. 164). Figure 312 
shows a typical solution of this kind 
for vertical loading on a Fink truss. 
This is one of the most common types 
of steel trusses. One special feature 
must be considered in its design. When 
the joint C-Z) is reached in the solution, 
the stresses in the members beyond 
seem indeterminate at first, because 
there are three unknown forces at the 
joint. This situation may be avoided by 
drawing in the imaginary member from 
x in the space 4-5-6, and considering 
it as a replacement of the members 4-5 
and 5-6. This is permissible, as the 
truss is still an assemblage of rigid 
triangles. The stresses in the remain- 
ing members are the same regardless of 
the web system to the left. These may 
then be determined in the usual way, 
assuming that the members 4-5 and 
5-6 are not in the truss for the time 
being. Thus the lines 3- k and d-k de- 
termine the point k in the force dia- 
gram, and then the lines k-j and e-j 
fix the point j (point 6). Then 6-5 
and d - 5 determine point 5, and 5-^4 
and 3-4 fix point 4. The line 6-7 and 
the line a-7 produce the intersection at t 
7. The point 4 should, of course, be 
on the line 6-7 in order to check the 
solution. The stresses are now deter- 
mined on the basis of the real mem- 
bers. An alternate solution may be 
made by calculating the value of the 
stress in a-7 (Art. 165) and plotting 
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Prob. 203d. Determine the stresses in the truss shown in 
Fig. 313 (b). 

Prob. Me. Determine the stresses in the truss shown in 
Fig. 313 (e). 

Prob. 208f. Establish the values of the maximum stresses 
for the truss of Fig. 313. Use the following combinations: 

(а) D.L. + $ S.L. + max. wind, and 

(б) D.L. + full 8.L. 

Snow panel load — 1800#. 


4600 * 



204. Common Sections Used. 

When the maximum stresses in the members of a 
truss have been established, the next step is to deter- 
mine the required sizes. This involves two tyi>es of 
problems, namely, that affecting members carrying 
tension and that affecting members resisting com- 
pression. In both instances, however, rolled struc- 
tural steel angles are used in the large majority of 
cases* although a pair of channels is occasionally 
used for a bottom chord. Angles are generally 
cheaper, easier rolled, and easier handled than other 
structural shapes. The principal members should 
always be made of two angles, placed back to back, 
and separated by a space corresponding to the thick- 
ness of the gusset plates. A single angle is undesir- 
able for a strut because it tends to buckle in its 
weakest direction, which is about a diagonal axis. 
Such a selection requires more sectional area than a 
pair of smaller angles. A twisting moment is also 
introduced at the ends of the member, which tends 
to tear the section through the rivet holes. If, 
in a special case, a single aqgle is used for a com- 


pression member, it should be an equal-legged angle, 
as the greatest radius of gyration is available for a 
given area. In small trusses, single angles may be 
used for web members acting in tension. In such 
cases, these single members should be staggered on 
opposite sides of their respective gusset plates, to 
give “ balance ” to the truss. For large trusses, 
however, all members should be composed of two 
angles. The angles are generally unequal legged, 
with the short legs outstanding, because greater 
stiffness for the given area may be obtained. 

Minimum dimensions are established for prac- 
tical reasons. For light trusses, the web angles are 
sometimes made minimum thickness. For 
chord members and the web angles of larger trusses, 
the least thickness is commonly -jV'. This is 
also the thinnest angle available in some of the 
larger sizes, and J" is the minimum for large angles 
(Table 9). When trusses are to be exposed to 
the weather or to corroding gases, $" is often speci- 
fied as a minimum thickness. The smallest-sized 
leg in which a rivet can be driven is 2\ n (Table 
21). Small web memlxjrs are often attached to 
the gusset plates by rivets through one leg only. 
Since f" rivets are the common fastenings for 
ordinary trusses, the minimum size of angle is 
usually 2\ X 2 X J. When clip angles are used 
and riveting occurs in both legs of the member, 
2\ X 2\ X 1 is the minimum. The angles used 
in all trusswork should conform to stock sizes 
(Art. 5). 

In contrast to the pair of angles for the chord 
members shown in Fig. 314 (a), a pair of channels, 
as in (6), may be used. This is usually done when 
the stresses are large, or when the chord carries a 
heavy uniform load. The channels also furnish 
convenient supports for ceiling joists or rafters. 
For small stresses, angles may be used to reduce the 
truss weight. Two angles and a plate, as illustrated 
in (c), may be employed for chord members if de- 
sired, especially when large stresses arc encountered. 
Such a combination saves some gusset plate work, 
but field painting is not done as efficiently as when 
angles or channels arc used alone. More rivets arc 
also necessary when continuous plates are used, and 
they should not be spaced more than 16 times the 
thickness of the thinnest metal nor more than 6" 
apart. 

205. Design of Tension Members. 

The design of steel tension members involves 
the simple provision of ample net sections to resist 

* Flat bars arc occasionally used for tension members in certain types of 
trusses. The only advantages which may be claimed are a smaller amount 
of riveting and a smaller weight. They are not desirable for members 
subjected to a reversal of stress nor for compression members. A pair of 
channels or a pair of angles and a plate are occasionally used for top chord 
or bottom chord sections, as discussed later. 
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the stresses, which should not exceed the maximum 
allowable unit stress provided in the code. This 
means that an allowance for rivet holes must be 
made (Art. 21). Under ordinary circumstances, 
one hole per angle per section is sufficient In 
order to include the weakening effect of only one 





rivet hole, care must be taken to provide ample 
stagger of the rivets in the different gauge lines to 
maintain the net section (Art. 48). The two angles 
selected should have a gross area sufficiently in excess 
of the theoretical required area so that when the 
holes are deducted, a small excess still remains. 
The smallest sized angle which it is possible to use 
is not generally the most economical, particularly 
when large stresses are involved. Usually an 
angle with wider legs and of thinner material will 
weigh less per foot. Some study of comparative 
sizes is generally valuable in this respect, particu- 
larly when there is considerable duplication in the 
trusses. The maximum allowable tensile stress for 
structural steel shapes is commonly specified as 


16,000 #/□", although some codes have recently 
increased this to 18,000 #/□".* 


Illustrative Prob. 206a. Select a pair of angles to carry a 
tension of 64,000#. Use }" rivets. 


64,000 


- 4.00a", net area for 2L», or 


16,000 

2.00a", net area for 1 L* 

Try 3i X 2J L. Area 3* X 2* X A - 2.43a" 

1 Hole out ® [ X A * 0.38 

Net area * 2.03a" 

Weight « 8.3#/ft. 

Try 4 X 3 L. Area 4X3X1* 2.48a" 

1 Hole out « I X 1 » 0.33 

Net area « 2.13a" 

Weight « 8.3#/ft. 

Try 5 X 3 L. Area 5 X 3 X ft * 2.40a" 

1 Hole out. * ! X A * 0.27 

Net area * 2.13a" 

Weight - 8.2#/ft. 

Use 2 Lf 5 X 3 X A* 

Illustrative Prob. 206b. Select a pair of angles to carry a 
tension of 8000#. 

8000 

167)00 * ^ ne * aTea squired. 

A minimum angle is amply sufficient. 

Uhc 2 li 2J X ? X 1. 


The calculation of the tensile capacity of a single 
2J X 2 X 1 L and also of two L! 2J X 2 X } will 
give a convenient maximum to bear in mind. When 
tensile stresses in truss members are less than such 
values, the sizes may thus be arbitrarily established. 
Thus the value of 1 L 2| X 2 X } with one J" 
rivet hole out is (1.06 — 0.875 X 0.25) 16,000 = 
13,400#. That for a pair of such angles is obviously 
26,800#. Since the safe tensile capacity, with a 
definite size of hole out, for a given angle is always 
the same, a table of such strengths is a convenience 
and time-saver in making computations. Table 72 
gives values of this kind for common sizes of angles. 

Prob. 206c. By calculations, select n pair of angles to 
carry a tension of 106,000#. Use J" rivets, one hole out of 
each angle. Use 18,000#/p" us a unit stress. 

Prob. 205d. By calculations, select a pair of angles to 
carry a tension of 40,000#. Use f" rivets, one hole out. of 
each angle. Use 16,000#/'a" as a unit stress. Check your 
result, by Table 72. 

Prob. 205e. From Tabic 72, select a pair of angles to 
carry a tension of 30, (XK)#. Is the pair selected of minimum 
weight? Select a single angle to carry the stress. Which 
combination weighs more? 


206. Design of Compression Members. 

The design of the compression members in a 
steel truss involves the use of a steel column formula 
(sec Index). A generally accepted formula of this 
kind is: 

* Again, the author* wish to reiterate that they believe 18,000# in 
rather liberal, when full live loads occur, ns the real factor of wifely be* 
comes less than 2. 
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IMBLB 78* . 

ALLOWABLE TOOLE VALUES FOR AHGLBS 
(Thsaisnrti of Pounds) 

16,000 #/□" 






Net Areas and Stream 

TWO HOLES DEDUCTED 

Sum 

Thiele- 

DM 

Weight 

#/Ft. 

Aim 

D" 

i" Riva. 

!" Rivs. 


II 


II 

Area 

□" 

Stress 

Area 

□ " 

1 

Stress 

8X8 

■ 

■ 

51.0 

15 00 

13.00 

208.0 


212.0 

8X8 



46.0 

13 23 

11.48 

183 7 

mtWtm 

187.2 

8X8 

IjIJIJII 

gH| 

38.0 

11 44 

0 04 


itilW 

162.1 

8X8 

jHf 


32 7 

9 61 

8.36 

mfflm 

■39 

136.1 

8X8 

m 

■ 

26 4 

7.75 

6 75 

K c ' ' 

6.87 

100 9 

8X6 

n 

44 2 

13 00 

11 00 

176 0 

11 25 

180 0 

8X6 


30.1 

11 48 

9 73 

155 7 

9 m 

159.2 

8X6 


33.8 

0 94 

8 44 

135 0 

8 03 

138.1 

8X6 

1 

28.6 

8 36 

7 11 

113 8 

7 27 

116.3 

8X6 

• 

23.0 

6 75 

5 75 

02 0 

5 87 

93.9 

6X6 



33 1 

0 73 

7 98 

127.7 

8 20 

131.2 

6X6 



28 7 

8 44 

6 04 

111.0 

7 13 

114.1 

6X6 



24 2 

7 11 

5.86 

rt 8 

6 02 

96 3 

8X6 



10 6 

5,75 

4 75 

76.0' 

4 87 

77.9 

6X6 



14.9 

4 36 

3 61 

57 8 

* 3.70 

59 2 

6X4 



27.2 

7.98 

6 23 

09 7 

6 45 

103 2 

6X4 



23 6 

6 94 

6 44 

87 0 

5 63 

00.1 

6X4 



20 0 

5 86 

4 61 

73 8 

4 77 

76 3 

6X4 



10.2 

4 75 

3 75 

60 0 

3 87 

01 9 

6X4 



12.3 

3 61 

2 86 

45 R 

2 05 

47 2 

6 X 31 

1 


16 8 

4.02 

3 67 

58 7 

3.83 

61 3 

6X8) 

1 


13 6 

4 00 

3 00 

48 0 

3 12 

40 9 

5 X 3ft 

j 


10 4 

3 05 

2.30 

30 8 

2.30 

38.2 

5X8 1 

* 

8 7 

2.50 

1 03 

30 0 

2.01 

32 2 

5X3 

i 

t 

12.8 

3 75 

2 75 

44 0 

2 87 

45 0 

5x3 

i 


0 8 

2 86 

2 11 

33 8 

2 20 

33 2 

6X3 

J 


8.2 

2.40 

1 77 

28 3 

1 85 

29.6 


p = 16,000 - 70 -, in which 
r 

p = the maximum allowable unit stress in #/□", 
not to exceed 14,000, 

l = the effective length of the member in inches, 
and 

r = the least radius of gyration in inches. 


Other column formulas may be used in accordance 
with code requirements and office standards. In 
the absence of other regulations the above ex- 
pression is recommended. The ratio of slenderness, 


l 


is usually limited in recognized practice. 


SPECIFICATION CLAUSE 

The effective or unsupported length of main 
compression members shall not exceed 120 times, 
and for secondary members 200 times, the least 
radius of gyration. 


Truss members are considered to be main members. 
Those classed as secondary are members which 
serve as bracing, and the like. 

As discussed in Art. 204, the most common sec- 
tion used for truss work is a pair of unequal-legged 


* Sued upon the '* Pooket Companion/* Carnegie Steel Co. 


TABLE 72 — Continued 


Siie 

Thick- 

■c 

Weight 

A/Ft. 

Area, 

□" 

Net Areaai 
ONE HOLE 

*" Rive. 

rod Stream 
DEDUCTED 

!" Rivs. 

*3* 

Strees 

Area 

□" 

Stress 


X 6 



33 1 

9.73 

8.85 


8.96 

143.4 


X 6 



28 7 

8 44 

7.09 

123.0 

7.78 

124.5 


X 6 



24 2 

7.11 

6.48 

103.7 

0.56 



X 6 



19 6 

5.75 

5.25 

14.® 

5 31 



X 6 



14 0 

4.36 

3.98 

63.7 

4.03 

64.5 


X 4 



27 2 

7 98 


113 6 

7.21 

115.4 


X 4 



23.6 

6.94 

6.10 

99.0 

6.28 

MTuJTM 


X 4 



20.0 

5.86 

5.28 

83 7 

5.31 

85.0 


X 4 



16.2 

4.75 

4.25 

68 0 

4.31 



X 4 



12 3 

3.61 

3.23 

51.7 

3.28 

52.6 


X 3J 




10.8 

4.92 

4.29 

68.6 

4.37 

60.9 


X 3 


i 


13.6 

4.00 

3.50 

56.0 

3.56 

67.0 

5X3 




10 4 

8.05 

2 07 

42.7 

2.72 

43.6 

1 

X 3< 


A 


8.7 

2.56 

2.25 

36.0 

2.29 

36.6 

5X3 



15.7 

4.61 

3.98 

63 7 

4.06 

6A4> 

5X3 


i 

12.8 

3 75 

3.26 

52.0 

3.31 

53.0 

5X3 

i 

t 

9 8 

2.86 

2.48 

39 7 

2.53 

40.6 

5X3 



8 2 

2.40 

2.09 

33.4 

2.13 

34.1 

4X4 



15.7 

4 61 

; 3.98 

63.7 

4.06 

65.0 

4X4 



12 8 

3.75 

3.25 

62.0 

3.31 

53.0 

4 X 4 


1 

0.8 

2 86 

2.48 

39 7 

2 53 

40.5 

4X4 

A 


8 2 

2.40 

2.00 

33 4 

2.13 

34.1 

4X3 



11 1 

3 25 

2 75 

44.0 

2 81 

45.0 

4X3 


1 

8 5 

2 48 

2 10 

33.6 

2 15 

$4.4 

4X3 



7.2 

2.00 

1.78 

28.5 

1 82 

29 I 

4 X 3 


l 

5.8 

1.69 

1.44 

23.0 

1.47 

23 5 

3 

X 3 




13 6 

3.08 

3.35 

53 6 

3.43 

54.9 

3 

X 3 




11.1 

3.25 

2 75 

44 0 

2.81 

45 0 

a 

X 3 




8 5 

2 48 

2 10 

33.0 

2.15 

34.4 

3 

X 3 


A 


7.2 

2.09 

1.78 

28.5 

1.82 

29.1 

3 

X 3 




6 8 

1.69 

1 44 

23 0 

1.47 

23.5 

3 

X 2k 


L 

6.4 

2.75 

2 25 

36 0 

2 31 

37.0 

3 

X 2 


f: : 

*7 2 

2 11 

1 73 

27 7 

1 7R 

28.5 

3 

X 2 

A 

f'<\ 

0 1 

1 78 

1 47 

.23 5 

1.51 

24 2 

3 

X 2 


f 

4 0 

1.44 

1 10 

10 0 

1.22 

10 5 

3X3 

j 


9 4 

2 75 

2 25 

36 0 

2.31 

37 0 

3X3 

s 4 

V 

8.3 

2 43 

1.00 

31.8 1 

2 05 

32 8 

3X3 

i 

1 

7 2 

2 11 

1 73 

27 7 

1 78 

28.5 

3X3 

* 

I 

6 1 

1 78 

1 47 

23 5 

1 51 

24.2 

3X3 


I 

4 9 

1 44 

1 19 

ID 0 

1.22 

10.5 

2 i 

X 2k 

i 


5 9 

1.73 



1.40 

22.4 

2< 

X 2\ 

A 

I 

5.0 

1 47 



1 20 

10.2 

2| 

X 2J 


[ 

4 1 

1 10 



0 97 

15.5 

2| 

X 2 

i 

\ 

5 3 

1.55 



1 22 

10.5 

2 

X 2 

A 

I 

4.5 

1 31 



1 04 

10.6 

2 

X 2 


[ 

3 62 j 

1.06 



0 84 

13.4 


angles with their long legs vertical. Such a section 
is stiffer and more economical than other types. 
The size of the angles should be such that the radii 
of gyration about the two rectangular axes is as 
nearly equal as possible. Gusset plates are generally 
used at the joints of a truss as a part of the con- 
nections (Fig. 314). The thickness of such plates 
varies according to the size of the joint, together with 
other considerations (Art. 210). It should not be 
so thin as to reduce the controlling values of the 
rivets in bearing (Art. 27). The thicknesses of 
gusset plates commonly used are / s ", f", J", and 
. f". The plates arc only used for light framing, 
and f " gussets are limited to heavy joints. The 
usual thicknesses are then, A", and Under 
ordinary circumstances, a average thickness may 
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be assumed. For purposes of computations, the 
distance back to back of angles may be taken as 

f The radii of gyration change slowly for small 
differences in this distance (Table 73). As sug- 
gested above, the least radius of gyration must be 

TABLE 73* 

RADII 0* GYRATION TOR TWO UNEQUAL ANGLES 
LONG LEGS VERTICAL 



/ I 


Single Angle 

Two 

Angles 

Radii of Gyration, Inches 

si 

is 

Wt. 

#/ft. 

Area 

Axis 

1-1 

Axis 2-2 

In 

Con- 

tact 

Apart 

X 

Apart 

X 

Apart 


8X6X1 

44.2 

26.00 

8.49 

2.39 

2.48 

1.61 

2 57 

2 66 

1 

33 8 

19.88 

l.SS 

2 35 

2 44 

1.48 

2.52 

2 61 

A 

20.2 

11 86 

1.67 

2.31 

2.39 

1 48 

2 48 

2 56 

6X4X1 

30 6 

18 00 

186 

1.60 

1 69 

1.74 

1 79 

1 80 

H 

21.8 

12.80 

189 

1.55 

1 63 

1.68 

1 73 

1 82 

I 

12 3 

7.22 

193 

1.50 

1.68 

1.61 

1.67 

1 76 

6 X 34 X 1 

28 0 

17 00 

1.88 

1 37 

1.47 

1.61 

1 56 

1 66 

H 

20 6 

12 12 

1.88 

1 31 

1.41 

1.46 

1 49 

1 60 

A 

0 8 

5.74 

1.96 

1 25 

1 33 

1 87 

1 42 

1.50 

5 X 34 X I 

22 7 

13 34 

1.88 

1 42 

1.51 

1 86 

1 01 

1.71 

A 

8.7 

5.12 

1.61 

1 33 

1.41 

1.48 

1.50 

1 69 

5 X 3 X H 

19.0 

11 68 

1.66 

1 18 

1 27 

1.81 

1 37 

1 47 

A 

8 2 

4 80 

1.81 

1 09 

1.17 

1.11 

1 26 

1 36 

4 X 3 X if 

17.1 

10 06 

1.11 

1 25 

1.35 

1 40 

1.46 

1 55 

1 

5 8 

3 38 

1.18 

1.16 

1 24 

1.18 

1 33 

1 43 

34 X 24 x B 

12 6 

7.30 

1.06 

1 03 

1 13 

111 

1 23 

1 33 

4 

4 9 

2 88 

1.11 

0 05 

1.04 

1.09 

1 13 

1.23 

34 X 2 X 4 

6 8 

4 00 

0.71 

0 84 

0.04 

0.99 

1 04 

1 16 

4 

3 62 

2 12 

0.78 

0 80 

0.89 

0.98 

0 98 

I OK 


RADII OP GYRATION FOR TWO EQUAL ANGLES 


Single Anglo 

Two 

Angles 

Kadii of Gyration, Inches 






Axis 2-2 



Sise, 

Inches 

Wt. 

#/ft. 

Area 

□ " 

Axis 

1 1 

In 

Apart 

Apart 

Apart 






Con- 

tact 

8 X 8 x 1| 

56 9 

33 46 

1 . 4 ! 

3 42 

3 51 

3.08 

3 60 

3 69 

H 

42 0 

24 68 

1.46 

3 37 

3 46 

8.80 

3 55 

3 64 

4 

26 4 

15 A0 

1 91 

3 33 

3 41 

8.48 

3 50 

3 59 

6X6X1 

37 4 

22 00 

1.80 

2 60 

2 68 

1.71 

2 77 

2 87 

11 

26 5 

15 56 

1.88 

2 54 

2 63 

1.67 

2 71 

2 81 

1 

14 0 

8 72 

1.80 

2 49 

2 68 ‘ 

1 . 6 ! 

2.06 

2 75 

4 X 4 X H 

19 9 

11 68 

1.18 

1 75 

1.85 

1.18 

1 94 

2 04 

1 

6.6 

3 88 

1.18 

1 66 

1 75 

1.79 

1.84 

1 93 

34 x 34 x H 

17 1 

10 06 

1.01 

1 55 

1 65 

1.70 

1 75 

1 85 

4 

5.8 

3.38 

1.01 

1.46 

1 55 

1.89 

1 04 

1 73 

3 X 3 X | 

11.6 

6 72 

0 88 

1 32 

1 41 

1.48 

1 51 

1 61 

4 

4 9 

2.88 

0.18 

1 26 

1 34 

1.88 

1 43 

1 53 

24 X 2i X 4 

7 7 

4.50 

0.74 

1 09 

1 10 

1.14 

1 20 

1 39 

1 

4.1 

2 38 

0.77 

; 1 05 

: 

1.14 

1.19 

1.24 

1 34 


* Baaed upon the “ Pocket Companion,” Carnegie Steel Co. 


established for a given section. Table 73 gives 
values for the common sizes of angles, t Only 
limiting, and one intermediate, thicknesses are 
given. The values change Blowly so that the radii 
of gyration for intermediate thicknesses may be 
interpolated. To illustrate, 

ra-a for 2 L* 5 X 3§ X i, \” apart - 1.56" 
ra- 2 for 2 L* 5 X 3J X A, I" apart - 1.45" 

Difference for A” = 0 . 11 " 

or 0.01+" per A" 
ra -2 for 2 L‘ 5 X 3* X i, f" apart = 1.45 + 3(0.01), 
say 1.49". 

For a given section, the least radius of gyration must 
be used. Two reference lines must be considered, 
namely, the 1-1 and 2-2 axes, and the smaller value 
noted, t Thus for 2 Lf 3} X 2$ X 1, $" apart, 
rj_i = 1.12" and = 1.09", and the value 1.09" 
should be used. It will be noted that such a pair 
of angles is nearly ideal and economical of material, 
because the radii of gyration in the two directions 
are nearly equal. The reason why unequal legged 
angles are used may be made obvious by a reference 
to the table: 

2 12 3i X 3$ X J, Weight = 2 X 5.8 = 11.6#/ft., 
Area = 3.88°", r mln = 1.09" 

2 L* 4 X 3 X 1, Weight = 2X5.8 = 11.6#/ft., 
Area = 3.88°", r min = 1.28". 

Thus, for the same sectional area and weight per 
foot, the 4X3Xj angles are stiffer. It may also 
be noted that the difference between the r,_ t and 
r-i - 2 values for equal-legged angles is considerable in 
all cases. By referring to a handbook of structural 
shapes and making similar comparisons, the reason 
why the common shafts shown in Table 73 are 
used, will be evident. For the same reason, the 
more common of the latter are 2$ X 2, 3§ X 2§, 
4 X 3, 5 X 3£, and 6X4. 

It should be evident that more than one pair of 
angles may be selected to carry a given stress. To 
arrive at an economical selection may mean con- 
siderable “ cut and try.” Some of this may be 
eliminated by using approximate values. Under 
average conditions, a trial allowable stress of 10,000 
§/o" may be used to determine a required area 
as a guide. Another aid is to solve for the mini- 
mum radius of gyration, since the length is known 
and the maximum ratio of slenderness is established. 
Thus, 

Max. = 120, or 

t These values are obtained by applying tho ordinary principles of 
mechanics relative to center of gravity, moment of inertia and radius of 
gyration. See Table 79 also. 

X The radius of gyration about the 3-3 axis (Art. 3) dope not have to 
be considered for a pair of angles back to back, as each axis is in a direction 
opposite to the other. 
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S-' 

In this way, small Angles which have a radius of 
gyration less than tbft allowable can be eliminated. 
Minimum ‘sizes are seldom the best selection, how- 
ever, except for a long member with a small stress, 
such as in bracing. Larger legged angles of smaller 
thickness will usually work out to be more rigid and 
more economical. The minimum thickness of 
metal desirable will also be a factor in the selec- 
tion (Art. 5). The effective or unsupported length 
of the compression members in steel truss work is 
commonly taken as the distance between the cen- 
ters of the joints.* 


Illustrative Prob. 206a. Design a pair of angles to carry 
a compression of 60,000#, if the unsupported length is 8'-0" 
and }" gusset plates are to be used at the ends for connec- 
tions. Maximum ratio of slenderness *= 120. Use y — 

18,000 - 70^ t 

Min. r S 0.80". Referring to Table 73, 

2J X 2 £ may be eliminated. 

Try 2 If 3J X 2J. n-i - 1.09" average — controls. 

rj-a - 1.14" average. 

p = 16,000 - 70 X ® X 12 9830#/ □" allowable. 

1.09 

60 000 

A - - ’ — 5.080" required, or 2.540" in each L. 


This requires 2 If 3J X 2} X (wt. 18.4#/ft.). 

Try 2 if 4 X 3. r H - 1.24" average — controls. 

7*2-2 = 1.30" average. 

p = 16,000 - 70 X - 10,800#/ □" allowable. 

A - 4.720" required or 2.36D" in each L. 

10,590 

This requires 2 If 4 X 3 X it (wt. 17.0#/ft..). 


If f" were the minimum desirable thickness, no further 
computations would be necessary. The latter pair of if 
weighs less and would be used unless there were some special 
reason. 

Try 2 L H 5 X 3 X A. (Since 4 X 3 X £ L5 were satisfac- 
tory, no thicker L need be tried.) 

r,-, = 1.61" and tv* * 1.22". 

p - 16,000 - 70 X * X 12 10,490#/ □" allowable. 

1 

A = 1Q 49Q 4.760" required, or 2.380" in each [_. 

2 If 5 X 3 X A are satisfactory (wt. lfl.4#/ft.). 

These weigh less than the 4 X 3 X l IS and if A" is a 
satisfactory thickness, they should lie used for economy. 


* Some designers make an allowance for the restraining action of the 
gusset plates and eonnections at the joints, and deduct a small distance, 
say 0", at each end from the length center to center of joints. This the 
authors do not advise. 

t A number of trials will be made to illustrate how the judgment may 
be developed in making a selection which will be economical of weight, 
occupy a small space, conform to minimum thickness requirements, and 
provide gauge lines wide enough for suitable connections. Many texts 
in illustrating such work assume the best sise and proceed to show that it 
is satisfactory, leaving the novice wondering how the assumption was made. 

t To obtain actual areas of angles for intermediate thioknesaes, Table 38 
must be consulted. 


By “thumb" rules, r - 0.80“ (as above). 

Trial area - 59i999 - 6.0D", or 2.6D" in each L. 

10,000 

* Uae 2lf4X3X|or 
2 If 6 X 3 X A- 

With practice and experience, the number of 
calculations may usually be reduced to at least two. 
The number of different sizes used in a truss should 
also be kept to a reasonable minimum. The time 
spent in determining which of two sections is more 
economical, compared with the weight saved, as in 
all design, is always the important commercial 
factor. For such reasons, tables and diagrams of 
the carrying capacities of different sized angles are 
often made, in order to minimize the time required 
for design. 

Two angles with their short legs vertical are not commonly 
used for compression members. An instance where such a 
section may be used is when the effective length of the strut 
about the two axes is different. Such a case occurs for the 
member de in Fig. 315. The more efficient member has its 
long legs outstanding in the 
braced plane. The strut may 
bend about the 2-2 axis on a 
10'-0" length, but it is restrained 
about the 1-1 axis by the 
member cf framing into it. The 
unsupported length in this direc- 
tion is only 5 / -0". Tho design 
is controlled by the larger value 

of - If the lengths df and ef 

r 

were not equal, the compression see™* aa 
member should be designed for Fia. 315 

the longer dimension and the 

larger stress. Table 74 gives radii of gyration for common 
sections. 



Illustrative Prob. 206b. Determine a section to be used in 
Fig. 315 if the stress in df — fc * 50,000# compression. 
}" gusset plates. 

r*2-2 should = 2 ri-i theoretically. 

TVi (mm.) = 120~ “ 1,0 mm ‘ “ ~ 12 0~ = 05 

2\ X 2 £ could be used as far as the radii of gyration are 
concerned. 


99j!99 = 5.0D" trial area or 2.50" for each 

10,000 

No 2J X 2 L? large enough. 

Try 2 L 8 3J X 2J. r,-i (average) - 0.71" 
7*2-2 (average) * 1.75" 


5 X 12 
0.71 


84.5. 


10 X 12 
1.75 


68.5 


L 


The larger value of - must be used. 

T 

p - 16,000 - 70 X 84.5 = 10,080#/ n " allowable. 

A * ftp 9TC - =* 4.960" required, or 2.480" for each L. 

This requires 2 L 8 3£ X 2} X \ (wt. * 18.8#/ft.). 

Try 2 l 8 5 X 3. (The radii of gyration may be more care- 
fully selected now, because a definite idea of the thickness is 
known.) 
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• ri-i - 0.86" r M - 2.47" 

’Sr — 

p - 16,000 - 70 X 70.5 - ll,070#/a". 

A - - 4.520" required, or 2.200" for each L. 

This requires 2 li 5 X 8 X A (wt. - 16.4#/ft.). . 

This design could be modified, if smaller angles were de- 
sired, or a minimum thickness controlled, to2|»4X3Xi. 

TABLE 74* 

RADS OF GYRATION FOR TWO UNEQUAL ANGLES 
SHORT LEGS VERTICAL 


From Table 8, 3 X 3 is me smallest angle winch may be 
used (r*-i « 0.58"). 

p - 16,000 - 70 X ® X 12 - 7300#/d" allowable. 

U.OO 


A 


20,000 

7300 


2.740" required. 


3X3X1 L ■ 2.750" (wt. 9.4#/ft). 
Try 31 X 3J. r»-j (average) - 0.68". 

p - 16,000 - — — - 8700#/a" allowable. 


A 


20,000 

8700 


2.290" required. 



Single Angle 

Two 

Angle* 

Kadi^of Gyration, Inched 

Sise, 

Inohee 

Wt. 

#/ft. 

Area 

□" 

Axle 

1-1 

Axis 2-2 

In 

Con- 

tact 

Apart 

i " 

Apart 

r 

Apart 

Apart 

8X6X1 

44.2 

28 00 

1.78 

3.64 

3 73 

8.78 

3 83 

3.02 

* 

33.8 

10.88 

1.76 

3.00 

3.60 

8.78 

3.78 

3 87 

A 

20.2 

11.88 

1.80 

3.55 

3 64 

8.88 

3.73 

3 82 

X 

X 

30 6 

18 00 

1.06 

2.85 

2.05 

9.98 

3 04 

3.14 

H 

21.8 

12 80 

1.18 

2.70 

2.80 

its 

2 08 

3 08 

i 

12 3 

7 22 

1.17 

2 74 

2.83 

8.87 

2.02 

3 02 

6 X 3J X 1 

28 0 

17.00 

0.68 

2 02 

3.02 

8.07 

3.12 

3 22 

ift 

20.8 

12 12 

0.65 

2 87 

2 06 

8.01 

3 06 

3 10 

A 

0 8 

6 74 

1.00 

2 81 

2 00 

2.98 

3.00 

3.09 

6 X 3| X | 

22 7 

13 34 

0 66 

2 36 

2 45 

2 80 

2 55 

2 65 

A 

8.7 

5 12 

1 08 

2.20 

2 35 

2.29 

2.44 

2 54 

6 X 3 X H 

10 0 

11.08 

0.80 

2 42 

2 52 

2 57 

2 62 

2 72 

A 

8 2 

4 80 

0.85 

2 33 

2 42 

2.47 

2 52 

2 01 

4 X 3 X H 

17.1 

10.00 

0.88 

1 88 

1.08 

2.02 

2 08 

2 18 

\ 

5.8 

3 38 

0 80 

1 78 

1 87 

1.92 

1 06 

2.06 

3* X 2| X H 

12.5 

7.30 

0.69 

1 86 

1.75 

1.80 

1 86 

1 06 

1 

4 0 

2 88 

0.74 

1 58 

1 67 

1.71 

1 78 

1 86 

2J X 2 X 1 

8.8 

4 00 

0.66 

1.15 

1.25 

1.80 

1 35 

1.40 

\ 

3 62 

2 12 

0.56 

1 11 

1.20 

1.25 

1.30 

1 40 


Occasionally, single angle struts may be mused, 
particularly for light loads. The design is similar 
to the preceding discussion, except that the mini- 
mum radius of gyration is about the 3-3 axis. 
This is always less than those about the 1-1 and 
2-2 axes. For this reason, single angle compres- 
sion members arc not economical of material. Val- 
ues of the radius of gyration may be found in 
Table 8. Equal-legged angles are better adapted 
for such members, as the metal is better distributed. 

Illustrative Prob. 206c. Select a single angle strut to 
carry a compression of 20,000# for a 6'-0" length. 

6 X 12 

— = 0.58" minimum radius of gyration. 

— * 2.00 guide area. 

10,000 * 

* Baaed upon tho 11 Pocket Companion," Carnegie Stool Co. 


31 X 3} X | L * 2.48D" (wt. 8.5#/ft.). 
Try 4X4. r»-* (average) - 0.79". 

p - 16,000 - 70 X Q y 0 X 12 “ 96201/q". 


2.070" required. 


20,000 

9620 

4 X 4 X A L - 2.400" (wt. 8.2#/ft.). 


The thickness of a single angle should not be so 
small as to make the bearing value of the rivets at 
the end connection less than the value of the rivets 
in single shear. 

Some designers take into consideration whether 
one or both legs are to be fastened at the end con- 
nections.! If one leg only is attached, it is reasoned 
that the load is eccentric to some extent and some 
bending is induced in the connecting rivets. It is 
sometimes assumed on this basis of reasoning that 
only the area of the attached leg should be con- 
sidered as effective. Specifications in general are 
lax as to defining what the area of “one leg" is, 
but usually it is the area resulting from the product 
of the full width of the leg attached and its thickness. 
Such an extreme is not warranted. 

Illustrative Prob. 206d. Select an angle for the data of 
Illustrative Prob. 206c, if only one leg is assumed os effective. 

Assume 3J" leg is to be attached. r a -i (average) = 0.68". 

v 16,000 - 70 X o ^ X 12 8700#/o" allowable. 

, 20,000 „ . . 

A ■ •£— - 2.20a" required. 

— 0.05". A 3} X 3J X H L (wt. 14. 8/ /ft.) is re- 

3.5 

quired. This section is not usually carried in stock tvecause 
of its odd thickness. 

Try 5 X 3J L, 5" leg attached, r *- % (average) ™ 0.75". 

p - 10,000 - 70 X 6 X 12 0380// □" allowable. 

, 20,000 „ . 

A =* — = 2.13D required. 

9380 1 

2 — - 0.42". A 5 X 34 X A L (wt. 12.0//ft.) is required. 

5 

f Some authorities claim that if only one leg of an angle ia attached with 
three or moro rivets, about 80% of the full strength of the angle is 
developed. 
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Comparing the reflate of Illustrative Probs. 206c 
and 2O0d, it i8 obvious that there is no economy in 
attaching one leg. For this reason, both legs are 
usually connected because it is cheaper and more 
rigid. In practice, the designer seldom considers 
whether one or both legs are to be fastened, and 
designs as if both legs were to be attached. The 
assumption ithat only one leg is effective is too 
severe in the opinion of the authors. 

Prob. 900e. What i a the safe capacity of 2 'j 3) X 3| X I, 
i" back to back, on a 12MT length? 

Prob. aOOf. Select a pair of angles (long legs vertical) to 
carry a compression of 42,000# on a 10'-3" length. Use 

p - 16,000 — 70 - with - - 120 maximum. Assume gusset 
r r 

plates. 

Prob. 206g. Select a pair of angles (long legs vertical) to 
carry 76,000# compression. L - lO'-O". 

Prob. 206b. Design a single angle strut to carry 35,000# 
on a 9'-0" length. 

207. Design of Members Subjected to Combined 
Stresses. 

In special instances, a truss member may have to 
carry a distributed or concentrated load in addition 
to the direct stress induced in it by the truss action. 
This causes bending, and creates indirect stresses. 
Cases of this kind occur when the top chord of a 
truss carries the roof supporting materials directly, 
when purlins intermediate between panel points 
are used, or when the bottom chord of a truss is 
subjected to distributed ceiling loads. 

SPECIFICATION CLAUSE* 


uniform load of 300#/ft Use p - 16,000 — 70^ and maxi* 
mum ratio of slenderness - 120. Use f" gusset plates. 

Minimum r - " 0.0". 


Trial area - £££ - 4.0D", or 2.0O" for each angle. 

10,000 

Referring to Table 73, try 2 U 4 X 3- 
n-i (average) - 1,25" — controls, 
ft - 1 (average) - 1.34". 

p - 16,000 - - 9950#/o" allowable. 

1.25 


A 


40,000 
1 9950 


4.02D" required, or 2.01D" for each L. 


Axial stress requires 2 l! 4 X 3 X ft. 

For combined stress, try 2 15 4 X 3 X 

A = 2 X 3.25 = 6.50D", - - 2 X 1.9 - 3.8"* 

* c 

M - 1.2 w • IA f - 1.2 X 300 X (9.0)» - 29,200"#. 

a . M -s- - - 29,200 + 3.8 - 7,680#/n" indirect 
c 

40,000 - 6, 180#/ □" direct 

P ” 6.50 Total - 13,840#/d" 


Allowable =* 9950 X 1.25 = 12,420#/n". 

2 15 4 X 3 X 1 are not quite satisfactory. Probably two 
larger angles could be used with less weight. 

Try 2 15 5 X 3$. fi-i (average) * 1.58" 

r H (average) - 1.50" — controls. 

p - 16,000 - 70 * I?,, -- 2 - 10,950#/ □" allowable. 

l.i)U 

A = = 3.64Q" required, or 1.820" for each L- 

in nen 


Members subject to the action of both axial 
and bending stresses shall be proportioned so 
that the greatest fibre stress will not exceed the 
allowed limits in that member. 

Since two kinds of stress arc involved, the design 
must be carried forward by “ cut and try ” methods. 
The guide is to proportion a member somewhat in 
excess of that required for the axial stress and then 
to test it out for the combined stress, to determine 
whether the latter exceeds the allowable or not. 
A change in the section may then be made if re- 
quired. Many codes make allowance for the fact 
that the maximum combined stress occurs only at 
one point along the length, and then only at one 
theoretical point in the cross-section, 

SPECIFICATION CLAUSE 

The ])crmiasible working stress for members 
subjected to combined fibre stresses shall not 
exceed the usual allowable for axial stresses by 
more than 25%. 

Illustrative Prob. 207s. Proportion a member to safely 
withstand a compression of 40,000# on a 9'-0" length, and a 

* Specifications for Steel Structures — American Bridge Company. 


Axial stress requires 2 Lf 5 X 3J X A- 
For combined stress, try 2 15 5 X 3§ X f. 

A - 2 X 3.05 = 6.10O" -=2X2.3 - 4.6"* 

c 

a - 29,200 + 4.6 = 6,360#/d" indirect 

p - = 6,560#/o" direct 

6.1 

Total * 12^20#/a" 

Allowable - 10,950 X 1.25 - 13,700#/a". 

Use 215 5 X 31 X t- 

Illustrative Prob. 207b. Design a pair of angles to carry a 
tension of 38,000# and a uniform load of 200#/ft. on an 8'-0" 
length. Maximum allowable tensile stress — 16,000#/a". 

38.0 00 _ 2 .i 3 a " ne t area required. 

16.000 

Try 2 15 5 X 3 X A- Gross area * 2 X 2.40 * 4.80a" 

2 holes out * 2 X l X ft “ 0.54 

Net area — 4.26a" 

t Since a chord member is usually made continuous by more than one 
joint, the moment may be based upon partial continuity and - , in 

stead of V , may be used. 
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Direct tensile stress >« 5^29? — 8.930 #/q" 

4.26 

M - 1.2 w • L* - 1.2 X 200 X (8)* - 15,400"# 

- 2 X 1.0 - 3.8"* 


Indirect stress - 15,400 + 3.8 - 4,060 

Total - 12,990#/a" 

2l b 5 X3 X A satisfactory (wt. - 16.4#/ft.) 
Try 2 If 4 X 3 X A- Gross area - 2 X 2.09 « 4.18D'' 


2 holes out - 2 X | X A * 0.54 

- - 2 X 1.2 - 2.4"! Net area -Tfl4D" 

e 

Direct tensile stress - -I 2 ?— “ 10,470#/a" 

3.64 

Indirect stress — 15,400 + 2.4 — 6,400 

Total * 16,870#/a" 


2 if 4 X 3 X A unsatisfactory 
2 1® 4X3X} are no gain (wt. * 17.0#/ft.) 

Use 2 1® 5 X 3 X A- 


The method of design is similar when a con- 
centrated load is applied between two panel points. 
An occasional instance of this kind is when the 
roofing requires supports at a closer spacing than 
it is desirable to locate panel points, as illustrated 
in Fig. 316 (a). The member mn must be designed 
for the bending induced by the load K as well as 
for the direct stress in it. The moment may be 
based upon the component of the load perpendicular 
to the member. Thus in Fig. 316 (b), the theo- 


retical bending is M = 


PI 


and not the result 


obtained by using the load K. If the member ran 
is continuous by the joints m and n, the value of 
the moment may be reduced, say by the ratio 
When the direct stresses in the truss members are 
to be obtained, the interior loads must be included 
at the joints. Thus in Fig. 316 (a), the load at 
joint ra is 4000#, and so on. Similarly in Fig. 
316 (c), the load at p is 3000 + 6 (200) = 420t)#.f 
In occasional instances, some of the web members 
of trusses are subjected to alternate stresses due to 
different conditions of loading. 


SPECIFICATION CLAUSE* 

Members subject to alternate stresses of 
tension and compression shall be proportioned 
for the stress giving the largest section, but their 
connections shall be proportioned for the sum 
of the stresses. 




Prob. 207c. Proportion a member of two angles (1" back 
to back of angles and long logs vertical) to carry a compression 
of 28,000# on an 8'-0" length and a uniform load of 340#/ft. 

Prob. 207d. Select a pair of angles to safely withstand a 
tension of 60,000# and a uniform load of 300^/ft. on a 9'-0" 
span. 

* This is the value of the bending if the member ia considered to be 
simply supported. If it may be assumed os partially continuous, then 

8 P • l P • I 

Af ■ — X , or AT , may bo employed. 

10 4 5 

t Some engineer* add to the direot stmts obtained from the truss solu- 
tion, the component of the load parallel to the member (such as the value 
of the component parallel to the roof in Fig. 316 (6». This would be a 
value in pounds. Much refinement hardly seems necessary, and the authors 
believe suoh a procedure may be omitted. 

* Specifications for steel Structures — American Bridge Compahy. 
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DESIGN OF TRUSS DETAILS 


206. General Considerations. 

The design of the details of a steel truss is generally 
not a part of the structural engineer’s work, but is 
usually done at the office of the fabricating company. 
However, a structural designer should fully under- 
stand how such details are made, and what the 
important features of detail design of this kind are. 
He is frequently called upon to approve details 
submitted by structural companies. The impor- 
tance of the joints in a truss should not be slighted. 


Fig. 317 

for a member is limited by the strength of its con- 
nections. If a designer understands structural 
detailing, he is much less apt to call for sizes and 
arrangements which will result in awkward, or 
perhaps impossible, details. 

One of the first steps in detailing a steel truss is 
to establish the working lines. These correspond 
to the dimensions and line diagrams used in the 
design of the truss, and for which the stresses 
have been established. Figure 317 (b) shows a 


nished by the engineer. It is necessary to deter- 
mine the distances between all the working points. 
The latter are defined by the intersection of the 
working lines. The sketch in (a) represents that 
in (6) with the necessary dimensions added. 

In making a truss drawing, liberties are often 
taken with the scales. In order to show the details 
at the joints, a scale of — l'-O” is commonly 
used. If the whole truss were laid out at such a 
large scale the drawing would be too large in most 
instances. Consequently a smaller 
scale may be used for the distances 
between working points. It is of 
course more desirable to use one scale 
if possible so that a distorted idea of 
the truss is not obtained. Special 
joints may be laid out in pencil to a 
iy or 3" = l'-0" scale on a separate 
sheet, when necessary, to obtain clear- 
ances, and the like, and the scaled 
dimensions indicated on the truss 
drawing. 

On a theoretical basis, the center of 
gravity axes of all the members ought 
to be made to coincide with the 
working lines. This is impractical 
for a number of reasons. The im- 
portant one is that working lines 
should intersect in a common point 
at any joint, and that the rivets 
should be driven on these lines in 
order to avoid eccentricity of one 
member with reference to another. 
The center of gravity line of an angle 
does not correspond to the standard 
gauge line. In practically all instances, the center 
of gravity line is too near the back of the angle to 
allow rivets to be driven on it (Art. 5). For this 
reason, the gauge lines are made coincident with 
the working lines. If an angle leg permits the 
use of two standard gauge lines, the one nearer the 
center of gravity axis would naturally be used. This 
is always the gauge line nearer the back of the angle. 
This is illustrated in Fig. 318 (b). A good argu- 
ment for using gauge lines as working lines is that 
the rivets are to be driven on such gauge lines, and 


typical sketch which corresponds to the data fur- 

316 
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as the rivets really take the stress into a joint, they 
should be on the working lines. If center of gravity 
axes were used, extra labor and confusion would 
result in making drawings and templates, and in 
the fabrication. 

As suggested above, some eccentricity is probably intro- 
duced by such practice. Thus in Fig. 318 (a) t the center of 
gravity axis of a 3J X 3| X I L is 1.01" from the back, while 
the gauge line is out a distance of 21". If the stress were 
assumed to be acting on the center of gravity axis, it would 
be 1.24" eccentric about the joint. In practice, any moment 
generated by such eccentricity is neglected, and the number 
of rivets used is made sufficient to provide for this variation 
by conservative design. Where several members frame into a 
joint, the moment induced by one member may be offset by 
that caused by another. 



A detail which must be established is the relation 
of the outstanding legs of the angles to the working 
lines. The angles constituting the top and bottom 
chords naturally have their outstanding legs placed 
above and below the working lines, respectively, 



as illustrated in Fig. 319 (a). For web members, 
there is a difference in practice in this regard. If 
the outstanding legs are turned upward, as in (6), dirt 
will not collect at the lower ends of the members so 
readily. There is also less chance for corrosion 
in trusses exposed to the weather, as water will not 
be retained as much. If the outstanding legs are 
turned downward, as in (c), they make a better 


appearance, especially when looking up from under 
the truss. The latter method is recommended, 
as the joints may also be made more compact in 
many instances. 

When a member terminates at a joint, as in Fig. 
320 (a), the full stress must be developed by the 
rivets. If a member is continuous by a joint, as 
in (6), only thfe difference in the adjacent stresses 
needs to be resisted by riveting. In many cases, 
the stress to be developed at the end of a member 
may be large, so that a considerable number of 
rivets is required. If all of these were driven through 
the legs of the angles adjacent to the gusset plate, 
a large plate would be required. In order to avoid 



Fig. 320 


this, a clip angle may be used, as shown in Fig. 
321 (b). A considerable amount of plate may be 
saved, as is evident by comparing (6) with (a). 
Extremely large gusset plates mar the appearance 
of a truss, and the joint is not compact. Another 
important purpose of the clip angle, however, is 
to develop the strength of the other leg of the 
main angle. This should always be done for large 
stresses, as the load is more uniformly distributed 



throughout the gusset plate. A rule of thumb which 
may be used is that when the required number of 
rivets exceeds five in a single gauged angle, a clip 
angle should be employed. Judgment as to the 
appearance of the joint is required, of course, as the 
details are developed. 

The size of the clip angles is dependent to some 
extent upon the main angles. The outstanding legs 
of both should be of the same width so that the gauge 
lines will match. The width of the legs of the clip 
angles, adjacent to the gusset plate, should be great 
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enough to allow th# driving of rivets in them, and 
it must of course conform to a stock size of angle. 
The same number of rivets should be driven in 
each of the outstanding legs of the clip angles as 
are driven in the legs against the gusset, in order 
to realize the full strength of the clip angle* They 
are usually made to stagger with the rivets in the 
plane of the gusset. Of the number of rivets to 
place in the clip angle, the number of rivets required 
to develop the stress in a member depends upon 
the arrangement of a given joint. The aim is to 
keep the gusset plate small, the group of rivets 
compact, and to develop a “balance.” The last 
expression means that the moments of the rivets 
on each side of the center of gravity of the member 
should theoretically be equal. This is illustrated 
by a reference to Fig. 322. Assigning a rivet value 



of 1#, the moment of the clip angle rivets is 3 (1.75 
+ 1.70) = 10.45"#, and the moment of the rivets 
in the member is 4 (2.00 — 1.70) + 4 (3.75 — 1.70) 
= 9.40”#. This is a reasonably good balance. Of 
course such calculations would not usually be made 
in practice, but the spirit of balance should be carried 
out by inspection at least. A guide is to apportion 
the number of rivets according to the respective 
metal in the legs of the member. 

209. Field Joints. 

In detailing a truss, a maximum number of 
joints should be made with shop rivetB in order to 
increase the efficiency and decrease the cost (Art. 
27). Circumstances will require, however, that 
a certain number of connections be made in the 
field (field riveted joints). One consideration is 
that of the shipment of the truss from the fabricating 
shop to the building site. If the trusses are to be 
shipped by rail, the question of clearances ip t ransit 
under bridges and in tunnels must be considered. 

* The object of the gusset plate in to transfer the stress in a minor 
member to a major member. Thus the rivets at A in Fig. 321 (6) take 
■trees directly into the gusset. For those at C to be thrown into action, 
the proportionate part of the stress in the angles goes through the rivets 
at B, through the clip angles, and thence to the rivets at C. 


This naturally varies for different routes, but a 
height above the surface of a flat car of ll'-O” 
should be £he maximum unless something more 
definite is established for a given case. The depth 
of a shipping piece may be made somewhat in excess 
of this figure, as it may be loaded as illustrated in 
Fig. 323. This should not exceed a dimension of 
say 12'-6”. Many fabricating concerns develop 
tables of routing clearances. The length of the 
fiat cars (usually 40'-0”) is also an influencing factor, 
although more than one car may be used in train 
to carry a single fabri- 
cated unit. Similar data 
are necessary when ship- 
ment is to be made by 
auto trucks. When 
trusses are to be shipped 
by water, information 
relative to the dimen- 
sions of hatchways must 
be obtained. In special 
instances, trusses may 
be shipped “ knocked 

down,” that is, with j — ? ? 

each member a separate 
piece. This should be Fig 323 

avoided when possible, 
as field riveted joints are necessarily larger and more 
expensive, on account of the lesser values usually 
allowed for field rivets and the increased cost of 
driving rivets on the job. 

Other features which should be considered in the 
selection of field joints are the method of erection f 
and the capacity of the erection equipment. In 
some cases, the separate fabricated units of a truss 
arc assembled on the ground at the building site 
and then hoisted into position as a whole. It is 
more common to hoist the parts into position, 
however, support them by falsework, and then to 
rivet them into place. If the capacity of a derrick 
were 10 tons and a truss weighed 25 tons, it would 
either have to be hoisted in sections, or more than 
one derrick would have to be used. 

The object of such study as the above is to decide 
which joints must be field riveted. For ordinary 
trusses, the joint at the peak of the truss is a point 
of field connection, as well as two points in the bot- 
tom chord, preferably symmetrical about the center- 
line. This is illustrated in Fig. 324 (a). The 
member, Cl, is made separate. There are in this 
case three shipping pieces, Trlx, TrlY, and Cl. 
The peak gusset is usually riveted to Trlx. 
Figure 324 (6) and (c) shows instances for other 
types of trusses. 

t I& very special coses, the erection of other materials ahead of that of the 
trusses may influence the number of field joints. In alteration work, this 
is especially so. Some particular connections might have to bo field bolted. 
Turned bolts are usually more expensive than rough bolts for such work. 
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jhmt i 
(c) 

Fio. 324 


210. Gusset Plates. 

Where several members of a truss come together 
at a joint, it is necessary to provide a gusset plate 
which will transfer the stresses from one member to 
another. Figure 325 shows some typical instances. 
Its dimensions must be such that it will accommo- 
date the required number of rivets at a joint and 
provide sufficient edge distance for all the rivets 


used. When plates are ordered or reserved for 
gussets, the width may be shown on the drawing. 
Some fabricators, in their details, do not space the 
shop rivets with actual dimensions, but simply 
indicate the number required and the arrangement 
to scale. When the template is made, the rivets 
are accurately located by the template maker, 
using the rules for riveting dimensions for the spac- 
ings center to center, and for the edge distances. 
In other shops, every rivet is definitely tied into a 
working point by dimensions. All open holes, how- 
ever, must l>e positively defined in any event. The 
authors believe that the exact location of all shop 
rivets is an unnecessary refinement and that this 
work may be done in the template shop. 

The thickness of the gusset plates, however, 
must be established by the detailer. These are 
more or less fixed by rules of practice. There are 
two factors which influence the selection of thick- 
nesses. One is to obtain as small a plate as pos- 
sible and of a minimum weight, and the other is 
to develop the maximum efficiency of the rivets. 
If a thick plate is used, the bearing value of 
the rivet is increased so that fewer rivets are 


passing through the plate. These dimensions are needed, and consequently a smaller plate may be 



used. Nothing is gained of course in using a thick- 
ness greater than that which develops the double 
shearing strength of the rivet, except to provide 
extra shearing, or tensile, section area in the plate 
itself. The thickness never needs to be greater than 
£" less than the diameter of the rivet, to develop 
the full resistance of the rivet to double shear. 
The thickness also need never exceed the sum of 
the thicknesses of the two angles as no gain would 
result in bearing resistance (Art. 27). It is not 
always economical to use plates jis thick as the 
above requirements, however. While a thinner 
plate 1 may provide less bearing value for the rivets 
and hence have to be made larger to accommodate 
the increased number, it may weigh less and be 
cheaper. As stated before, gusset plates which arc 
too large tend to mar the appearance of a truss, 
however. 

As a result of such study, common thicknesses of 
gusset plates have been established. The usual 
values employed are ,V' and 3" for intermediate 
joints, and and for such connections as at 


Fig. 325 


the heel, peak, and splices. The thickness to be 


used is a matter of judgment, depending upon the 


seldom actually established as fixed figures, but relative sizes of the members, but it is advisable to 
are more frequently left as a part of the template keep the number of thicknesses to a minimum, 
maker's work, in which he must enclose the rivets A thickness of £" is employed when the size of the 
as shown, and provide proper edge distances for plate becomes too great, or when area is needed for 
them. The plates and rivet spaeings are shown tension or shear in the plate itself. Specifications 
to scale on the details. For purposes of estimating for minimum thicknesses of metal may also limit 
the weight of the gussets, the dimensions of a rec- the values. Gussets for lateral bracing and small 
tangular plate from which the plate may be cut are trusses may be made J" or A" thick. From a 
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theoretical standpoint, the thickness in all cases 
must be sufficient to resist the shearing and tensile 
stresses set up in the plate by the forces which the 
members connected exert. 1 " Under ordinary cir- 
cumstances, gusset plates are amply strong in shear 
and tension if the above proportions are followed. 

The shape of the gusset plate should be made as 
compact, trim, and square as possible (Fig. 326). 





211. Intermediate Joints. 

Figure 327 shows several typical intermediate 
joints in "ordinary types of steel trusses. The 
members are usually cut off square at their ends 
except in special detaik. Thus the angle in (c) 
is cut on the line AB rather than on BC, even 
though the gusset plate has to be made slightly 
larger. A clearance, as at D, should be allowed. 
This is made about j". The distance, E, is scaled 
from the truss drawing at each end of the member. 





1 - 


Fig. 326 


Fig. 327 


The plates should not be cut flush with the backs 
of web members, as shown in Fig. 326 (a), but should 
be as in (6). Square plates should be used where 
possible, as in (c). When the rivets are unbalanced 
as in ( d ) , a square plate cannot be used. The corners 
of all plates should come under the edges of the 
angles, as shown, rather than like the detail (e).f 

* See articles in Engineering News Record, August 5, 1920, pp. 241-242 
and p. 260. 

t In foreign work the custom was to cut gussets to arcs of curves tangent 
to the members joined. Tabor was cheap and material high, whieh explains 
this practioe. This sort of fabrication also produced much more sightly 
steelwork, when left exposed. 


The sum of these distances is then subtracted from 
the distance between working points to establish 
the length of the angles. The latter is given to the 
nearest and labeled ±. 

No member should be connected with less than 
two rivets. If only one were used, there would be 
a tendency of the member to rotate. The second 
rivet overcomes this, and also provides protection 
in case the other rivet is poorly driven. When 
only two or three rivets are required to develop the 
difference of the stresses either side of a joint in a 
continuous member, as in Fig. 327 (c), enough 
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jivete should be -used in practice to fill out the 
gusset. They should not exceed a 6" pitch, and 
bne should be driven near the edge of the gusset 
<j>late to supply stiffness. Thq latter distance is 
/ jisually made the standard edge distance. Enough 
rivets should be used at any point to develop a 
local load. Thus those in .Fig. 327 (a) should be 
strong enough to develop the reaction of the purlin, 
as veil as develop the difference of the stresses each 
side of the joint. In like manner, the number of 
rivets in the top or bottom chords of a truss should 
always be at least equal to the maximum number 
in any member framing into the gusset. The re- 
quired number of rivets at the end of any member is 
found by dividing the stress by the controlling value 
of the rivets (Art. 27) 

Illustrative Prob. 211a. Determine the required number 
of rivets for the joint in Fig. 32S (a). Use {" rivets and a j" 
gusset plate. Maximum shear, shop rivets, 12,000#/ 
hearing 24,000 #/d".* 

Double shear, }" rivet ■ 10,600# (Table 24). 

Bearing plate = 6,750# (Controls). 

Bearing on 2-}" If = 9,000# 

7250 

Members AD and AE — - * 1-h- Use 2 rivets. 



Fia. 328 


3 rivets may be used in AE, opposite AC, in order to keep 
a balanced gusset plate. 

Stress in AF * 70,800 
Stress in AB « 52,800 
Difference ■ 18,000 

18,000 01 , . . ., 
m 2+ 3 nvets required. 


* Some designers use a value of 80,000#/ □" for the enclosed bearing on 
the gusset plate when it is confined between two angles (Art. 27). 


More than 3 may be used on account of the sue of the 
gusset plate. 

The investigation for the tensile strength of the gusset 
plate may also be made. 

Stress difference * 18,000 

Net area required - » 1.13d" 

16,000 

1 13 

* 3.0". Reduction diameter for rivetB - J -f i 
• J" There are 2 rivets in AD. 

Height of gusset required - 3.0 + 2 X 5 * 4J". This 
height will more than be supplied in an average detail, so this 
requirement is satisfied. A critical cose occurs when a member 
carrying a relatively large stress terminates at a joint. 

Stitch rivets should always be provided in double- 
angled members between the joints, in order to 
make the two angles act together. These are illus- 
trated in Fig. 329 (a). Theoretically none are 
needed in tension members but they are generally 
used. For compression members, the spacing be- 



Fig. 329 


tween them should be such that the ratio of slender- 
ness for one angle, based upon this distance, is not 
less than the ratio of slenderness of the member as a 
whole. Under ordinary circumstances, the spacing 
so calculated is a large value and a smaller distance 
is used. In practice, rivets are placed not more 
than 2'-0" on centers in compression members, 
nor more than 3'-0" on centers in tension members. 
A washer is placed between the angles to fill the 
space between them. For double channel members, 
a bar may be used, as indicated in Fig. 329 (6). # 

Prob. 211b. Determine the required number of }" shop 
rivets for the joint shown in Fig. 328 (5). Use a A" gusset 
plate. Maximum shear for shop rivets 10,000#/ bearing 
20,000#/o". Make a detail of the joint at a scale of » 
l'-O". 

Prob. 211c. If the stress in member AD in Prob. 211 (b) 
were 31,000 #, and that in AC were 24,000#, make a detail of 
the joint. 

212. Peak Joints. 

The connection at the top of a truss at the center 
line of the span is often called a peak joint. In the 
usual case, it is a field connection (Art. 209). Here 
the controlling value of field rivets must be used for 
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the members that* are to be attached later. It is 
customary to make the details of the joint sym- 
metrical about its center line increasing the number 
of shop rivets to equal the number of field rivets 
required in the corresponding members (Art. 27). 
Figure 330 shows two typical details. In some 
instances, the gusset plhte is extended above the 
top chord to serve as a connection for the purlin, 
as in (a). Batten plates, such as A in Fig. 330 (b), 


Member ^,^^..8+. 
Member AE, ■» 3+. 


Use 9 rivets. 

Use same in AB. 
Use 4 rivets. 


Use same in AC. 

Single shear, }" field rivets » 4420# 

Bearing on L — 3760# 




24*. Use 3 rivets. 



(A) 


Fin. 330 

are occasionally used. These have no particular 
value in transferring stress but they help to stiffen 
the joint. Instead, flange batten plates, such as B f 
may be used. These are more efficient than the 
former. If a member, such as D , occurs at the 
center line to act as a sag-tie, it is connected to the 
peak gusset near the bottom as shown in (b). This 
allows room for a ridge strut connection, C, and 
saves some length in the angles, D. The required 
number of rivets is determined as previously dis- 
cussed (Art. 211). 

Illustrative Prob. 212a. Determine the required number of 
rivets for the joint in Fig. 331 (a). Use J" rivets and a 1" 
gusset plate. Maximum shear, shop rivets =* 1 2,000#/ 
bearing = 24,000#/cj". Maximum shear, field rivets * 
10,000#/ a ", bearing - 20,000#/a". 

Make details symmetrical about center line of truss, use 
field rivet values. 



Fig. 331 

Prob. 212b. Design the peak joint in Fig. 331 (6). Use 
the same working stresses as in Illustrative Prob. 21 2a. 

Prob. 212c. Make a detail at a scale of m for 
the data in Illustrative Prob. 212a. 

213. Heel Joints. 

The detail where the top and bottom chords of 
a sloped, top-chord truss come together is often 
called the heel joint. Several alternate details for 
this connection arc shown in Fig. 332, for masonry 
wall bearing. The design of these joints is similar to 
that of the others except for the special conditions 
surrounding the bearing of the trusB on its support. 
The gusset plate should have ample net section to 
resist the shearing and tensile forces exerted upon 
it.* The rivets immediately over the bearing 
plate must be strong enough to transfer the vertical 
component of the top chord stress and the end purlin 
load to the support. This force is of course equiva- 
lent to the maximum end reaction. For this reason, 
it is desirable to keep the rivets in the bottom chord 
connection symmetrical about the center-line of 
the bearing. To do so, the dimension a in Fig. 
332 (6) usually becomes larger than the available 
length of bearing provided by the wall. The 
detail shown in (b) has this disadvantage. In this 
type of joint, the gusset is extended above the top 
chord so that clip angles may be used for this mem- 
ber. These help to make the resistance more nearly 


Double shear, field rivets - 8840#. 
Bearing J" plate - 7500# 


• The end of a trust) should have a depth of at least 6" oyer the center 
line of the bearing to provide a reasonable section. 
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coincident with the center of gravity axis of the top 
chord. The outstanding legs of the bottom chord, 
however, are not developed by this detail. This 
connection is satisfactory if the wall continues up 
by it, so that the roofing does tfot come down to an 
eave at this point. 



1 * 

(f) 


Fio. 332 

Figure 332 (a) shows an alternate detail which 
may be used when the bearing length is limited. 
This is a good detail, as clip angles are used on both 
the top and bottom chord connections, thereby 
reducing the size of the gusset plate. When it is 


desirable to have a purlin connection near the end 
of the truss, the gusset may be extended, as indicated 
in (c). The detail in (d) allows a special support for 
the cornice construction. One object of extending 
the gusset plate above the top chord and below the 
bottom chord is to avoid concentrating the stresses 
from the members at the upper and lower edges of 
the gusset plate*. 

Figure 332 (e) shows a detail in which the gusset 
plate does not extend above the top chord, thereby 
allowing the end purlin to be placed where desired. 
The angles, C, are used so that the top chord may be 
stopped, as the latter, if brought down to the sup- 
port, would lack bearing area. The rivets in the 
angles, C, must develop the end reaction. With a 
fixed value of a , a single or double gauged angle will 
be needed according to the required number of 
rivets. The angles, D, are usually made of the 
same size. This detail allows good lateral bracing 
connections at the plane X-X. In all details, 
angles should never be brought to a “ feather edge," 
but should be cut as shown at Y . 

Another alternate detail is shown in Fig. 332 (/). 
The working point is at A while the center of bearing 
is at B . This introduces eccentricity, which is not 
desirable, because secondary stresses are developed 
in the joint. Such a joint may be avoided when the 
truss rests upon a wall, but is quite common when 
the truss frames into a column. The distance, e, 
should be kept as small as possible, as the bending 
moment induced varies directly with it. It is 
often made so that a clearance is maintained 
between the top and bottom chord angles. It 
should, however, lx, established so that the dis- 
tance center to center of bearings is not an odd 
dimension. The first panel length must be adjusted 
to conform with the other dimensions. The total 
number of rivets must be increased from the usual 
required number to provide for the indirect, as well 
as the direct, stresses. The following relations may 
be used for this purpose: 

ri 2 • r — R • n = — — (Bottom Chord), and 

V 

n 2 • r — 5 - n = - 1 (Top Chord), in which 

V 

n = the total number of rivets required in the 
connection of each member, respectively, 
r = the maximum allowable value for the rivets, 
R = the maximum end reaction, 
p = the pitch of the rivets, in inches, and 
S = the stress in the top chord. 

These equations are quadratics and may be solved 
by “ completing the square," to obtain n in each 
case. A common value for the pitch of the rivets, 
p, is 3". 
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Illustrative Prob. Sltft. Determine the necessary number 
of rivets for the Joint shown in Fig. 332 (6). Use 10,000#/o" 
shear and 20,000#/a" bearing for 1" rivets, and a J" gusset 
plate. 

Tap chard , stress * 73,000# 

Double shear, \" snop rivet ■* 8840# 

Bearing on 1" plate ** 7500# 



Fig. 333 


Bottom chord , stress * 64,000#. 
^ = 8+. Try 11. 


Force due to BC stress ■* 

7 rivets over bearing plate. 
Reaction = 31,000#. 

31,000 AAO(\Jl ...a • 


5820# (horizontal) 
(on each rivet). 


— y— “ 4420# (on each rivet over bearing). 

Combined stress, as illustrated = 7260# 

Allowable = 7500# 

Use 11 rivets as shown. 


The above computations are a matter of 11 cut and try ” 
to arrive at a correct number. In practice, calculations arc 
made to show that a selected number of rivets is satisfactory. 

Illustrative Prob. 218b. Are the rivets in the angles 
“ K ” in Fig. 332 (a) sufficient if the end reaction is 35,000#? 
Use rivets and the allowable values in the above illustration. 


Controlling values of rivets * 7500# (see above). 

5 X 7500 « 37, 500# 1 nw 
End reaction - 35,000# J 


Illustrative Pfob. 218c. Determine how many rivets are 
required in Fig. 332 (f) if S - 50,000#, R ~ 25,000#, T » 
43,000#, c - 14", and c, - 7*". Use shop rivets, |" 
gusset plate, 12,000#/n" shear, and 24,000 #/d" bearing. 
Assume 3" pitch of rivets. 

Double shear, }" shop rivet « 14,430# 

Bearing, i" plate * 13,130# (Controls) 

Bottom Chord 

nt-r — R*n 

n* (13,130) - 25,000 (n) - 6 _ X 25,000 X 14 

3 

13,130 n» - 25,000 » - 700,000 
n> - 1.9 n = 53.2 

»* - 1.9 n + (0.95)* - 53.2 + (0.95)* 

(n - 0.95)* = 54.1 
n - 0.95 = ±v / 54.l = ±7.4 
= 7.4 -f 0.95 - 8.35 or 9 rivets. 

Top Chord 

n* . r - S ■ n = 

w* (13,130) - 50,000 w = - X 5 °’ <K ^ > X 7 5 

»* - 3.8 n = 57 
n* - 3.8 n + (1.9)* - 57 

« - 1.9 = ±7.8 

ft - 7.8 + 1.9 = 9.7 or 10 rivets. 


ft 2 • r — S • w 


w 2 (13,130) - 50,000 ft 


When trusses frame into columns, details similar to 
those shown in Fig. 333 may be used. The same 
principles of design apply as previously explained. 
The exact details must, 
of course, conform to 
the type and size of the 
supporting columns. 

When the column is 
continuous by the end 
of the truss, details 
similar to those dis- 
cussed for the supports 
of plate girders (Art. 

82) under similar cir- 
cumstances may be 
used. The trusses in 
such cases are often 
parallel-chordcd frames, 
so that end connection 
angles, or standard seat 
angle and stiffener de- 
tails, may be used. 

Similar details may be employed for trusses with 
sloped chords. Figure 334 illustrates the general 
nature of such framing. The design of end con- 
nection angles is similar to that for beam connec- 
tions (Art. 29). That of seat angles becomes a 
part of the column detail design (see Index). 
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Frofe'SlSd. Determine the required number of rivets for 
the heel joint in Fig. 336 (a). Use 12,000#/p" shear, and 
24,000#/a" bearing for }" rivets and a f" gusset plate. Use 
a detail similar to Fig. 333 (a) and make a sketch of the joint 
at a scale of f" - l'-O". 

Prob. 218e. Repeat Prob. 213d for the heel joint shown 
in Fig. 336 (6). 




Fin. 335 

214. Splices. 

In the usual truss, the lengths of the chord mem- 
bers are such that intermediate splices are unneces- 
sary. The stresses in successive panels vary. Econ- 
omy dictates whether to make a chord member one 
size over its full length and omit splices, or to change 
the size at some intermediate panel point and de- 
velop the full stresses at each side of the joint. 
Under ordinary circumstances, the material which 
might be saved by the latter is offset by the extra 
fabrication required, so that it is customary to use 
one size of chord member from the end of the truss 
to a field connection. Thus the necessary splicing 
usually occurs at the field joints only. 

Figure 33b shows details for such splices. The 
connection should be located so that a gusset plate 
may be used for the splice. It should have sufficient 
net section to resist the maximum stress acting in it. 
The number of rivets on each side of the sphere line 
must be sufficient to develop the respective stresses 
in the members. A bottom batten plate, such as 
A in Fig. 330 (a), should be used, as it helps *to 
stiffen the splice. Its more important function, 
however, is to develop the outstanding legs of the 
angles spliced. In this way, fewer rivets need be 
driven in the legs of the angles adjacent to the 
gusset plate, and this plate may be made smaller. 
Tlie batten plates take the place of clip angles, 
which, if used, would produce awkward details for 
chord connections. The pair of holes adjacent to 
the splice line on the shop riveted side, as “ B ” 
in Fig. 336 (6), is generally left open to allow ad- 
justment during erection. A batten plate is not 
of much use, however, when the members to be 
spliced change direction, as illustrated in (c). In 
some instances, small, vertical, batten plates are used 
iu addition, as shown in (6) and (c). These must be 
“ bolted to ship ” (B.T.S.), as they are attached 
after the other rivets are driven. They provide 


) 

additional lateral resistance to the splice. In all 
cases, a plan view of the splice should always be 
shown 9 as illustrated, in order to fully locate all 
open holes. 



The proportion of the stress which is to be carried 
through the splice of the horizontal legs is more or 
less arbitrarily decided. A good rule of thumb is to 
divide the total number of rivets required in pro- 
portion to the sectional area in each leg of the angle 
to be spliced. 
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Some designers provide for any bending stresses induced in 
a gusset plate of an unusual size. In most cases, the center 
of gravity of the guasist plate does not coincide with the work- 
ing point of the joint* The forces on either side of the splice 
tend to rotate about the centroid of the plate. The larger 
pair of forces will produce the greater bending stress. In 
Fig. 336 (e), let Fi and F% represent the stresses in the members 
to the left of a splice, llien the resultant moment is 

M - Fi • xi - F a • Xt. 


The maximum tension may then be calculated by applying 
M • c 

8 « — — , in which / is the moment of inertia of the cross- 


section of the gusset plate tlirough its center of gravity. 
This stress may be added to the direct tension in the plate. 
The combined stress should of course not exceed the allowable. 


Illustrative Prob. 214a. Check the arrangement of rivets 
shown for the joint in Fig. 336 (c). Use J'.' rivets and u J" 
gusset plate. Use the following maximum allowable stresses: 

Shear — shop rivets, 12,000#/n"; field rivets, 10,000#/n". 
Bearing — shop rivets, 24,000#/ field rivets, 20,000#/a". 
Tension on net section, 16,000#/u". 

Double shear, j" shop rivet — 10,600# 

Bearing, plate = 6,750# 

Members RF1 and HF, * 3-K Use 4 rivets. 

67o0 

Meml)er HI) 

Double shear, J" field rivet =* 8840# 

Bearing, 8" plate - 5630# 

“rftTfT ■ #+• Uhr 10 nvcts - 


Since the memljcr is of equal legged L? , i of 10 rivets should 
Ikj in each set of legs. For practical reasons, use 4 in vertical 
legs and 6 in horizontal legs, as shown. 

Member BC. Two field rivets in each leg should be the 
minimum to accommodate the plate O and allow adjustment in 
the field for the [date II so that the member HI) can be slid 
into place. 

4 field rivets @ 5630 = 22,500# 

73,500 - 22,500 = 51,000# 


51, 000 
6750 


7 shop rivets req’d in addition. 


Use «S shop rivets. 
4 field rivets. 


The batten [dates, (7, are used to provide lateral stiffness. 
In Fig. 330 (c), suppose X\ - 5" and x 2 = 2J", gusset plate 
17" deep, and c = 8". 


M = 73,500 X 5 - 26,000 X 2} - 303,000"# 
/ ^ 17)* _ 15<)//4 


12 

303,000 X H 
159 


15,200#/ci" 


Tension on net. section of gusset 


73,500 
17 X 0.375 


lt,500#/a" 


Combined stress = 26,700#/n" (excessive) 

A gusset should be used. 


In practice, this latter calculation is not usually made, and 
a reasonably heavy gusset plate is used arbitrarily. 


Prob. 214b. Design and detail at a scale of J" * i'-0", 
the joint in Fig. 337 (a). Use working stresses given in Illus- 


trative Prob. 214a. Members AB and AC are to m 
connected. 

Prob. 214c. Determine the required number of rive 
the splice nfeterial necessary for the joint shown in Fig. 3 
Member XY is to be field connected. Use the custi 
allowable stresses. 




215. Bearing at Wall Supports. 

When a roof truss rests upon a wall, the maxi- 
mum end reaction must be provided for by a bear- 
ing area sufficiently large so that the allowable 
bearing value of the masonry is not exceeded. 
This is usually done with a sole plate, riveted to 
the end of the truss, as illustrated in Fig. 338. 



This helps to distribute the load in the bottom chord 
angles over the bearing in a more uniform manner. 
The sole plate, in turn, rests upon a bearing plate, 
placed in the wall. The widths of these plates 
should not be less than that of the bottom chord 
angles of the truss, and they should, preferably, not 
project more than 3" or 4" either side of the angles- 
Provision for anchor bolt holes is often necessary. 
The steps in the design to determine the sizes of 
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are similar to those required for bearing 
I' for steel beams (Art. 15). 

Illustrative Pvob. 315a. Determine an arrangement at 
the bearing of a trass on a 16" brick ,wall if the maximum end 
reaction is 38,000#. Maximum allowable bearing pressure * 
200#/d". Bottom chord angles 6" X 4" X f ", J" gusset 
plate. 

Area required - “ 1900" 

Available bearing length « 16 — 4 - 12" 

100 

Width required - — - 15+. Use 16" width. 

12 

Actual pressure - - 197#/a" 

Try S" sole plate. 

Calculate bending moment at A in Fig. 339, the toe of the 
fillet of the angle. 

M a - — * (0 - - 7g -l * - 4630"# (For a 1" strip). 



I * the length of the truss in inches, and 
T <= the total temperature range selected, in 
degrees Fahrenheit. 

Thus for a 10'-0" length, and a change of 150° F., 
e m 0.0000065 X 10 X 12 (150) « 0.117". Based 
upon similar calculations, a rule of thumb sometimes 
used is to allow for every lO'-O" of span. 

For spans up to 80'-0", the “sliding plate” 
detail, or in other words, the sole plate resting upon 
the bearing plate, as illustrated in Fig. 340, is usually 



The sole plate is assumed to lie riveted to the angles with a 
suflicient number of rivets so that their combined thickness 
may be counted upon as one. 

A/ f of 1" thickness = 1 X (l) * = 2 660"# 

Moment, to lie carried l>v bearing plate = 4630 — 2660 — 
1970"# 

1970 _ X - L . * ! 1 t = 0 . 86 ". 

6 

Use » 12 X ! X l'-4" bearing plate. 

A \" sole plate and a J" tearing plate might also t>c used. 
The thickness of the sole plate is limited to the diameter of the 
rivets to obtain easy punching (Art. 23). If the bearing plate 
thickness exceeds 1}"> a rolled Htecl slab or a grillage would 
have to be used (see Index). Several combinations may be 
used for ordinary cases, but the metal should lie “ balanced," 
that is, the thicknesses should be somewhere near alike. For 
light reactions, no bearing plate may be theoretically re- 
quired, but a }" plate should always be used, as a minimum 
requirement. 

When large trusses are subjected to large temper- 
ature variations, there is a considerable change in 
length. This may be calculated, approximately, 
by applying the formula 

e = k • l • T, in which 
e = the total change in length, in inches, 
k *= the coefficient of expansion of steel per 
degree Fahrenheit = 0.0000066, 


sufficient. When anchor bolts are to be used, the 
holes for them may be slotted, as shown. The 
length, c, should be made at least to conform with 
the above rule. Holes for anchor bolts are commonly 
made greater than the diameter of the bolts. 
This allows adjustment of the bolts to the truss 
when it is erected, — the bolts having been pre- 
viously set in place by the mason. The length, x 9 
in Fig. 340, is then 2 c + h. This should be dimen- 
sioned to the nearest \ f \ The expansion end of a 
truss is also an aid, if horizontal thrust is exerted. 
This is an actual provision corresponding with the 
theoretical assumption made, — that one end is “ on 
rollers ” (Art. 187). When no anchor Indts are 
used, the horizontal end reaction (when one occurs) 
should not exceed a value of the vertical reaction 
times the coefficient of friction at the plane of sup- 
port. The value of the latter for steel resting upon 
steel is about 0.16. If the horizontal component 
is larger than the sliding resistance, the shearing 
value of the anchor bolts must l>c considered. 

For very large trusses, where the spans exceed 
100'4}", which are rather large for building work, 
flat plates are not very efficient, and some form of 
rollers, or a rocker, may be used.* When both ends 

* In some cases, it is possible that wind shear may nearly all come upon 
one wall, due to unequal bending in anchor bolts or due to temperature 
movements. For large spans, rollers are an advantage in relieving such 
action. 
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of a large truss are fixed, the truss ^nay also be 
pivoted at the apex* The strength of roller bearings 
has never been very conclusively determined. The 
following empirical formulas were established some 
time ago at Cornell University: 

p = 1200 VU 9 and 

p 

I s * — , in which 
V 

p =* the allowable load in # per lineal inch of 
roller, 

D = the diameter of the roller in inches, 

P * the total load to be carried, in #, and 
l = the length of the roller in inches. 

A typical detail is illustrated in Fig. 341. The 
formulas are based upon the assumption that the 
load is uniformly distributed over the lengths of 
the rollers, and upon a factor of safety of 5, if the 
plate is of cast material; or 3, if the plate is of steel. 
The elastic limit of the material is considered as the 



governing ultimate strength. Some designers pre- 
fer to use a higher factor of safety and employ the 
formula p = 600 V />, to protect against defects, 
poor workmanship, and conditions of uneven bear- 
ing. The first formula is recommended as being 
reasonably conservative for use. The length of 
the rollers is determined by the width of the plate 
parallel to the wall, and the number of rollers, by 
the available bearing length. The diameter of the 
rollers will be fixed by the implied conditions. It 
is obvious that there is considerable “ cut and try ” 
to slich a design. 


Illustrative Prob. 216b. Determine an arrangement of 
roller bearings for an end reaction of 86,000#, if the maximum 
allowable bearing on the masonry is 300#/ Wall bearing 
- 16". 

Try 3" rollers. j> = 1200V2 - 1700#/inch. 

Area required for bearing plate * = 2860" 


86,000 

1700 

51 


18 


51" 


2.8 



Use 18". 


Use 3-2 "4» rollers — 18" long. 


These may be placed transversely in the 16" bearing length 
easily. 


For very heavy trusses, a bearing of the swinging 
arm type, or rocker, may be used, as illustrated in 
Fig. 342. , A trunnion is used at A, which is cupped 
to prevent too much rotation. Rollers are placed 
under the bearing plate J3. An advantage of an 
end detail of this kind is that deflection of the truss 
will not cause an unequal pressure on the bearing 
and a consequent overload on the rollers, if used 
under the bearing. 



Anchor bolts arc sometimes used at the ends of 
trusses. They arc theoretically required when 
there is an uplift exerted at the support, due to wind 
loading, or other causes. In this case, the re- 
quired diameter at the root of the threads may be 
computed, based upon an allowable tensile stress 
of 16,000 #/q". Anchor bolts are often employed 
when no uplift is probable, their size being arbitrarily 
made 1"4>. The holes arc usually made v y' greater 
than the diameter of the bolts, to allow adjustment 
as illustrated in Fig. 340. They should extend 
a sufficient distance below the seating plane of the 
truss to engage a reasonable amount of masonry. 
A value of 2'-0" is commonly used. Plate washers 
should be used at their lower ends to develop the 
tension in the bolts, as illustrated in Fig. 344. 

*Prob. 216c. Determine an arrangement at the bearing 
of a truss on a brick wall if the maximum end reaction - 
34,000#. Maximum allowable bearing pressure * 250 #/d" 
and wall Insuring = 8". Bottom chord angles 5 X 3J X i 
and S" gusset plate. 

Prob. 216d. Arrange a bearing for the heel of the truss 
shown in Fig. 335 (a) if the wall bearing is 10" on a concrete 
wall (p = 500#/n"). 1" gusset plate. 

Prob. 216e. What size of slotted holes should be used in 
Prob. 215c if the anchor bolts are to be 1"$ and the span of 
the truss is 80'-0"? Use a temixsrature range of 120°. How 
does the rule of thumb compare with the theoretical values? 

Prob. 216f. If a horizontal thrust of 11,000# is exerted at 
the end of a truss bearing on a sliding plate, with no anchor 
bolts used, and the maximum end reaction is 51,000#, is the 
detail satisfactory? If not, what size of anchor bolts would 
be theoretically required? 

Prob. 216g. Determine an arrangement for roller bearings 
for an end reaction of 112,000# if the maximum allowable 
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tearing pressure on the masonry is 250#/n". Wall hearing 
length — lh". 

Prob. 216h. What size of anchor bolts (use tw©) ¥ iB 
theoretically required if a truss is subjected to an uplift of 
21,000#? What practical size 
should be used? What sized 
teles should be provided for 
them? What size of plate 
washer is required if the allow- 
able pressure on the masonry is 

aoo#/a w ? 

216. Purlin Connections. 

Rolled structural steel 
channel sections are most 
commonly used for the 
purlins in steel-framed 
roofs. They are more 
readily attached to the 
trusses, and also allow the convenient use of nailing 

* Courtesy of the Eastern Bridge and Structure! Co. 



strips. While channels are less resistant to lateral 
bending than some of the other structural shapes, 
usually the details of the roof construction are 
made to offset this tendency by introducing 
tic-rods. The design of such members has already 
been discussed (Art. 170). The purlins usually 
receive only onc-half a panel load at the ridge and 
at the eaves. In order to maintain a uniform roof 
surface, the depth is kept the same as the interme- 
diate purlins, although they may be of a lighter 
weight. If tic-rods are used, the purlins at the 
ridge must develop the normal components of the 
stresses in the tie-rods. Sometimes the purlins are 
used as struts in a bracing system (Art. 198), in 
which case they should be liberally designed. The 
channels are more effective if they are faced with 
the flanges up the slope of a roof. In this way, the 
clip connection angles are down the slope, acting as 
a shelf support. Occasionally, the channels are 
reversed if spiking pieces are to be used. 
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Figure 345 illustrates several types of purlin 
connections. These are usually bolted in the 
erection, so that the connection angles are usu- 
ally “ bolted complete ” to the truss when it is 
shipped, — that is, the angles are bolted to the 
trusses, and the purlins are shipping pieces with 
open holes only. One bolt hole, K, is ordinarily 
provided in the upstanding leg of the clip angle for 
each connection. Two should be provided if the 



Fig. 345 


purlin is to serve as a strut also. Large purlins 
(10" and 12" channels) are usually connected with 
bolts through the flanges also, such as those at C 
in (a). The leg of the clip angle bearing against 
the web of the purlin should be long enough to 
reach well up and give the purlin as much web 
support as possible (usually 5" or 6" legs are used). 
Two-bolt connections are commonly made as shown 
by B in Fig. 345 (a). The purlins receive some shear 
from the component of their load, tending to slide 
them down the roof. The bolts connecting the angle 
to the truss must have sufficient sectional area to 
resist this shear. Spiking pieces may be bolted to the 
channels, as illustrated, when plank roofs are used. 

Figure 345 (b) shows a detail which may be em- 


ployed when wood purlins are used. Angle purlins 
are often supported as shown in (c). The angle 
possesses ^grpater stiffness when the outstanding leg 
is turned up the slope. T-purlins usually may be 
connected directly, as illustrated in (d) and (e). 
Z-bars are commonly fastened in a similar manner, 
as shown in (/). A splice plate may be used, such as 
D , or a clip angle, may be employed, as is* shown 
dotted. The Z-bar should not be turned as in- 
dicated in (g). 

I beams are sometimes used as purlins when the 
spans are long, or when a greater resistance to 
lateral bending than a channel will supply is re- 
quired. They are usually connected directly to the 
top chord, as illustrated in Fig. 345 (h). A splice 
plate, E } may be used, if necessary. If it is desired 
to keep the purlin in the plane of the top chord, 
standard connection angles (Art. 28) arc used by 
supplying fillers at F in (i), placed on top of the 
gusset plate. In monitor framing, and so on, the 
purlins are often framed into a vertical web member, 
as illustrated in (j). 

Prob. 216a. If the inclination of the top chord in Fig. 
345 (a) is 30° with the horizontal, and the vertical end reac- 
tion of the purlin is 8000#, is a one-bolt field connection 
sufficient? Use 8000#/a" shear for bolts and 16,000#/a" 
bearing. 

217. Bracing Details. 

The general discussion of the purposes and types 
of truss bracing has already been given (Art. 198). 
This is usually effected in structural steel work by 
angles or by rods. The former are more commonly 
used in ordinary roofs, as they are more rigid and 
require simpler connections. Rods, however, offer 
less surface to corrosion and arc used considerably 
in mill buildings (Chap. 30). In the latter tyj)e 
of structure, wind stresses in a roof may be approxi- 
mately computed, but in other kinds of roofs, 
the provision of wind bracing is largely a matter of 
good engineering judgment, and less is required in 
the usual roof because the roof carrying materials 
supply considerable stiffness in themselves. Brac- 
ing is of course also useful in resisting vibration 
and stresses due to erection. Experience has shown 
that certain minimum sized angles are usually 
sufficient and provide reasonable connections. Top 
chord bracing is often made of 3 X 3 X A angles. 
Bottom chord bracing may be lighter, and 3 X 2 X 
A angles are common. Ordinary bracing points are 
at the center line and at the quarter points of the 
span. 

Fabricating companies usually plan to introduce 
some initial tension in the bracing members by 
making the distance center to center of end holes 
£" less than the theoretical distance, A" of this 
to take up any play and the other f*" to introduce 
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the initial tension. Figure 346 illustrates typical 
bracing details. The number of field rivets used is 
commonly made sufficient to develop the net section 
of the angle at the working Btress, say 16,000#/o". 
The necessary gusset plates are planned to accommo- 


ber is valuably as a truss may be assembled on the 
ground and raised into position by a locomotive 
crane or gin pole, using the hanger as a hitch. 
This throws the bottom chord of the truss tem- 
porarily into compression. Workmen may also 
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Fig. 346 


date the rivets in the usual manner. For light work, 
\" plates are employed, and in heavier framing, 
plates are used. The latter provide a bettor rivet 
resistance in bearing. 

A member is commonly used at the vertical center- 
line of a truss for practical reasons, even if it is not 
theoretically required. This is often called a sag tie, 
as it prevents the bottom chord from excessive de- 
flection. From an erection standpoint, this mem- 


attach a block and tackle to the truss after it is 
in place for purposes of erecting other work. 

When the purlins at the peak of a truss do not 
offer sufficient bracing resistance, or a monitor or 
other similar construction occurs, a ridge strut 
may be used. This consists of a pair of angles 
framing between the trusses at the peaks in the 
braced bays (Fig. 330 (6)), and a single angle in the 
intermediate unbraced bays. 



In grandstands, sheds, railway stations, and so 
on, portions of the trusses are sometimes projected 
beyond the supports. Such trusses are commonly 
called cantilever trusses. Figure 347 shows dia- 
grams of some of the types. The projecting arms 
should usually be confined £ to £ of the anchor spans. 




The common procedure in determining the stresses 
may be employed (Chap. 15) although a careful 
check-up of the analysis should be made. The 
stresses in the projecting portions are reversed from 
those in typical trusses with a simple span, — 
tension occurring in the top chord, and compression 
in .the bottom chord, which is characteristic of the 
cantilever. Typical diagrams are given in Fig. 348, 
which show the general application. Care should 
be used in analyzing the uplift on interior columns. 

Prob. 218a. Lay out the truss shown in Fig. 348 (a) to 
a larger scale and obtain the values and kinds of stresses in 
all the members. Height of truss - lO'-O". 

Prob. 218b. Repeat Prob. 218a for Fig. 348 (e). In- 
clination of top chord » 30°. 

219. Trusses for Supporting Floor Loads. 

Occasionally, trusses are used to carry a super- 
structure over a large opening underneath it. An 
instance of this kind occurs when a large floor space 
is desired in the first story, such as for lobbies and 
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the like, and the upper stories are subdivided for 
offices or apartments. In this case, the trusB is 
made as deep as the second story height so that the 
second and third floor frames coincide with the 
bottom and top chords respectively. Door open- 
ings and the like may be planned to occur between 
the diagonals of the web system. A truss of the 
Pratt type, as shown in Fig. 349 is usually em- 
ployed for such work, with parallel top and 
bottom chords. Figure 350 shows an applica- 
tion of a truss for supporting several floors. 

220. Sawtooth Trusses. 

^ In certain types of mill construction, a saw- 
tooth roof, similar to that illustrated in Fig. 
351, offers features which are considered to be 
advantageous. The important gain is an 
abundance of uniformly diffused light. Other 
advantages are the available headroom and 
^ the economy in lighting charges. Some dis- 
advantages are the possibilities of excessive 
condensation under the roof, poor ventilation, 
leaks, and excessive heat. Proper details and 
careful workmanship must be insisted upon to 
eliminate the above disadvantages. The cost of 
such construction exceeds that for flat roofs, as the 
amount of ordinary roofing is practically the same, 
and the glazing, gutters, and such details, are addi- 
tional in the sawtooth roof. The advantages gained 
very often warrant its use, however. 

The usual plan is to avoid the direct sunlight by 
placing the steep pitch planes toward the north. 
The glass is set an angle of about 20° with the vertical 
in order to obtain the brighter light of the upper sky 
and to prevent cutting off the light from the other 
sawteeth. Such an angle also assures a uniform 
diffusion of light over the floor below. Double 
glazing is preferred but not necessary. This pro- 
vides a space between the layers of glass to offset 
the conductance of heat and hence eliminates some 
of the condensation. The glass should be of the 
factory ribbed type with the ribs placed vertical 
and facing in. The first provision eliminates the 
glare of the light and the second minimizes the 
effects of the shadows cast by the adjacent saw- 
tooth. A wire netting is commonly placed under 
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the sash to prevent any broken glass trom falling 
on to the floor be&w. Condensation gutters with 
inside conductors are placed under the truss in the 
interior. The conductors should not be led to the 
outside under the sash, as this leaves openings to 
admit cold air and is likely to cause trouble in 
freezing weather. The portion of the roof between 
the sawteeth is drained by providing valleys 14" 
to 20" wide, pitched about §" per foot to conductors 
placed about 50'-0" apart. 




For small roofs, 3" plank is used as the roof 
supporting material. Interior sheathing, if used at 
all, should be placed directly under the plank, with 
no concealed air spaces. Figure 351 illustrates the 
common weh system used. The design of the trusses 
is similar to that previously discussed. 

221. Composite Trusses. 

Roof trusses made with the top chord of timber, the tension 
members of steel bars, and the web compression pieces of 
timber or of structural shapes, were employed to some extent 
in former practice, but in modern construction, their use is 


practically dtodntiniied, because trusses completely of 
structural steel are more economical and more desirable. 
Hoover, occasional instances might make the use of such a 
composite tiuss advantageous. They are usually of the 
scissors, Howe, br Fink types (Art. 182). Some advantages 
claimed for such trusses over wood trusses are that less 
shadows are cast, there is less chance for accumulation of 
dirt, less obstruction of light, and that the joints are simpler. 
Figure 352 shows some typical details. 

The strut connections are similar to those used for wood 
trusses ( Book I ) . The tension members may be pin-connected 
(by special castings or directly to the timber). They may be 
made with nuts either in square bearing, or by the uso 
of special castings or beveled washers, as illustrated 
in Fig. 353 (a). When a truss is to be pin-connected, 
nuts cannot be used and a devise usually is employed, 
as shown in ( c ) and (e). For small diameter pins, 
the forks may be straight. For pins of large diameter, 
the forks should be closed in so as not to overstrain 
the pin. Sometimes rods are looped by bending and 
welding the ends to the main length, as Bhown in Fig. 
353 ( c ). It is almost impossible to connect light steel 
tension members to timber securely without allowing 
some small movement. Consequently, tumbuckles, or 
sleeve nuts, as shown in (d), may be used intermedi- 
ately in the members to allow adjustment. Right and 
left threads must be used as shown, so that the nut or 
turnbuckle will tighten both bars, or a swivel may be 
employed. 

222. Arched Trusses. 

An arched truss is one which has the general 
shape of an arch, but which may be analyzed 
by the usual procedure common for trusses. 
Rollers are used at one end, as for any large 
truss, to allow horizontal motion. For large 
open roofs, such as in train sheds or audito- 
riums, arched trusses are often used, as they 
are economical and offer a pleasing appearance. 
A greater clear center height is possible and 
erection costs arc less, as less scaffolding is re- 
quired. Such trusses arc adaptable to curved 
roofs, as no economy would be served for 
straight pitched roofs, because uprights would 
have to be built up to support the purlins in 
the latter. 

The principal compression members follow the 
greatest lines of stress and hence the bracing 
members are light. If the joints of the top 
chord were in the line of a true parabola with 
the lower ends connected by a tie, and uni- 
formly loaded, there would be no stress in the web 
system, theoretically. However, loads are seldom 
uniform, and web members are of course necessary. 
Arched trusses are satisfactory up to l(X)'-0" spans, 
but for spans in excess of this figure, some type of 
trussed arch, usually thrcc-hinged (Art. 224), is 
more economical and desirable, as contraction and 
expansion are more readily provided for. 

Figure 354 (a) shows a crescent or bowstring 
truss. In this type, for spans less than 75'-0", the 
uprights are usually radial. For greater spans, they 
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are' commonly made vertical. These trusses are 
generally built on the arcs of circles; the radius 
varying from j to $ of the span, and the depth of 
the truss at the center line is often made equal to 
one-half of the radius. It is theoretically not a 
simple truss nor a true arch, but the stresses are 
sufficiently correct when obtained by the usual 
truss analysis. Figure 354 ( b ) is a real arched truss 
and in reality is a series of segmental arched ribs. 
The type in (c) is called a quadrangular truss. It 
is really two trussed rafters held together by a tie- 
beam. Figure 354 ( d ) and (e) shows other varia- 


The first of these is the simplest to analyze and is 
the most commonly employed. The two-hinged 
arch has some special advantages and is occasionally 
used. The third type has no hinges and is seldom 
employed in the form of a truss for structures. 
The nearest approach would be a plate girder bent 



M 



Fig. 353 


Fig. 354 


ports for intermediate purlins. The members in 
all arched trusses are usually made straight between 
joints. This reduces the cost of fabrication, and 
avoids complicated stress analyses, for when curved 
members arc used, their axes are not* coincident with 
the action of the forces and the members tend to 
deform, thereby inducing secondary stresses. 

223. Trussed Arches. 

There are three types of trussed arches, namely, 

(1) the three-hinged, 

(2) the two-hinged, and 

(3) the fixed. 


to the form of an arch. It is very complex to analyze 
and is similar to that of an arch with solid ribs built 
of masonry. 

224. Three-Hinged Arches. 

For buildings such as armories, exhibition halls, 
auditoriums, train sheds and the like, where large 
open spaces are desirable, three-hinged arches are 
economical. No interior columns are required. 
Good resistance to wind pressure is also obtained. 
The three-hinged arch is advisable where tempera- 
ture variations are concerned, as the center is free 
to rise and fall. Figure 355 shows an outline of a 
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typical arch of this -kind, the hinges occurring at 
x f y and 2 . In some cases, the arch is surmounted 
by a lantern. The a£ch is composed of two separate 
parts, each a form of semi-circular arch, and acting 
as an individual unit. Each depends upon the 
opposing force from the other to maintain the equi- 
librium of the system. 

In general, the usual principles of truss analysis 
are sufficient to determine the stresses, — at least 
accurately enough for practice. As in any truss 
solution, the first step is to obtain the reactions. 
Since the structure is an arch, the reactions are 


In a graphical solution for the reactions, an equilibrium 
polygon permits only the determination of three unknowns. 
The forces must act through the hinges, however. Hence 
the theory of ^passing an equilibrium polygon through three 
given points may be used. A reference to Fig. 367 will show 
this method. Lay off the load line, bd, select any pole, P, 
and draw the rays Pb, Pc, and Pd . The next step is to find 
a trial closing line. Starting from point x in the space dia- 
gram, draw xk parallel to Pb in the space B, then Id in the 
space C parallel to Pc, and Is in the space D parallel to Pd. 
Then xs is the trial closing line. Draw PF parallel to xs, 
in the force polygon. It is known that the final closing line 
is xz if the equilibrium polygon is to pass through the three 
hinges. A truth in graphic statics is that pole distances are 



inclined. This means that there are four unknowns, 
namely, the amounts and directions of the hori- 
zontal' and vertical components of Ri and R 2 , respec- 
tively. Referring to Fig. 356, the values of Vi 
and V 2 may be obtained by considering the structure 
as a whole and taking moments about A and C in 
turn. By considering each half of the arch sepa- 
rately and taking moments about B in each case, 
H i and // 2 may be determined. When these four 
values are known, Ri and R 2 may be established by 
combining the respective components. If L\ and 
Li are equal, as in the usual case, and the arch is 
symmetrically loaded, the calculations are of course 
simplified, as H y = H 2} and Fi = V 2 = one-half 
the load. The horizontal thrust around the arch 
is constant. 


inversely proportional to the corresponding intercepts in 
the funicular polygons, for parallel forces. Then 


The value of y and ?/i may be scaled from the space diagram, 
and H may be scaled from the force diagram. When H\ is 
known, lay its value off as indicated. Draw FN parallel 
to xz, and join AT with h and d. Then R\ - Nb and Rz = 
Nd, to scale. The vertical and horizontal components of 
R\ and Rz may then be determined. 

When the reactions are fully established, the 
stresses in the members of the arch may be obtained 
in the usual manner. A graphical truss diagram is 
commonly employed. Figure 358 shows a typical 
solution. The computations for the reactions are 
as follows; 
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By 27-0, 

Vi - 5000 - 5 (10,000) - 5000 - 0 
Vi - 60,000#. 

By SM - 0, 

M, - -5000 X 5 + 10,000 (5 + 15 + 25 
+ 35 + 45) + 5000 X 48 - 46 H 
- 0 . 

H - 31,850#. 

By 2 H - 0, 

Ht - //. 


(3) wide! load on portion to right of center hinge 

only, 

(4) enow load on portion to left of center hinge 

only, and 

(5) snow load on portion to right of center hinge 

only. 

It is reasonably conservative not to consider the 
wind and snow loads as acting on the same portion 
of the roof simultaneously, because of the curved 



The thrust is usually small compared with the 
values of the other stresses and is cither resisted by 
buttresses built into the walls, or more commonly, 
by a connecting tie-rod. If the latter is used, it is 
commonly concealed by placing it just below the 
floor level. 

Figure 358 shows the analysis for vertical loading 
only. The arch must be designed for dead, snow, 
and wind loads, as in other trusses. Wind loads 
are usually assumed to act normal to the roof. In 
order to determine maximum stresses, combinations 
of conditions must be tested. The following are 
commonly assumed: 

(1) dead load over whole truss, 

(2) wind load on portion to left of center hinge 

only, 


roof, upon which snow would not easily remain. 
The snow-load reactions and stresses are obtained 
in a manner similar to that previously discussed. 
The wind-load reactions are usually determined 
by the graphical method (Art. 189). This method 
is simpler, as the loads arc not parallel. When the 
wind-load reactions arc established, the stress 
diagram may be drawn as in the usual case. Re- 
versals of stress sometimes occur, and tliis feature 
should be carefully noted. 

In practice, a horizontal tie-rod is employed to 
develop the thrust, and rollers are used at one end. 
This makes the truss action that of a simple frame. 
If the rollers were omitted, the stress in the tie-rod 
is indeterminate and would usually result in a great 
deal of excess section in the rod. The stresses even 
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in this case would be assumed the same as if rollers 
had been used. 

225. Two-Hinged Arches* 

A two-hinged arch is similar in general nature to a three- 
hinged arch, except that the hinge at the center is omitted. 
The solution of such a frame is classed as statically indeter- 
minate, as the horizontal components of the reactions depend 
upon the relative sizes and stiffness of the truss members. 
The vertical components may be obtained as for any member 
resting on two supports. The horizontal thrusts may be 
obtained by employing the formula, 

y Su-l 
^ A If 

H « — 2 ' (See Art. 103, Book I.) 

A • E 

The sectional area of each member, however, is unknown at 
the outset of the design, bo that approximations for the areas 
must be assumed. This results in “ cut und try ” methods.* 

When the horizontal and vertical components of the 
reactions are established, the stresses in the truss members 
may be determined by the usual stress diagrams. Temiiera- 
ture affects the horizontal thrust, and the stresses resulting 
from this source must also he included in the analysis. 

226. Pin-Connected Trusses. 

Very large and heavy trusses are sometimes made 
with pin-connected joints (Art. 227). In general, 
such trusses are confined to heavy bridge work, and 
they are seldom used for ordinary roof trusses, t 
especially where the spans are less than lOO'-O". 
In large hotel work they are now sometimes em- 
ployed to support upper stories over large ball 
rooms and banquet halls. In some cases, the main 
joints are pin connected with some of the smaller 
ones riveted. Pin-connected trusses do not possess 
great stiffness unless they are built of very heavy 
sections. For this reason, a truss of this type usually 
has to be of a size which requires built-up members. 
These are generally of plates and angles for the 
chord members, latticed channels for the struts, 
heavy eye bars for the web tension members, and 
occasionally a series of eye bars is used for the 
bottom chord. 

For the common trusses employed in building 
construction, riveted joints are almost always used, 
as they are more economical. A riveted truss may 
be shipped to the site in sections, is erected more 
easily and more rapidly, and is more rigid, especially 
for light loads. 

The design of the members in pin-connected 
trusses is carried out in a manner similar to that for 
other trusses and the main differences between 
simple trusses and those which arc pin-connected 

* The theoretical design of two-hinged arches is quite complex ami tho 
general features only are considered Imre. Methods of procedure arc given 
in Kidder’s Architects’ and Builders’ Tocketbook, — John Wiley & Sons, 
Inc. 

t It ia not within the scope of this book to give any comprehensive 
riismi— ton of pin-connected trusses. Referenoe may be had to a number 
of standard treatises of this subject in bridfce design teste. 


are the relative sizes of the members and the design 
of the joints. The effective length of the compres- 
sion members and the column formula used should 
be based on pin end bearing. 

227. Pin-Connected Joints. 

SPECIFICATION CLAUSES) 

Compression members in pin-connected trusses 
shall be so designed that the stresses shall not 
not exceed 75 per cent of the permissible work- 
ing stress for columns. The heads of all eye-bars 
shall be made by upsetting or forging. No weld 
shall be allowed in the body of the bar. Steel 
eye-bars shall be annealed. Bars shall be 
straight before boring. 

All pin-holes shall be bored true and at right 
angles to the axis of the members, and must 
fit the pin within t l 2 inch. Eye and screw ends 
shall be so proportioned that upon test to 
destruction fracture will take place in the body 
of the member. All pins shall be accurately 
turned. 

Only a simple case of pin-connected joints will be 
discussed here to cover the exceptional instance 
which might occur in the design of structures, f 

One of the important features in the design of a 
joint of this kind is to arrange the packing of the 
strut channels and eye bars so as to obtain the least 
bending moment on the pin. It is wise to keep the 
arrangement symmetrical about the center line of 
the pin, to try to maintain a “ balance/’ and to keep 
the forces as near each other as possible. The 
inclined bars at a joint tend to raise the pin, while 
the struts tend to lower it, so that the object is to 
arrange the members to oppose each other as much 
as possible. The size of the pin is not always as 
important as its rigidity. If the strut channels are 
placed on the outside ends of the pin, greater stiff- 
ness results, hut in some cases, greater bending 
occurs. Usually some intermediate arrangement is 
used. Figure 359 illustrates this point. Steel fillers 
are used to “ pack ” the spaces between the mem- 
bers. Sometimes the center of the pin is placed a 
little below the working point of the joint to produce 
a moment which will counteract that caused by the 
weights of the members. 

The size of the pin is determined by principles 
similar to those involved in the strength of rivets, 
inasmuch as the pin must be safe in shear and 
bearing (Art. 27). In addition, the pin must be 
ample to resist the maximum bending induced in 
it. The forces on a pin are assumed to act at the 
center lines of the bearings of the members, and the 
members arc all assumed to be parallel to the 
central plane of the truss. 

Figure 359 illustrates a simple case of a pin- 

$ From the Building Code of the National Board of Fire Underwriters, 
New York City. 
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connected joint. The maximum horizontal bend- 
ing moment is that considered as a cantilever, and is 

30,000 X 6 - 20,000 X 5 - 10,000 X 4 - 40,000"#. 

The maximum vertical bending moment (caused 
by the channels in this case) is due to the load con- 




(i) 

Fio. 359 


The maximum shear is developed by the greatest 
latera l force. At any point this may be expressed 
by VH*+ V 1 , where H and V are the greatest 
horizontal and vertical forces at a given point. The 
usual allowable shearing stress is 10,000#/o". A 
size which is safe in flexure is generally satisfactory 
for shear. 

The bearing of each individual member on the 
pin must be safe. The resisting area for each case 
is the product of the thickness of the metal in the 
member and the diameter of the pin. The bearing, 
as well as the rigidity of the joint, depends upon the 
“ play ” of the pin. The holes through which the 
pin passes must be nearly equal in diameter to that 
of the pin. For cheap work, is allowed, but for 
first-class joints, B V' is commonly specified. The 
holes are usually reamed and the pins are turned. 
The pin is often held in position sidewise by being 
turned to a smaller diameter at the ends, threaded, 
and recessed nuts used, ('otter pins are also used 
to hold the parts in place, but are not advised. 

The strength of the eye bars is developed at the 
pin by eye-bar heads which arc simply an enlarge- 
ment of the bar, as illustrated in Fig. 360. These 
are proportioned by empirical rules, as the stresses 
are much too complex for precise calculations, and 
the design is standardized, as there are few manu- 



centratod at the center line of the “ span 
pin, or 


M - 


PI 

4 


34,600 X 8 


= 09,200"#. 


of the 


The resultant bending moment* is 

V(40,000)“ + (09,200)* = 80,000"#. 


The moment of resistance of the pin is that of a solid 
cylindrical beam. From this, the size required for 
bending may be obtained, or 


M = 


si 

c 


S • 7T * d* 

32 


from which 


80,000 


24,000 1 * • (P 
32 


or d = 315" 


Pins are usually made of cold-rolled shafting, and 
the odd sixteenth inch sizes are standard, such as 
2*1", 3*" f etc. 

* Graphical methods may also be used, but theae are not as common, 
and are generally more complicated to analyae. 


facturcrs and most structural shops are not. equipped 
to make them. The head is made stronger than the 
body of the bar and a common specification is that 
the net area at plane a -a in Fig. 360 shall not be 
less than 40% in excess of that at b-b. Eye-bar 
heads are usually made circular and concentre with 
the pin, although offset shapes arc used 4 
In order to develop the bearing of thin channel 
webs upon pins, pin plates are used. The thickness 
of the channel is counted upon to resist its value in 
bearing and the excess is supplied by a pin plate 
riveted to the channel, as illustrated in Fig. 361. The 
rivets must be large and numerous enough to de- 
velop the bearing carried by the plate (Art. 27). 
Countersunk rivets arc used, if possible, so that the 

t A higher working stress is usually nllowmi oil pins for ratios of - from 

a 

0 to 10, than in usual beams, as the loads are assumed concentrated at the 

centers of bearing of the members. An allowable value of 40, (XX)— 1000 - 

d 

instead of 24,000 has been suggested (see article in Engineering Newt 
itocord, Vol. SO, p. 502, by D. B. Steinmun). 

X Refer to “A Study of Stresses in Eye-bar Hoads’* by J. Belse, Buda- 
pest, Hungary, Engineering News Record, Vol. 87, p. 234, for suggested 
proportions. 
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parts may be placed closely together. A pin plate 
may be used on one or both sides of the channel. It 
should be as wide as the channels will allow in order 
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Fro. 361 


to obtain sufficient net area, and it should project at 
least 6" beyond the center line of the pin. Speci- 
fications commonly limit the area xy in Fig. 361 to 


not less than 40% in excess of the area of the member, 
and the area ab to not less than 70% of the area xy. 
The rivets k should be in at least two transverse 
rows and not less than two rivets should be placed 
beyond the pin hole toward the end of the channel, 
as shown. 

Prob. 327a. If a pin has to carry a load of 64,000#, what 
size is required if the distance between points of support 
is 5"? Maximum fiber stress “ 24,000#/o". 

Prob. 327b. What is the required thickness of metal in 
a top chord to give sufficient bearing area to 3 A" pin, having 
to transmit a stress of 121,400# at an allowable bearing 
pressure of 24,000#/d"? 

Prob. 237c. What size of pin would be required in Fig. 
359 if all of the forces were twice those shown? Check Ihe 
bearing on the pin and design pin plates for the ohannel il 
necessary. 
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CHAPTER 19 


DOMES 


228. General. 

A dome, in its geometrical conception, is a surface 
of revolution generated by a line (straight or curved) 
revolving about a vertical axis. There may be a 
number of shapes, depending upon the basic line 
which generates the surface. The following are 
more common: 

(1) Spherical — generated by the arc of a circle, 

(2) Conical — generated by a straight line, and 

(3) Spheroidal — generated by the arc of an 

ellipse. 

Others may be parabolic in section, or to the form 
of an Ogee curve. Domes arc usually circular in 
plan, although elliptical plans have been used. 
The supports are commonly placed at points on a 
circle, although the supports may be built up from 
a square. The most common dome is a segment 
of a sphere. 

Domes may be classed as “ smooth shell ” or 
ribbed. The former may be considered as super- 
imposed rings of masonry, and these may be of 
stone, reinforced concrete, or tile. No projections 
in the form of ribs occur in the usual case. The 
ribbed dome is made up of a series of individual 
members, cither of wood or steel, but structural 
steel is more commonly used because of its ease of 
fabrication and greater stability. 

229. Ribbed Domes. 

The ribbed or framed dome, which is used quite 
extensively in modern public buildings, is con- 
structed of ribs (meridians), rings (belts), and 
diagonals (ties), as shown in Fig. 302 (a). The 
ribs may be single straight members, or they may 
be half trusses as shown in (6). Trusses may be 
used when the loads are heavy and when a definite 
roof void is desired. The tendency in recent 
practice has been to avoid radial trusses, particu- 
larly when designing them like arches. In either 
case the loads act at the joints and arc distributed 
to the rib sections and rings as shown in Fig. 362 (a). 
The number of ribs varies, depending upon the size 
of the area which is covered; from six to twenty- 


four being common. A lantern ring is used near 
the top of the dome to avoid complicated stresses, 
even if no lantern is contemplated. A wall ring is 
also usually employed, although it is not theoretic- 
ally required. The latter opposes the horizontal 
effect of the forces in the ribs and thus leaves only 
vertical reactions on the supports. 

The forces in a dome are non-coplanar and in 
order to obtain a simple analysis, components of 
the forces are taken to reduce them to one plane at a 
time. Wind loads produce marked effects upon 
these roof structures as they do upon all exposed 
roof surfaces. Diagrams or calculations are, there- 
fore, made separately for the dead and live loads 
and the maximum effect determined for the com- 
bination of the individual str &ses. The stresses in 
the rings vary from compression near the top to 
tension near the base. The maximum tension in 
an intermediate ring occurs when the dome is fully 
loaded above it. The maximum compression in 
an intermediate ring occurs when the dome is fully 
loaded below that ring. The former condition 
produces the maximum outward thrust, increasing 
the tension in the rings and decreasing the com- 
pression. The latter condition creates the maxi- 
mum inward push, which decreases the tension in 
the rings and increases the compression. A model 
made of paper will illustrate this action clearly. 

The question of live loads is one depending upon 
assumptions. Snow load could be usually neglected 
for a pitch exceeding 35° to 40° because the snow 
would tend to slide off. The wind load depends upon 
the exposure of the dome, — whether it is above 
the rest of the structure, or submerged as a part of 
the low portion of the building, and so on. Normal 
wind pressures may be assumed from 20 to 30 //o'. 
In practice, a combined vertical load is usually 
satisfactory, and 25#/ o' of horizontal projection is 
a reasonable value. For dead loads, 5 //o' for 
framing of the dome, \0//o' for tar and gravel or 
composition roof coverings, and 1 ()#/□' for plaster, 
represent average conditions. To this the weights 
for rafters and sheathing must be added. 

The following illustration gives an analytical 
method of determining the stresses. Analyzing the 
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Fics. 362. Ribbed Dome Analysis 

(a) single frame with rib loads (b) truss ribs for dropped ceilings 



Fig. 363. Analysis of Stresses in Ribbed Domes 
(a) forces acting upon rib (6) and (c) resolution of forces at a joint 
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joint marked A in' Fig. 362 (a), two situations arise 
which give maximum or minimum conditions for 
the ring stresses: 

(1) When the thrust in (6) is assumed as 
produced by the sum of all of the loads above, 
and the thrust in (8) is assumed as produced by 
the same sum plus the dead load of 9600# at 
the joint. 

(2) When the thrust in (6) is assumed as 
produced by the sum of all the dead loads 
above, and the thrust in (8) is assumed as 
produced by the same sum plus the dead and 
live loads of 9600# and 7680# at the joint. 

The maximum stress in any rib section is always 
determined by the total load above the joint. In 
Fig. 363 (b) and (c), are shown the forces acting at 
this joint. The stress in the rib-section (6) is 
resolved into the force (6 h ) and that in section (8) 
into the force (8 h). The values (6 h) and (8 h) are 
used to solve (9) as shown in (c) . The angle between 
(6 h) and (9) is, of course, determined by the number 
of ribs in the dome, — the angle in this case being 
81°. 


Joint A 

Thrust in rib-section (6) 

Total load above = 800 + 700 + 1000 + 800 + 1000 + 
8100 + 6480 - 18,880 

18 880 

sin 4«V* “ 2fi ' 20 ° 1 * 1 (compression) 

Thrust in rib-section (8) 

Total load above - 18,880 + 9000 + 7680 = 36,160# 

36 160 

. ’ ! 40,300# (compression) 

sin o4 

Stress in ring members (9) 


Maximum Cmulition 

Stress in rib-sectiou (6) = 26,200# 

StrM. in rib-wetion (8) + T -40.000, 

sin 64 

Horizontal component of stress in (6) 

- 26,200 • cos 46° * 18,200# 

Horizontal corn|X)ncnt of stress in (8) 

- 40,000 • cos 64° - 17,500# 

Resultant ring thrust « 18,200 — 17,500 « 700# (tension) 

700 

Maximum stress in ring (9) « — 0 = 2250# (tension) 

a * COS O I 


Minimum Condition 
Stress in rib-section (6) 

800 4- 1000 + 1000 4-8100 


sin 46° 

Stress in rib-section (8) 

15,200 4- 9600 4- 7680 

sin 64° 31,300# 

Horizontal component of stress in (6) 

= 15,200 • cos 46° - 10,500# 
Horizontal component of stress in (8) 

- 31,300 • cos 04° - 13,700# 


15,200# 


Resultant ring thrust 

- 10,500 - 13,700 - -3200# (compression) 

Minimun^strees in ring (9) 

- 2 .cce 81 B “ _10,300 ^ (compression) 

The stresses in the diagonals may be obtained by 
a similar procedure. These are the diagonal com- 
ponents of the maximum difference between the 
stresses in the rib either side of the diagonal in 
question. This difference is often determined by 
assuming one rib fully loaded and the other carrying 
dead load only. This is a severe and practically 
impossible condition, but it gives a maximum 
diagonal stress which provides against unforseen 
loads. 

The lantern ring is subject to axial compression, 
as well as to some bending produced by thrusts from 
the ribs. The thrusts are sometimes calculated by 
assuming the live load to occur on only the two 
opposite quadrants of the dome. This thrust can 
then be expressed as so much per linear foot. The 
bending moment for such a condition is 

V 

M = -- in which 
5 

p = the thrust per linear foot, and 
r = the radius of the lantern ring, in feet. 



The ring is often made of a 15" channel bent to 
the curve and spliced for its full value. If archi- 
tectural conditions pennit, two diagonal I-beam, 
interior braces at right angles to each other may be 
used. 

The rib members, in addition to the compression 
induced by the panel-point loads, must resist any 
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flexural stress due -to their weight and due to inter- 
mediate rafter loads.* 

A graphical solution of the stresses may be used 
instead of an analytical one, if desired. Figure 364 
illustrates the general method, the diagram in (a) 
showing a rib with its vertical loads. The hori- 
zontal forces are used to make all the forces co- 
planar. The diagram in (6) gives the resulting rib 
stresses, R if R 2 , etc. The forces Hi, H 2 , and so on, 
may then be resolved into components parallel to the 
ring members to obtain the stresses in the latter. 
From these the stresses in the diagonals may be 
obtained. 

230. Trussed Ribbed Domes. 

For domes of large diameter, the ribs may be 
made up of light trusses, as suggested in Fig. 362 
(6). At the center, near the top, some form of ring 
is used to frame the upper ends of the trusses into. 
If a lantern is used, it may be formed by a small 
circular ring made of a bent angle at the top, and 
a scries of bent T irons to form the curved portion 
of the lantern roof. These may be collected on a 
plate and angle drum-member. If the lantern has 
a vertical portion below, struts may be used to 
transfer the load down to a lower drum-truss. Tho 
dome trusses may then frame between this and the 
supporting columns or walls, as the case may be. 
This is illustrated bv the line diagram in Fig. 366. 

Many domes do not have lanterns of course, and 
in such cases, a scheme of joining the trusses to- 
gether at the top must be provided. One method 
is to make a truss on one of the diameters continu- 

* If a member is curved, an additional moment equal to the axial com- 
pression times the rise of the ourve must be provided for. 


ous from one side of the dome to the other, and framf^, 
the others into it by means of heavy connection 
angles and distributing plates, as illustrated {££> 



Fig. 3 66 


Fig. 365. This gives a main truss with a definite 
span and acting more directly, like any regular 
truss, which carries the reactions from the other 
trusses. Plate 30 shows the details of the trusses 
indicated in Fig. 365. 



PART IV 

» 

DESIGN OF COLUMNS 



CHAPTER 20 


GENERAL CONSIDERATIONS 


231. General Theory. 

The general theory of the design of columns 
applies with equal accuracy to steel columns, with 
the necessary corrections which the limitations of 
this particular material impose. The actual practice 
of steel column design is discussed in the following 
articles with the usual assumptions used in the 
mechanics of column design. 

232. Calculation of Loads for Regular Panels. 

The calculation of the load carried by a given 
column is in one sense the most important part of the 
design. If the load calculated is incorrect, then all 
subsequent computations are of little value. It is in 
such work that probably more mistakes are made 
than in other parts of structural design, and it is 
wise to train one’s self to make load computations 
with reasonable accuracy. The critical point is to 
have loads correspond with the actual construction, 
and not the determination of a load to the nearest 
pound. It is usually satisfactory to express the 
load to the nearest 100#. Thus, a load of 116,473# 
may be called 116,500# for convenience and with 
sufficient accuracy in results. The column formulas 
which arc subsequently used are not known to be 
any more accurate. 

The calculation of column loads from regular 
panels of floor framing is a relatively simple matter. 
The important factors are the number of square 
feet of tributary area and the total load per sq. ft. 
for which the floor has been designed.* In Fig. 
367, the tributary area is indicated by the cross- 
hatched portion. The bounding lines occur at 
points halfway between adjacent columns. If the 
total load per sq. ft. of floor is 212#, the load from 
the floor proper is (18 X 20) X 212 = 76,200#. To 
this must be added the weight of the beams and 
girders which is carried by the column. This is the 
weight of 3 floor beams (full length) and one girder, f 
in this case. If the weight of beam “B” is 50#/ft. 
and of girder “A” is 100#/ft., and the columns are 
assumed as 12" on a side, the total from this source is 

3 X 50 X (20 - 1) + 1 X 100 X (18 - 1) = 4550#. 

* Live load requirements and dead loads aro discussed completely in 
Arts. 89 to 91. 

t One should make sure that he understands this collective method of 
obtaining the weights of framing members. 


When fireproofing, as for steel beams, occurs below 
the floor proper, the weight should be included in 
the beam weights per linear foot. Some designers 
make an allowance of so many #/□' in the floor load 
for the weight of the framing. To illustrate, if 
12#/a' had been added into the floor load, the in- 
crease would be 12 X (18 X 20) = 4320#, — a rea- 
sonable approximation. Procedure of this kind is 



necessary when the columns are designed independ- 
ently of the floor calculations, as is sometimes the case 
on a rush job and when several designers are working 
at once, or where work is done by the "squad” 
system. In the majority of instances, however, the 
floor framing is designed before the columns, so 
that the actual weights of beams and girders can 
be used. This procedure is advisable. The above 
is the common method of determining loads for 
simple cases. The sum of the reactions Hi, Rt, Rs, 
and Ri from the members framing into the column 
"C” would give the same result. Usually it is 
more laborious to look up these reactions in the 
beam computations than to use the tributary area 
method. 

In addition to the load discussed, the load from 
the column above (if one occurs) must lx; added. 
Also, an approximation must be made for the weight 
of the column itself (and its fireproofing in the case 
of a steel column, if used). This requires experience 
and judgment, and only comes with practice in 
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determining how the sizes of columns vary for 
differe nt loads, and in different stories. If parti- 
tions oSfenr within the floor area under considera- 
tion, their freight must of course be included. This 
is sometimes provided for in the load per sq. ft. of 
floor (Art. 30), or may be included in beam reaction 
calculations. The total load on any given column 
may then be summarized (as in this case) as follows: 

5th Story col 78,000 (based upon previous calculation) 


5th Floor 76,200 

Beams 4,550 

Column 750 (assumed) 


Total 159,500# — 4th Story Column. 


This is the load for which the column is designed. 

Prob. 282 a. Calculate the column load for a panel similar 
to Fig. 367, 21 '-0" square, if the floor loads are: 

Live load — 150#/D' f 1" finish flooring — 3#/n', 1" 
subfloor — 3#/n' f 4" cinder concrete — 50#/'a', beams 
31.8#/ft., and girders 54.7#/ft. Assume 12" BH steel 
column with 12'-0" story height, column load above, 
91,000#. 

233. Calculation of Loads for Irregular Panels. 

If the floor framing around a column is irregular, 
the calculation of the column load is usually made 
with less chance of error, if the beam reactions of 
the members framing into the column are used, 
instead of employing a tributary area. This is 
quite easily done if the beam computations have 
already been made, as the reactions may be taken 
from those calculation sheets. Thus in Fig. 368, 
the load from the floor on column #19 is the sum of 
Ri and Ri. If the column load is desired in advance 
of the beam calculations, the tributary areas of 
the members framing into the column can be deter- 
mined, and the proportions of these areas carried 
to each column. To illustrate in Fig. 368, the 
area of floor carried by CM6 from the near side is 
(16) (18) -f- 2 = 144a'. The center of this *rea 
is 8'-0" from column #19. Hence V* of the load on 
this area goes to column #27 and T 8 fl of it to column 
#19, or 72.00'. This is similar to computing beam 
reactions. Similarly, on the far side of (7-16, the 
tributary area to the latter is (10.0) (18) -*■ 2 = 
90a'. The center of this length is ll'-O" from 
column #19. Hence ^ of 90a', or 28.1a', goes to 
this column. In addition the load from (7-13 on 
G-12 is (8 -5- 2) X (10 -f- 2) = 20a'.* The member 
G - 12 brings of this 20°' to (7-16 = 11. la'. Then 
CM6 carries of 11. la', or 6.8a', to column #19. 
The tributary area corresponding to R\ is then 
72.0 + 28.1 + 6.8 = 106.9a', With a given total 
floor load in #/□', the value could be established. 
Such a unit load would usually include an allowance 
for the weights of the floor beams and girders, based 
upon average sizes. 


Prob. 28 $a. Calculate the load from the floor on oolumn 
#19 in Fig. 368, for the following conditions: 

L.L. 150#/ 1" granolithic — 12#/o', 4" stone con- 
crete slab — 50#/o\ Allow 6#/o' for the weights of 
beams and girders (average). 

Prob. 283b. Using data as in Prob. 233a, calculate the 
load on column #27 for the floor in Fig. 368. 



234. Reduction of Live Load. 

It is improbable that the full live load will occur 
upon a number of floors simultaneously, and in 
certain instances it may be reduced. The greater 
number of floors a column supports, the less the 
average live load per floor will probably be, except 
in special cases of occupancy. 

The question of live load reduction is generally 
governed by building laws. Certain types of 
buildings are required to be designed for full live 
load. These are usually storage buildings, whole- 
sale stores and public garages. Buildings of two 
or three stories are generally designed for full live 
load, and special structures, such as grandstands 
and the like, naturally should be. For structures 
in which live load reduction is allowable, the 
following represents average practice: 

SPECIFICATION CLAUSE* 

The roof and top floor shall be taken for full 
live load, and each succeeding lower floor live 
load may be reduced 5% until 50% of the live 
load is reached, when such reduced loads shall 
be used for all the remaining floors. 

Other codes vary in their requirements, but the 
authors recommend the above in the absence of 

* The Code of Ordinances of the City of New York. 
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other restrictions, although some authorities claim 
that this is too conservative. The limits cover the 
reasonable maximum conditions. If greater loads 
existed, they would probably be of short duration, 
and laboratory tests have shown that the usual 


14th Story Column — Tributary Area •> 4000': 

15th Floor L.L. - 400 X 100 - 40,000 
16th Floor L.L. - 400 X 95 - 38,000 /€ ' 

Roof ’LL. - 400 X 40 - 16,000 (Nq/iduction) 

L.L. on 14th Story Co^..«n94,000# 
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Fig. 369 


structural materials can sustain somewhat larger 
loads temporarily than they can permanently. Also 
the arbitrary live loads per sq. ft. are, in many 
city codes, larger than the floor will usually be 
required to actually carry. 

To illustrate the application of the above specifi- 
cation to a 16-story building with panels 20'-0" 
square and a floor L.L. of 100#/n' and a roof L.L. 
of 40#/o', the following tabulations are given: 


10th Story Column — Tributary Area = 4000': 

11th Floor L.L. = 400 X 100 = 40,000 

12th Floor L.L. = 400 X 95 =» 38,000 

13th Floor L.L. = 400 X 90 - 36, OCX) 

14th Floor L.L. - 400 X 85 * 34,000 

15th Floor L.L. - 400 X 80 - 32,000 

16th Floor L.L. - 400 X 75 = 30,000 

Roof L.L. * 400 X 40 - 16,000 (No reduction! 


L.L. on 10th Story Col. * 228,000# 
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4th Story* Column — Tributary Area — 4000': 


jyjlpor L.L. 

«s 

400 X 

i 

8 

40,000 



SB 

400 X 

95 - 

38,000 


7th Floo^L. 

SB 

400 X 

90 * 

36,000 


8th Floor L\. 

SB 

400 X 

85 «* 

34,000 


9th Floor L.L. 

SB 

400 X 

80 - 

32,000 


10th Floor L.L. 

E= 

400 X 

75 = 

30,000 


11th Floor L.L. 

*= 

400 X 

70 = 

28,000 


12th Floor L.L. 

= 

400 X 

65 * 

26, 000 


13th Floor L.L. 

SB 

400 X 

60 = 

24,000 


14th Floor L.L. 

K 

400 X 

55 * 

22,000 

20,000 


15th Floor L.L. 

SB 

400 X 

50 « 

f No further 

16th Floor L.L. 

SB 

400 X 

50 - 

20,000 

reduction 

Roof L.L. 

= 

400 X 

40 - 

16,000 (No reduction) 


L.L. on 4th Story CoJ. « 366,000# 

Contrasting node rulings are those of Boston and Chicago. 
The Boston code prescribes the following reductions of live 
load: 

Carrying one floor No reduction 

two floors 25% “ 

three “ 40% “ 

four “ 60% “ 

five 41 65% 14 

six floors or more .... 60% “ 

The above reductions apply to all the floor live load above 
the column in question. The authors believe that this is too 
liberal a reduction, particularly for certain types of buildings.* 
The Chicago code is similar to the New York requirements 
except that for the succeeding lower floors, after the roof and 
top floor full live load, the live load is reduced 15% for the 
next floor and then 5% additional for each succeeding lower 
floor until 50% of the live load is reached, when such reduced 
loads must be used for all the remaining floors. It should be 
noted that in any case the roof live load is never reduced. 

The following! represents a recent specification 
in regard to reduction of live loads: 

SPECIFICATION CLAUSE 

Except in buildings for storage purposes, the 
following reductions in assumed total floor live 
loads are permissible in designing all columns, 
piers or walls, foundations, trusses, and girders: 

Reduction of total live loads carried % 

Per cent 


Carrying one floor 0 

Carrying two floors 10 

Carrying three floors 20 

Carrying four floors 30 

Carrying five floors 40 

Carrying six floors 45 


Carrying seven or more floors 50 

For determining the area of footings the full 
dead loads plus the live loads, with reductions 
figured as permitted above, shall be taken; except 
that in buildings for human occupancy, a further 
reduction of one-half the live load as permitted 
above may t>e used. 

* In the light of the very generous live loads prescribed in the Boston 
Code, they are probably the same in the ultimate result. It would be 
far hotter to adopt uniform provisions both as to loads and reductions. 

t Report of Building Code Committee " Minimum Live Loads Allowable 
for Use in Design of Buildings," U. 8. Dept, of Commerce. 


This is suggested because the committee considers 
the usual requirement too conservative, based upon 
the evidence received in their study. 

Prob. 234 a. Refer to the data given in Prob. 232a, and 
assuming that the construction is the same at each floor, 
calculate the typical column loads for each story of a seven 
story building and basement in accordance with the New York 
Code. Assume all columns the same weight for simplicity. 

Prob. 234b. Repeat Prob. 234a for the Boston Building 
Code. 

235. Tabulation of Loads. 

It is usually wise for a designer to tabulate 
column loads when there are a considerable number 
of stories and a large number of columns. This 



helps to provide a compact set of values when the 
design is undertaken and readily lends itself to 
checking. Figure 369 illustrates one form of tabu- 
lation which is convenient, and Fig. 370 another 
type. 

Prob. 236 a. Calculate the loads for the typical column 
stack illustrated in Fig. 369. 

236. Wall Column Loads. 

Wall columns must not only carry the portion of 
floor or roof tributary to them, but also the weights 
of the wall brought to them by the spandrel beams. 
Such weights include the wall proper, sills, sash, 
lintels, belt courses, cornices, and so on, as the case 
may be. 

The loads from the floor or roof are naturally the 
proportionate parts of the tributary floor areas 
adjacent to the columns. Thus in Fig. 371 (a), the 
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floor area tributary to column No. 2 i& one-half a 
panel load, as indicated by the cross-hatched portion, 
while column No, I receives only one-quarter of the 
typical panel load, as indicated. To these loads 
must be added the weights of the wall construction 
which are carried to each respective column by the 
wall framing. Hence a designer must be thoroughly 
familiar with the approximate weights of the ma- 
terials that enter into such construction. Table 75 
will be useful in this work. 


TABLE 76 

wnoBTs or wall materials 

Architectural terra cotta, voids unfilled 72#/c.f. 

“ 14 “ filled 120#/c.f. 

Brick, common 120#/c.f. 

pressed 130#/c.f. 

Concrete, cinder 108#/c.f. 

stone 150#/c f. 

Concrete block (considering voids) 100#/c.f. 

Granite 170#/c.f. 

Gypsum blocks, 2" solid 7#/o' 

3'* hollow 1 ()#/□' 

3' solid. 12#/o' 

4' hollow. 13#/d' 

5' 15#/d # 

6' min' 

8' 22#/n' 

Limestone. 160#/c.f. 

Marble.... 170#/c.f. 

Plaster.... 5#/a' 

Sandstone 145#/c.f, 

Sash, wood 8#/n' 

steel 10 #/d' 

Split terra cotta furring (2") 9#/a' 

Terra cotta blocks, 2" 14#/n' 

3" m/u' 

4" l8#/a' 

5" 21#/ D / 

6" 24#/a' 

7" 29#/a' 

8" 32#/d' 

9" 36#/a' 

10" 38#/d' 

12" 42#/a' 

Wood strapping and lath .. . . 5#/n' 


Illustrative Prob. 236a. Calculate the typical load on 
column No. 2 in Fig. 371 for the following data: 

L.L. * 100#/d'. I" inaple finish floor. \ " sub floor 
(wood). 3" cinder fill and screeds. 7" terra cotta arches. 
Plastered ceiling 8#/ Plaster, lath and strapping on 
walls’ 10 #/d'. 12" brick curtain walls. Allow 15#/a' of 

floor for random partitions. Sash and frame S#/a'. Terra 
cotta frieze, 90#/linear ft. Window sills, cut stone, 95#/lin- 
car ft. 


Floor 


L.L. - 100#/n' 


Fin. Fir. « 3 

Tributary area * 15 X 7 

Sub. Fir. =* 3 

- 105a' 

3" Cinder fill * 27 

Load from floor = 105 X 165 

7" T.C. - 24 

- 17,300# 

Ceiling « 8 

Floor bms. 

— 

9 I 21 X 7.(V X 3 - 440 

T.L. - 165#/d' 

Spandrels 


15 1 42 X 15 = 630 


Total - 18,370# 


Wall 

Brick pilaster 6'-0" X l'-8", 12'-0" ] 

(«)). 

Brickwork 6.0 X 1.67 X 12 X 120 
Plaster, lath, and strapping 
6.0 X 12 X 10# 

T.C. Facia 90#/ft. X 9.0 
Sash 7'-4" high 

7.33 X 8# X 9.0 - 630 

Brick curtain between pilaster 12" thick 
height above bm. to sill - 4" + 

( 2 '- 8 ") - 6 " * 2 '- 6 " 

Volume « 2.5 X 1.0 X 9.0 » 22.5 cu. ft. 

Deduct for panel, 4" inset, l'-4" high, 

7'-8" long - 0.33 X 1.33 X 7.67 - 
3.4 cu. ft. 

Brickwork, net, * (22.5 — 3.4) 120#/cu. ft. * 2290 

Plaster, lath, and strapping, 

l(2'-8") - 6"] X 9.0 X 10# - 180 

Window sill, 95#/ft. X 9.0 - 860 

Total - 19,790# 
Assume column weighs 80#/linear ft. 



(C) 


Fig. 371 


Summary 

Floor load 18,370 

Wall load 19,790 

Column, 80 X 12 960 

Total < 39,120#, say 39,200# 

Notes . In the above result, no reduction of live load has 
been considered (Art. 234). When calculating the weights 
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of theLbeams, the designer may not know their sizes at the 
time tltelgffumn load is being computed. In such a case, 
for the steel floor framing may be made by 
adding ^ tdJUW/a' to the unit floor load, depending upon 
the sizes of tne\pims. Here, an allowance of 8 #/d' would 
be liberal. 

If the spandrel beams and girders have been designed 
before the column loads are calculated, time may be saved 
by adding beam reactions. Thus in Fig. 371 (a), the load on 
column No. 2 at that level is 2 reactions from Gl, plus the 
reaction from Bl. 

Prob. 236b. Calculate the typical load on column No. 3 
in Fig. 371. Plan-sections and elevation similar to those 
shown in the figure, except side pilasters in 14'-0" direction 
are 5'-0" wide (9'-0" constant sash dimension). 

Prob. 236c. Calculate the typical floor load on column 
No. 1 in Fig. 371. 


Prob. 236dj Calculate the load at the roof level for column 
No. 2 in Fig. 371 (a) for the following conditions: 

5 ply tar and gravel roofing, 8#/a', L.L. « 40#/a'. 

6" T.C. arches. 3" cinder fill. Suspended ceiling 15#/a'. 

8 I 18 roof beams, 12 I 31.8 spandrel girders and 
beams. 

Allow 1040#/linear ft. for the cornice and top story window 
head arrangement.* Columns 8 H 32. 

Prob. 236e. Calculate the typical load at the floor level 
on column No. 4 in Fig. 371 (a). See Illustrative Prob. 23fla 
for data. Assume column fireproofing 12" X 12", of cinder 
concrete. 

Prob. 236f. Calculate the typical roof load on column 
No. 4 in Fig. 371 (a). Assume column fireproofing 12" X 12", 
of cinder concrete. See Prob. 230d for data. 
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CHAPTER 21 


STEEL COLUMNS 


237. General Considerations for Column Sections. 

Steel columns are probably the most used type 

of column in building construction as a whole, as 
they may be made to carry heavy loads with rela- 
tively small sectional areas compared with other 
materials. 

There are a number of features which should be 
considered in the make-up of the cross-section of a 
structural steel column. On an ideal basis, the 
metal should be well away from the neutral axis in 
order to provide as large a radius of gyration as is 
reasonably possible for a given sectional area. 
Theoretically, the hollow circle is ideal, but is not 
practicable for rolled shapes. There should be a 
balanced distribution of metal, that is, the webs, 
flanges, and cover plates should be of nearly the 
same thickness if possible. Maximum thicknesses 
are governed by the punching for rivet holes, unless 
drilling is to be resorted to. The cheapest column 
is not necessarily the one of least weight but the one 
which costs the least in fabrication and erection. 
The arrangement of the component parts should be 
simple, as less secondary stress is developed. The 
closed column is actually stronger than the open one 
on account of the friction of the parts in contact. 
Some of the considerations which are important in 
the selection of a column type arc: 

(1) cost of fabrication, 

(2) cost of erection, 

(3) loads to be as nearly concentric as 
possible, 

(4) possibility of good beam connections 
and splices, 

(5) possibility of changing thicknesses of 
metal from one tier to the next, and the provi- 
sion of direct bearing, 

(0) accessibility for field painting and in- 
spection, 

(7) number of rivets to be driven and ease 
of driving them, 

(8) ease of encasement in fire-resisting ma- 
terials, and 

(9) available space for pipes and conduits. 

238. Typical Sections. 

Figure 372 shows a large variety of cross-sections 
for structural steel columns. Because of the types 


of structural shapes, an unlimited number of sec- 
tions may be devised, but for the reasons given in 
Art. 237, only a few typical sections are commonly 
used. (Angle struts are discussed in Sect. 23A). 
The cross-section shown in Fig. 372 (/) is sometimes 
used for long columns carrying light loads, and is 
a good form if encased in concrete, which materially 
stiffens it. 

Plate and angle columns (Art. 244) are one of the 
most common types of fabricated columns, par- 
ticularly ( h ) and (i) in Fig. 372. These are rela- 
tively cheap, easily fabricated, allow for the pro- 
vision of good connections, and are accessible for 
field painting. Type (g) possesses little merit 
compared with (A), and types ( k ) and (i) cannot be 
wholly field painted, and type (i) involves difficult 
fabrication. Type (m) is sometimes used in rail- 
road work. 

H columns are the most commonly employed of 
all the types (Art. 246), and usually without cover 
plates. Channel columns are occasionally used for 
moderate loads. They provide relatively large 
radii of gyration for given areas. The distance, tf , 
should be made such that the radii of gyration about 
the two rectangular axes are as nearly equal as 
possible. The type (r) in Fig. 372, sometimes called 
a “ box ” column, is theoretically more economical 
of material than type (q), the latticed column (Art. 
248), and is more rigid. Types (s) and (/) provide 
poor beam connections, and (x) involves difficult 
fabrication. Type (q) is satisfactory for light 
loads, while (r) and (u) have a good distribu- 
tion of metal and are used for heavier loads. The 
plates, A , are added only when heavy loads are 
to be carried. 

I-hcam columns are not very economical, as they arc 
relatively weak about the 2-2 axis, as indicated in Fig. 372 
(y), and hence are not commonly employed. They are used 
as outside columns in light mill buildings (Chap. 30), and lend 
themselves to concealment in thin partitions when this is 
a necessity. Z-bar columns are rarely used in modern 
practice and ure uneconomical, as considerable metal is 
located near the neutral axis and although places for con- 
nections for t)eams off the center line of the column are avail- 
able, these are badly eccentric. Careful riveting is required, 
field painting inside the types (dd) and ( ee ) is impossible, 
and poor beam connections almost alwaysr esult. Type (//) 
is too complicated for ordinary use. Figure 372 shows some 
of these older types principally to illustrate relative dis- 
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advantages aa compared with modem sections, and to Bhow 
what has been used, at times, in the past. 


1 T 


■nr- 


*1* f 4L* 

J ^ lo-fUfa S**r/l**9 ft* Start** 4 L» 
fa) Vcr/tc*/ Hirftc*/ Starr** Lac** 

1 9 00 (e) (A) O) (f) 

Anqlc Sraurs 


“T 

f&m' 

I 


I 


H^Hhn 

PrrH I 

t 4L» 
lOC** 

(f) 

npr 

«L_U 


( 9 ) 


(*) 


0) 


O) 



O) 



Plat c A nd Anslc Columns 


(m) 


IIT 

(») (») * ' 

Bcthlchcm H Columns 

II ED □ I 

(1) <r) (t) (*) (“) 

hh m 

M (") (0 

Channel Columns 

mm 

(*) (**) (**) 


(') (««) 

I B cam Columns 



Fin. 372 


239. Patented Sections.* 

Special sections similar to those illustrated in Fig. 373 were 
formerly employed from time to time. The Gray column 
gives a large radius of gyration for the minimum amount of 

* Those sections are discussed principally to show the progress made in 
structural steel work, and also to illustrate disadvantages as compared with 

modem sections. 


metal, and is qprticularly adaptable when encased in concrete. 
It is in reality four pairs of double angle struts tied together 
by battens. Good connections are possible anil each load 
is reasonably concentric on each strut, although the battens 
do not thoroughly equalise the loads. The sizes range from 
10" a minimum to 20" □ maximum, in patented arrange- 
ments. The chief objection to this type is its high cost of 
manufacture. Figure 373 shows the keystone octagonal, the 
Larimer, und the Phoenix types. While these offer good dis- 
tribution of metal, they are objectionable because of the 
difficulty of framing in the beams and field painting. For 
these reasons, patented types are seldom used in modem 
practice. 



Pnocn/x 




Hers tons 
Octagonal 


(JR.AY 


Fig. 373 


240. Fire Protection, f 

SPECIFICATION CLAUSES} 

The protection shall cover the interior columns 
at all points to a thickness of not less than 3 
inches and f»e continuous from the base to the top 
of the column. The extreme outer edges of 
lugs, brackets, and similar supporting metal may 
project to within 1 inch of the outer surface of 
the protection. 

Note. — Much has yet to be learned regarding 
the necessary thickness and methods of applica- 
tion of different column coverings to produce 
efficient fire protection. The investigations on 
this subject now in progress at the Under- 
writers' Laboratories in Chicago, will furnish 
much needed information. When secured, it 
may justify changes in the requirements herein 
made. 

If brick or blocks arc used for fireproofing 
columns, they shall Im> accurately fitted, laid 
with broken joints, and all spaces lie tween the 
outside layer and the metal solidly filled with 
masonry; or a concrete filling may be used. 
No voids between the metal and the protecting 
casing shall be permitted. 

Galvanized steed wire not smaller than No. 12 
gauge, shall lie securely wrap|>ed around block 
column coverings so that every block is crossed 
at least once by a wire. The wire shall not be 
wound spirally around the column, but each 

t For specifications regarding fire protection of exterior columns, see 
Art. 236. 

t From the Building Code of The National Board of Fire Underwriters. 
New York City. 
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turn or bend shall be a separate^unit and shall 
be twisted tightly or otherwise securely hound. 
Other equivalent anchorage may be employed 
if approved by the 8ui>erintendcnt. No block 
used for this purpose shall exceed 12 inches in 
vertical dimension. 

Nora.'— Any method which would securely 
lock the blocks in place, or hold them by sub- 
stantial interior metal ties, would be superior 
to the wire wrapping above described. 

Columns located in damp places shall receive 
a coat of at least 1 inch of Portland cement 
mortar before application of the fireproofing. 

Columns made of steel or wrought iron pipe 
filled with concrete, shall be protected by at least 
1} inches of fireproofing. 

Where the fireproofing of columns is exposed 
to damage from trucking or handling of mer- 
chandise, the fireproofing shall be jacketed on the 
outside for a height of not less than 3 feet from 
the floor with metal or other approved covering. 



Fio. .374" 


Experience has demonstrated the necessity of 
thoroughly protecting steel columns supporting 
walls or floors against fire. In first-class construc- 
tion, this must be done to conform with specifica- 
tions. An unprotected column is dangerous in a 
fire, and while not combustible like timber, it 
buckles due to the action of the heat, and may even 
cause failure more readily than some other material 
(Fig. 374). In second-class construction, — where 
the frame itself is not planned to be especially fire- 
resisting — steel columns are sometimes left ex- 
posed, or simply covered with materials for the sake 
of appearance. The reason is of course to keep first 
costs low.f In structures such as mill buildings, 
the columns are usually left uncovered. 

* Courtesy of Inspection Department, Associated Factory Mutual 
Insurance Companies. 

t This is very poor ultimate economy. 


Where columns are to be encased the following 
materials are used as: 

(а) %rick, 

(б) terra cotta, or concrete tile 

(c) cinder or stone concrete, or 

(d) metal lath and cement plaster. 

The choice of the material will be determined by 
the kind used near the columns and thus one finds 
brick used to encase columns which form the pilasters 
of brick walls, either outside or division; terra cotta 
or concrete tile, where abutting partitions or “ back- 
up ” is of these materials; and when the floor con- 
struction is a cinder or stone concrete slab the most 
economical fireproofing is concrete. From the 
standpoint of fire resistance, cinder concrete is by 
far the most efficient material. Any of the above 



Fjg». 375. Buick and Tile Encased Steel Columns 

(a) brick encased Bethlehem column — steel purged 
18" to 24" in advance of brick. 

(b) tile enclosed plate and angle column — square corners 

(c) tile encased plate and channel column — rounded 
corner — pipe chase and intersecting partition 

materials are good and the deciding factors may be 
price, architectural detail, or both, although it may 
be said that concrete is most used in general. When 
terra cotta or brick are used they arc often set with 
broken joints around the columns, as illustrated in 
Fig. 375. 

Any piping carried alongside of the columns 
should be provided for in a separate chase, built 
outside of the main column covering, as shown. 
The spaces between the hollow tile and the steel 
should be filled with concrete or cement mortar to 
prevent the possibility of corrosion and for addi- 
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ttanal security against fire. A low rate of insurance 
nmy -ke secured when the columns are properly 
protected, ft/-, the durability of the entire building 
is dependent upon the integrity of the columns. 

SPECIFICATION CLAUSES 

Free-Standing All free-standing and other columns, not 
Columns enclosed by brick work, shall be given a coat of 
Portland cement mortar, thick, on all sides, 
after which they shall be enclosed in 4" blocks 
with the corners bonded. 

All voids shall be filled with mortar and tight 
joints shall be formed at the intersections of tho 
blocks with the under side of the concrete floor 
slabs. 


» 15 000 ~ 50- ^ new American Railway 

9 r Engineering Association) (£-55) 

(maximum 12,500^/ □") 

- 20,000 - 100 - (America “ S 00 *"* of CivU 

r Engineers) (S- 56) 

(For values *80 to 120, below 

* - SO, p - 12,000 #/d") 

l 

- 15,200 - 58 - f (old New York City code) (5-57) 

- 15,000 — 40 ^ (Syracuse Code). (5-68) 


While the treatment of the surfacing of 
the column is largely the province of the 
architect, the matter of how the fire protec- 
tion shall be provided, and so on, is often 
decided by the engineer. In any case, the 
weight* of such protection must be included 
in the column loads. 

Prob. 240a. Calculate the weight of the column 
and fire protection in Fig. 375 if the section is a 
10BH71. 

241. Column Formulas. 

There are a number of reliable formulas 



for designing structural steel columns. Of Fig. 37G 

these, the most commonly used in actual 

design practice are of the “ straight line ” type, be- The usual specifications limit tho ratio of slender- 

cause they are simpler to apply and they are suffi- l . , . _ „ 

ciently accurate. One of the most usual types is ness > ? 9 ^ or co ^ umns m or dcr n °t allow extremely 


l 

V = 16,000 - 70- ($-53) 

in which 


long and thin members, which might be especially 
dangerous if larger loads than were anticipated had 
to be carried for a short time. Figure 377 shows 


V = the maximum allowable compressive 
stress in #/n", 

l = the unsupported length of the column in 
inches, and 

r = the minimum radius of gyration of the 
cross-section, in inches. 

This is the formula of the New York City Building 
( -ode, and formerly used by the American Railway 
Engineering Association. The latter ruling limited 
the maximum stress in any case to 14,00()#/a". 

In any actual case in practice, the formula specified by tho 
governing ordinance must of course be used. In the absence 
of any restrictions, the authors recommend the above formula 
(tf-53). From the graph in Fig. 376, it is obvious that this 
formula represents a fairly good average of those plotted, and 
leans somewhat toward more conservative stresses. Other 
straight line formulas are: 

.. * IQ non inn* (American Bridge Company) 

' 1,#,uuu r (maximum 13,000#/a") ($-54) 

* Refer to Art. 23S for the weight* of materials 



Fia. 377 


a portion of a column failure in a laboratory test, 
which illustrates a typical failure in an extreme con- 
dition. For lesser loads, the tendency toward 
similar failures is present and must be guarded 

t Baaed on thr similarity of tho column flexure eurve to a nine curve. 
A factor of O.K watt used, or O.H X 70 * fitt 4- (58 used), comparing favor- 
ably with formula &-53. 
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against. A relatively small deformation in a 
column may produce stresses in other portions of 
the frame which may become serious. 

SMCIFICATION CLAUSE 

The effective or unsupported length of main 
compression members shall not exceed 120 
times, and for secondary members 200 times 
the least radius of gyration. 

Such recommendations are for steady stresses. 
Secondary members are those in wind bracing and 
the like. Some engineers make a practice of vary- 
ing the limitations of the ratio of slenderness accord- 
ing to the particular members, such as : 

Mux. I +r 


Crane columns 100 

Heavy loads 125 

Shed columns 150 

Truss chords 150 

Truss wel>s 175 

Wind struts 200 


Instead of straight line formulas, some codes and specifica- 
tions give those of the second degree (Art. 119, Book I).* 
The following arc representative: 


V - 


V - 


V “ 


V * 


12,500 


1 + 36,000 r* 
12,500 


1 + 18,000 r 2 
14,500 


+ 11, 000 r 2 
16,000 
l 2 

1 + 20,000 r 2 


for square ends (Cambria Steel Co.) 



(jS-59) 

for pin ends (Cambria Steel Co.) 

(tf-60) 

(Philadelphia Code) 

(.S’-61) 

(Boston Building Law) 

(S-%2) 


These are based in many cases upon the Rankine (or Gordon) 
formula (Art. 119, Book I). The coefficient in the denomina- 
tor of the first two formulas is smaller than Rankine recom- 
mended but this is more or less compensated for by the con- 
servative value of 12,500#/n" as a maximum. These 
formulas are very satisfactory, but require more time for 
calculations. 


242. Design of Columns in General. 

The design of structural steel columns must oe 
done by more or less “ cut and try ” methods, as 
the allowable stresses vary with the section, and 
the section required depends upon the load to be 
carried. One method or another of assuming a trial 
section must be used, and this section must be 
checked up. A valuable reference in work of this 
kind is the tabulation of approximate radii of gyra- 
tion of various sections, shown in Fig. 378. The 

* Thorn hao been some discussion in recent years relative to having 
engineers lean more to the use of formulas of this type, as they probably do 
give results nearer to actual conditions than straight line formulas (see 
Engineering News Record, March 10, 1021, and Novembor 2, 1911). 


various handbooks are of great value also, in deter- 
mining sections, with their tables of areag ap jcadii.of 
gyration* safe loads, and so on. 

Illustrative Prob. 242a. Design a col 1 mn similar to type 
20, Fig. 378, to carry a load of 285,000#. Length « 12'-$". 
Assume 12" plates ( h - 124"). 

From Fig. 378, approximate r * 0.36 h » 0.36 X 12.5 =* 
4.5". 

Trial stress p = 16,000 — 70 - 

r 

- 16,000 - 70 ^ fi lfi2 “ 13,640#/o" 

Trid area -M® 00.00” 

10,040 

Try 411 4X3X4” 11.48n" 

2 PI. 12 X A - 10.50 


I of Pis. = 

11 = 
A ■ d 2 of 11 


0.43X(12P 
2 X 16 

4 X 2.18 
= 11.48 X (5.2) 2 


1 ( total) 


21.98D" 

*= 125.5 

= 8.7 

= 310.3 

- 444 .5" 4 


r 


V 


Jl m a/ssn 

V A V 21.91 


= 16,000 - 


5 

98 = 
70 X 152 


4.48 


4.48" 

- 13,620#/ □" 


A 


285,0 00 
13, 620 
A 


= 21.0n" required | ^ ^ 


- 21.98D" actual J 

Use 4 11 4 X 3 X A 
2 PI. 12 X A 


The distance, 6, in type 20, Fig. 378, must be such that the 
value of the radius of gyration about the axis y — y ( r y ~ y ) is 
not less than the value of r x x . Thus 

Ty-y = 0.53 6, or 

4.48 - 0.53 b f and b = 8.46" minimum. 

The value of b would be made some multiple of J" usually, — 
in this case, sav 8J". In general, an attempt should l>c made 
to obtain a “ balanced ” distribution of metal. The ideal 
section is that in which the radii of gyration are equal about 
each axis. Practical considerations alter this to some extent, 
of course. The dimensions of the column sections above arc 
an influencing factor. It is also desirable to have the column 
section nearly square. 

Illustrative Prob. 242b. Design a column similar to type 
15, Fig. 378, to carry a load of 114, (XX)#. length = 14'-6". 
Assume outstanding legs of IfL are 5". 

Then b = 5" + 5" -f (thickness of lacing, say i") - 
10.25" 

r x ~x - 0.42 h and Ty- y = 0.215 b. 

Assume h is made such that ry~ y controls, 

Yy—y = 0.215 X 10.25 - 2.21" approximately 
70 X 174 

Trial stress 16,000 — — 2 21 — ~ 

Trial area = ”jJT4^ “ 
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b* xrhrfh of see //on 
par*//*/ /o ax/s r-x 
/r-Aa/abf of section 
pan*//*/ to axis y-y 


Fin. 378 


10.S7 

Trial area of 1 L =* — - — =* 2.72U" 

4 

Try 4 I® 5 X 3 X 3 ~ 4 X 2.86 = 11.440" 
/ of 4 KL « 4 X 7.4 - 29.6 

A d* * 11.44 X (1.8)* - 37.1 


V 

P 

A 


/ (total) - 66. 7" 4 




66.7 

11.44 


16,000 - 


- 2.42" 

70 X 174 
2.42 


10,970#/a" allowable 


114,000 

11.44 


9950#/ n" actual. O.K. 

Use 4 £ 5X3X1 


r*-., - 0.42 h * 2.42 - 0.42 h, or h * 5.76" min. 
h is usually made 12" minimum on account of lacing details. 


Prob. 242c. Design a column similar to type 19, Fig. 378 to 
carry a load of 118,000#. Length ■* 13'-9". Try 10" channels. 

Prob. 242d. Design a column similar to tyj>c 16, Fig. 
378, to carry a load of 450,000#. Length = 15 '-0". As- 
sume cover plates 14" wide. 6" outstanding legs of angles, 
and 12" web plate (12J" back to back of angles). 

Prob. 242e. If a column section is similar to type 22, 
Fig. 378, and is composed of two 10 1C 20 and two 12 X i 
Pis., what safe load can it sustain, if the length is 15'-6"? 
I 

Use V - 15,000 - .50 - . 

243. Eccentrically Loaded Columns. 

The foregoing discussion has been based upon the 
assumption that the loads are applied at the longi- 
tudinal center of gravity axes of the columns 
(concentric loads). Such a condition is theoretical 
only, and cannot be obtained when practical details 
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are considered. However, for ordinofy cases of 
beams framing into columns, the loads are consid- 
ered as concentric* For designs in which live loads 
of 150 #/d' or less are involved, eccentricities are 
generally neglected. For larger live loads, such as 
in warehouse construction, eccentricities due to 
beam reactions should be considered. 

When a beam frames into the web of a typical plate and 
angle, or Bethlehem, column, the beam reaction is applied 
quite near to the axis of the column.* When a beam 
frames into the flange of a column, the distance to 
the point of application of the reaction is obviously a 
considerable distance from the axis of the column. 

If there are beams on the two opposite faces of the 
column, and both beams are alike and fully loaded, 
the bending caused by each reaction would balance 
that of the other. If one beam were fully loaded 
(full live load and dead load), and the other carried 
dead load only, there would be a tendency toward 
bending, caused by the larger reaction. The same 
condition would exist when a heavily loaded beam 
framed in on one flange, and a lightly loaded beam 
framed in on the other, except that in this case the 
eccentricity would always be present. When a beam 
frames in on one Bide only, similar circumstances 
would exist. Ordinary cases involving these condi- 
tions are not usually investigated in everyday work. 

There have been cases, however, when such in- 
vestigations, although neglected, should have been 
made. This is particularly true when the reactions 
involved are large. When to investigate eccentrici- 
ties of this kind becomes a matter of engineering 
judgment. 

There are a number of reasons why ordinary cases of beams 
framing into columns are not examined for the effects of 
small eccentricities. For columns in an intermediate story, 
the load delivered to a particular column by the column 
above, is assumed to lx? concentrically applied. This is 
reasonable, because the column above is presumed to have 
the necessary strength, if properly designed, to distribute 
its load uniformly over its cross-section by the time it reaches 
the one IhjIow. The central load is usually large compared 
with the eccentric load. This has a steadying influence 
upon the column section as a whole. Another reason is 
that many design specifications allow an increased value for 
the combined stress due to direct compression and bending, 
as discussed later. This allowance will then protect against 
a great many cubcs of small eccentricity. The weight of the 
column itself and its fire-protection materials are naturally 
assumed to be concentric. 

When a load is considerably eccentric, such as 
may occur in spandrel beam framing, beams carried 
by brackets, and so on, the columns involved should 
be carefully investigated for the combined stresses. 
Such design requires even more “ cut and try ” 
methods than the design of a column concentrically 
loaded, because the additional element of the 
eccentric moment must be considered. The column 
must resist the sum of the direct and eccentric loads, 


as well as the bending induced by the eccentric load. 
Obviously then, a column section which capnot sus- 
tain the sum of all the loads (as if concentric) must 
be increased, and the problem is to. determine how 
much more metal is required for thtf inoment stresses. 
This requires assuming a section in excess of that 
necessary for direct compression. 

In Fig. 379, let P = the direct load, R » the 
eccentric load, and e = the eccentricity, or the 




(b) 


Fin. 379 


distance of the point of application of R from the 

P + R 

axis of the column. The direct stress is — , 

A 

in which A = the cross-sectional area of the column. 
The bending moment, M , is R • e. The stress due 
to this moment may be determined from the usual 

_ „ . _ _ s • 1 M • c 

flexure formula, M = , or « = — — . I he 

c I 

value of s is compression on the side toward the 
eccentric load, and tension on the opposite face. 
In the usual case, the value of the indirect stress is 
much less than the direct compression, so that 
tension seldom becomes an actual condition of 
stress. The designer is usually interested in obtain- 
ing the maximum compression. The moment of 
inertia, /, in the above formula must of course be 
referred to an axis perpendicular to the direction 
of bending. The distance to the extreme fiber, c, 
must be in the same direction, and naturally to the 
most remote fiber in compression. The maximum 
compression is then 

p (max.) = p (direct) + V (indirect), or 


• If the beam were framed to the web with beam connection angles, the 
load would be practically on the column axis. If the beam rested on a seat 
angle instead, the theoretical point of application of the reaction would be 
at the center of the bearing on the scat angle. This would mean that the 
reaction would be 2" to 2J" away from the axis of the column. In practice, 
eunh eccentricities are not considered, as the resulting, additional stresses 
are not serious, particularly in view of the protecting factor of safety. 


P + R M • c 
A + I 

P •+■ R R • e • c 
A + 1 


0S-fi3) 
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The tensile stress induced by the eccentric load 
opposes the direct compression, so that 


p (min.) 


P + R 
* A 


R • e • c 
1 


(5- 64) 


Illustrative Prob. 243a. Design a plate and angle column 
for the following conditions: 

P (direct load) «* 210,000#. R (eccentric load) » 40,000#. 
Eccentricity (e) — 15 #/ . L » 20'-0". Maximum allowable 

l 

compression, p - 19,000 — 100 - . Refer to Fig. 379 (6). 


Assume section of: 

14 X i Web PI. \A « 32.470" 

4 £ 6 X 4 X A /i-i * 1,351 " 4 , r^, = 6.45" 

2 - 14 X 1 Cov. Pis. J 1 2 -i « 31 1" 4 rj-j = 3.09" 


p (indirect) 


Total load 

p (direct) - — ^ 

R • e • c 40,000 X 15 X 7.62 


210,000 + 40,000 * 250,000# 
P + R 250,000 
32.47 


7,700#/a" 


1351 


; 3,380 


p (maximum) = ll,080#/a" 


From t&blp, A - 39.000", - 1216" 4 , r,_, - 5.#8" 

/ i-i - 394" 4 , and r»_, - 3.18" 4 . 


p (indirect) 


p (d,rect) " l£oo 
54,000 X 9 X 0.75 
* 1215 


11,900 

2,700 


p (maximum) = 14,600#/o" 


p (usual) 


p (maximum allowable) 


16,000 - 70 


16,000 - 


70 X 16 X 12 
3.18 


12,770#/o" 

1.25 X 12,770 * 15,950#/d" 
Column section O. K. 


In checking up a given column section for con- 
ditions similar to the above problem, the fonnulas 
may be varied and a more direct solution made 
possible. Referring to the formula for the maximum 
compressive stress, 


p (max.) 


P + R Me 
A + I 9 


It will be noted in the above that the values of c and I are 
about the 1-1 axis, namely that perpendicular to the direction 
of the bending. The allowable stress is governed by the 
least radius of gyration, — in this example, r a -* = 3.09". 


multiply both sides of the equation by A, or 

, / « , ™ . M • c • A 

p- A = (P + R) + . 


v 

v 

v 


l 

19,000 - 100 - 
1 r 


19,000 - 


100 X 20 X 12 
3.09 


11,300#/d" allowable 

11,080#/u" actual (from above) O.K. 

Use section assumed. 


If the maximum allowable and actual stresses had not com- 
pared favorably, the column cross-section would be altered 
until satisfactory results were obtained. 


A number of design specifications allow the com- 
pressive working stress, obtained from the usual 
column formula, to be increased 25 per cent. £he 
reason for this is because only the extreme fibres on 
the compression side of the column receive the actual 
maximum compression. Fibres inward from this 
theoretical plane receive indirect stress only in 
proportion to their distances from the axis of the 
column. The compression in the fibres on the side 
away from the eccentric load is relieved by the 
amount of tension developed by the bending. Hence, 
some allowance is reasonable, and „ the authors 
recommend the above percentage for use. 

Illustrative Prob. 243b. Determine if the maximum com- 
pression is safe for the following conditions: 

Plate and angle column, 12 X J web plate, 4 £ 6X4X1, 
2 - 14 X i cover plates. /, * 16'-0". P * 410,000#, E = 
54,000#. Eccentricity » 9" from column center on axis 2-2. 

Maximum allowable stress ® 1.25 X ^16,000 — 70^ • 


But 7 = A • r 2 . Substituting, 

M . c • A 

P-A = (P + R) + or 

p-A = (P+R) + m(J^. (&’-€ 55) 

In the above, p • A = the safe column load (as if 
applied concentrically). The value, c + r 2 is a 
constant for any given cross-section. Hence the 
following rules may be used in conjunction with 
safe load tables: 

(1) Assume column cross-section, 

(2) Calculate eccentric moment (M = R • c), 

(3) Calculate c + r 2 , 

(4) Multiply M by the value in (3), 

(5) Add P, R , and the value in (4), — a 
result in #, 

(6) Refer to safe load tables for given 
column section and length of column, and com- 
pare safe load tabulated with the result in (5). 

This might be called an " equivalent central-load ” 
method. 

Illustrative Prob. 243c. Check the results in Illustrative 
Prob. 2436 by the equivalent central-load method. 

(1) Section as given in Prob. 2436. 

(2) M * 54,000 X 9 * 486,000"#. 

(3) c - 6.75", r * 5.58", r* * 31.2"*, c -s- r* - 0.216. 

(4) 486,000 X 0.216 » 105,000#. 
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(5) 410,000 + 64,000 + 106,000 - 569,000#* 

(6) From aafe bad tables for given section ana L - lG'-O", 
P * 606,000#. According to specifications given in Prob. 
2436, this may be increased 26%, or 1.25 X 506,000 - 
632,000#. 

Since (6) exceeds (5), column section is safe. 

If loads were eccentric on opposite faces of a 
column, the two bending moments oppose each 
other in direction, and tend to balance. Hence, 
only the net bending moment (difference of the two) 
need be considered in a case of this kind. If two 
loads are eccentric and are on adjacent faces of a 
column, the bending moment in each corresponding 
direction must be considered. The maximum com- 
pression will occur at the comer of the column cross- 
section between the two loads. Its value will be 
the direct compression plus the compression de- 
veloped by each of the two eccentric loads, in such 
a case. 

Prob. 243d. Determine a column section for the following 
conditions: 

Plate and angle column with cover plates. L — 22'-0". 
Direct load » 250,000#. Eccentric load - 00,000#, applied 

l 

12" from center of column on uxis 2-2. Use 19, 000 — 100 - 

* r 

with no increased allowable stress. Hint: try 14 X j web 
plate with 6 X 4 £ and 14" cover plates. 

Prob. 243e. Design a column of the tyjx; 22, Fig. 378, for 
the following conditions: 

L — 15'-0". Direct load = 232,000#. Eccentric load = 
43,000#, applied 7j" from center of column on y-y axis (sec 

l 

Fig. 379). Use 16,000 — 70 - with 25% increased allowable, 

alxwe the column formula values. Hint: try 10" channels 
and 12" cover plates. 

Prob. 243f. Check the design in Prob. 243<Z by the equi- 
valent central-load method. 

244. Plate and Angle Columns. 

The most common and the most frequently used 
type of “built-up” structural steel column is one 
composed of a web plate and four flange angles, as 
shown in Fig. 372 (A), or one of a similar section in 
whiph cover plates are added, as in Fig. 372 (i). 
Such a section is sometimes nominally referred to 
by the width of the web plate, as an “ 8” column,” 
“ 12" column,” etc. This docs not describe the 
section but is merely a convenient name. The 8" 
size is the smallest which it is practicable to use for 
ordinary cases,* and when large web connections 
are necessary, a 12” web is usually required, in order 
to obtain proper details, t The absolute minimum 
thickness of web plate is J”, although is more 

* Small rolumnci arc sometimes made with 6" web plates, but difficult, 
and sometimes awkward, connections result. 

t In mill building work, it is sometimes specified that the width of web 

plate should be such that the ratio, , is minimum in the vertical direction 

but does not exceed 00. 


commonly used as a minimum. For work exposed 
to climatic conditions, §” should be the minimum . 
thickness >of all metal. For lower story columns 
and particularly for heavy loads, web plates 
thick or more should be used. # 

The distance back to back of flange angles is 
made J” greater than the width of the web plate. 
This allows for any unevenness in the web plate, 
particularly if the latter is a sheared plate, and 
presents a more finished appearance. Unequal- 
legged angles are generally employed for this type 
of column, with the longer legs outstanding. This 
arrangement provides the most metal at a maximum 
distance from the center of the column, for a given 
amount of material. Hence with the shorter legs 
of the angles against the web plate, a larger radius 
of gyration is obtained, and a greater width of 
column face results. It is desirable to have the 
width of the legs adjacent to the web plate a 3” 
minimum in order to provide ease in riveting. The 
outstanding legs are made either 5" or 6" in the 
larger columns, so that two gauge lines are available. 
In the usual section, the least radius of gyration is 
about the axis coincident with the web. This fact 
is one which is wise to remember, as it aids in avoid- 
ing mistakes. In making up a column section, an 
attempt should always be made to obtain a “ bal- 
anced ” section, that is, one in which the thickness of 
the metal in the angles and plates is about the same. 
Thus a section of a 14” X 1” web plate, 4 — 6 X 
4 X J angles, and 2 — 14 X fV cover plates would 
not be a “ balanced ” section. Many detail design 
specifications give certain minimum requirements 
relative to thicknesses of the component parts. 
The most common and important ones are: 

(1) The thickness of web plate shall not be 
less than of the distance between the lines 
of rivets which connect the plate to the angles. 

(2) The thickness of the cover plates shall 
not be less than 4 \ of the distance between the 
lines of rivets connecting the plates to the 
angles. 

(3) The thickness of angles, when no cover 
plates are used shall not be less than ^ of the 
outstanding leg of one angle. 

(4) The maximum aggregate thickness of 
metal through which any rivet is driven shall 
not exceed 4 diameters of the rivet. 

The common column sections, determined by 
general practice, usually will conform with the above 
rules. Figure 380 shows a typical shop drawing of 
a plate and angle column. 

Illustrative Prob. 244a. The design of a plate and angle 
column by the use of the general theory and formulas, in- 
volves the same procedure as already discussed in Art. 242. 
Kefor to Illustrative Prob. 242a. 
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In practice, where a number of columns are to bo may be tabulated. Such tables may be found in a 
designed, the section to be used is not always estab- number 01 structural steel handbooks, for a selected 
lished by methods such as those discussed in Art. line of column sections and various lengths.! 

242, but safe load tables 41 or diagrams are used. In determining column sections, the first sclcc- 
The obvious reason for this is the element of time, tion may not be the most economical. That is, it 
In using such tables, one should nevertheless be may not weigh the least. A section with a wider 



Fig. 380 


familiar with the theory, and be able to discriminate web plate or larger angles, of thinner metal, may 

the special cases from the ordinary. One should weigh less. The selection, will, of course, be in- 

also make certain that the table to be used conforms fluenced by other considerations, such as the outr 

with the design specifications (type of formula, side dimensions and the space required thereby, 

limiting ratios of slenderness, etc.), which govern, dimensions of columns which are directly above, 

Table 76 illustrates a typical case of how safe loads conforming with other typical column sizes in the 

same story, and so on. A section with no cover 

* Thoae tables are constructed by the engineer for the conditions im- 
posed and therefore are merely a tabulation of values involving the above t The engineer must make sure that any safe-load tables he usee are 
methods. „ baaed upon formulae which agree with the local Building Code. 
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TABLE 78* 


PLATE AND ANGLE COLUMNS 
Safe Loads in Thousands of Pounds * 

Allowable Fiber Stress per square inch, 13,000 pounds for lengths 
of 60 radii or under; reduced for lengths over 60 radii, p * 19,000 — 

100 

r 

Weights do not include rivet heads or other details. 
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Web Plate 12 X « 
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12 
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13 
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428 

458 
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14 
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487 

507 

553 

582 
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6.30 

675 

721 

766 

15 
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428 

458 

487 
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582 
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030 

675 

721 

766 

16 
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428 

458 

487 
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582 
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630 
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17 
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IS 
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19 
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20 
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433 

447 

495 
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21 

323 
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394 
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432 
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527 

540 

587 

034 

679 

22 

312 
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381 

405 

417 

463 

487 

501) 

522 

508 

014 
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23 

301 

340 

308 

391 

403 

448 

470 

492 

504 

548 

594 

637 

21 

289 

334 

355 

377 

388 

432 

4.54 

475 

480 

529 

574 

616 

25 

278 

322 

342 

363 

373 

410 

437 

457 

468 

510 

554 

595 

20 

267 

310 

329 

349 

358 

401 

421 

440 

450 

491 

534 

574 

27 

256 

297 

310 

335 

344 

385 

404 

422 

431 

472 

514 

553 

28 

214 

285 

303 

321 

329 

309 

388 

405 

413 

453 

494 

532 

29 

233 

273 

290 

307 

314 

354 

371 

388 

395 

434 

474 

511 

30 

222 

201 

277 

293 

299 

338 

354 

370 

377 

415 

454 

490 

31 

211 

249 

204 

279 

285 

323 

338 

353 

359 

390 

434 

469 

32 

203 

237 

250 

205 

272 

307 

321 

330 

341 

377 

414 

448 

33 

197 

228 

242 

257 

264 

294 

309 

323 

331 

361 

394 

427 

34 

191 

221 

235 

250 

257 

287 

301 

315 

322 

351 

381 

409 

35 

186 

215 

229 

243 

249 

279 

293 

306 

313 

342 

371 

399 

Arm, 

in.* 

20.44 

32 04 

35 22 

37.50 

30 00 

42 50 

44 74 

40 94 

48 44 

51.94 

55 44 

58 94 

Ii— i,in.< 

016 

1073 

1136 

1197 

1215 

1377 

1437 

1495 

1513 

1682 

1856 

2037 

ri— i,in. 

5 68 

5.71 

5 08 

5,65 

5 58 

5 60 

5 67 

5.64 

5.69 

5.00 

5.79 

5 88 

Ij-i,in. 4 

201 

348 

368 

388 

394 

451 

472 

402 

499 

558 

613 

671 

r«— «, in. 

3 14 

3 25 

3 23 

3 22 

3 18 

3 26 

3 25 

3 24 

3.21 

3 27 

3 33 

3 37 

Weight 













Lbs. 













per 

100 2 

112 1 

120 1 

127 7 

132.8 

144.7 

152 3 

159.9 

165 0 

176 9 

188 8 

200.7 

Fixit 














Safa loud values ubovc and to right of uppor sigzag linn are for ratios of l/r not over 60, those between ligsag Una 
am for ratios up to 120 l/r, and those below lower zigzug line are for ratios not ovor 200 l/r. 


• From tho “ Pocket Companion", Carnegie Steel Company. 
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plates may weigh more than some other one with 
cover plates, but the extra cost of riveting the cover 
plates may more than offset the cost of the greater 
amount of metal. All such factors should be con- 
sidered, and hehce the final choice becomes one of 
sound architectural and engineering judgment., and 
a knowledge of steel fabrication. It should be 
remembered that structural steel columns are usually 
planned for two-story lengths, so that the load in 
the lower story is the load governing the design 
(Art. 259). 

Illustrative Prob. 244b. Select an economical cross-section 
of plate and angle column to carry a load of 400,000# for a 
16'-0" length. Refer to Carnegie Pocket Companion. 


Web Plate 

Flango Angles 

Cover Plato 

Weight/Ft. 

12 XJ 

6X4Xf 

6X4X1 


114.8# 

12X| 

14 X J 

112 1 


The more reasonable choice is probably the second. Select 
an economical cross-section for 140,000# and a 12'-0" 
length. 


Web Plato 

Flango Angles 

(’over Plato 

Weight/Ft. 

8 X 3 

4 X 3 X A 


49.4 

10 x 3 

4X3X1 


46.8 

12 x A 

4X3X3 


46.7 


Prob. 244c. Design a plate and angle column (use formula 

v = 10,000 - 70~) to carry a load of 410,000# on a lO'-O" 

length. Refer to Fig. 378 for approximate radius of gyra- 
tion. Assume web plate 14 X I. 

Prob. 244d. Chock the safe load given in Table 76 for the 
following conditions: 

Web plate 12 X £, 4 £ 6 X 4 X A» 2 cover plates 14*X |, 
length = 21'-0". 

245. “Constant Dimension’' Columns. 

In the design of structural steel columns for 
apartment houses, office buildings, hotels, loft 
buildings, and the like, a comparatively new type 
has been introduced. These are called “ constant 
dimension columns.”* They are so called because 
the overall dimensions of the cross-sections are 
constant, within certain limitations for varying 
loads and areas. Figure 381 f illustrates one of a 
number of series of such columns. Some advantages 
which may be claimed arc: 

* Originated by the American Bridge Company. 

t Excerpted from “Tables Governing Design of Structural Steel in 
Tier Buildings," edited and copyrighted by the American Bridge Com- 
pany, Now York City. 


(1) /The extreme dimensions of the column 
cross-section are known at any point in the 
height of the stack. 

(2) Adjacent columns having different loads 
may be kept the same size. 

(3) The finished dimensions outside the 
column fireproofing may be maintained con- 
stant, thus enhancing architectural details. 

(4) The location of column center-lines may 
be readily and accurately established. 

(5) The wall columns may be kept at a 
constant and minimum distance from the 
outside faces of the walls. This is an ad- 
vantage architecturally, as constant pilaster 
dimensions are possible. Structurally, it is an 
advantage in framing spandrel beams. (If 
the overall dimensions of the columns are 
changed, the columns should be kept flush on 
the outside.) 

(6) Column splices are considerably simplified. 

The typical columns may be made up in 10", 12", 
14", 16", 18", 20", and special 22", 24" and 26" 
combinations. Columns should not be less than 
10" for these types, and preferably, 12" should lx? 
used. An 8" column often produces awkward 
details. In any case, the section should be a com- 
bination of standard shapes and plates that permits 
fabrication by the usual methods and with the 
sequence of operations employed in first-class 
structural shops, and so that adequate and workable 
details result. 

The design of such columns is greatly expedited 
by the use of safe load tables (see Fig. 381)4 A 
column section may be described by its nominal web 
width and its weight per foot, such as 10 AH 117, 
followed by an index number. If the column 
schedule gives the make-up of the plates and angles, 
the index number may be omitted. 

in using “ constant dimension ” columns, as few 
changes in the outside dimensions as possible should 
be made. For high buildings in which the lower 
column sections must necessarily be large, the out- 
side dimensions may be reduced for the upper 
stories. If changes are made, they should all be at 
one floor, preferably, or at least, in certain groups. 
If a 14" or 16" column may be used in the lower 
stories, the outside dimensions should be maintained 
above, to the top, using smaller sectional areas. 
Figure 382f gives typical illustrations of column 

t In "Tables Governing Design of Structural Steel in Tier Buildings,” 
edited and copyrighted by the American Bridge Company, New York 
City, Mafe loads are given for selected combinations of sisea for varying 

lengths. These are given both for the formulas p — lOflOO — 70 - and 

10,2*0 

p -- 

1 + — 

11,000 i* 
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selections, in general, the following guides may 
be used: 


Number 

Wind 

Bracing 

Column 

Sines 

Alternate 

of 

Stories 

First 

4 Stories 

Abovo 

12 

Without 

10" Full Height 

14 



10 

Without 



10 

With 

18" 

18" 

14" 

24 

Without 

16" 11 

16" 

14" 

24 

With 

18" “ 

18" 

18" 


>8 CONSTANT DIMENSION COLUMNS 
IS STORY HOTEL It STORY APARTMENT HOUSE 


M COLUMN 
NIP 9 . 


H 


stony 


COLUMN 


1SL 


14/345 
14 * OS 
14*04 
14*107 
14*125 
14 * 149 
M * 101 


rolled steel slab 


IwV 


H 


17 STORY OFFICE BUILDING 
STORY] COLUMN 


ill 


ML 


IjjfiJfl. 
^ 14 * 33 

16 * 79 
16* 102 
16 * 120 
432- 16 * 147; 
16 * 169 ' 
16 * 109 
16 * ?I0| 


H 


*1 


H 


10*35 

1 

at”** 

10* 79 
10*94 

8MT jjT 10 * 1,5 

?5 story orrice building 


ioV 


JJL 

JjL 

■jf 


suj[£ 


HIPS 

gr- 16*30 
3? 16 * 67 
16 * 07 
4S 16 * 109 1 

H; 16* *H| 

16 * 154 
16 * 173 1 
16 « 196] 
16 * 916 
16 * *J2| 
■fgr 16 * 276] 
1 

" 16 * 291 


H 


m 


10V 
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246. Beth fehfe n Columns (H Sections). 

Probably the most commonly used type of 
structural steel column is the H section, which is 
rolled by the Bethlehem Steel Co. Figure 383 illus- 
trates a length of column with its connections ready 
for shipment.* Figure 384 shows typical shop 
details of Bethlehem H columns. The main ad- 
vantage is that only a relatively small amount of 
fabrication is necessary, — only that for the splices 
and connections. Other features are the simplicity 
of details and the fact tliat all surfaces are accessible, 
and wide flanges are available for beam connections, t 
A rolled section is probably stronger than a riveted 
built-up column having its metal in the shaft 
weakened by the punching of a large number of 
holes. Some of the heavier sections of H columns 
require drilled holes (Art. 23), but gang drills 
(Fig. 40) may be used to reduce such expense. 
Special combinations with cover plates, as shown in 
Fig. 385 (a), are now available to avoid local drilling 
for plates. When the largest available sizes are 
insufficient, they may be supplemented with extra 
plates or channels, as in (b) and (c), although these 
are not common, particularly (c), in which the 
objection of inaccessibility is again present. . 

The common sections occur in 8", 10", 12", and 
14" sizes of varying weights. Recently, 6" sections 
have l>ccn added. These arc advantageous for 
limited spaces and light loads, although some 
engineers prefer not to use them, except in special 
cases, on account of the difficulty of making proper 
beam connections. Tables of dimensions, weights, 

247. Plate and Channel Columns. 

A type of structural steel column which is occasionally 
used is one made up of a pair of channels and a pair of plates, 
as shown in Fig. 300 (a). The ideal section would occur 
when the values of n_i and r a -a were equal. The distance 

* Courtesy of tho New England Structural Co., Everett, Mow*. 

t A (litwd vantage of the smaller uiccs of these columns is that they hays 
thin webs. This is an argument for the use of conservative stresses in 
these cases, to prevent web crippling (Fig. 377). 



Fig. 383 
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and structural properties of H. columfo sections for 
all the variations ja size which are rolled may be 
obtained from handbooks.* Figure 386 illustrates 
the nature of these tables. The various weights for 
a given size are obtained by spreading both sets of 



ZABP€*3j*§*t m 


Fig. 384 


rolls as shown in Fig. 385 (d). The thickness of 
the web and the width of the flanges is increased 
equally, and the thickness of the flanges is increased 
in proportionate amount. 

The design of H columns is made in a manner 
similar to that for other steel columns. In practice, 
tables of safe loads, or diagrams are frequently used 
for concentric or symmetrical loading. Figure 387* 
illustrates the nature of such tables. Figures 388 
and 389 give useful diagrams in this respect. It 
is usually desirable to tabulate the selections for a 
series of loads on a column stack in order to make a 
logical selection of sizes, so that the results may be 

* Handbook of Bethlehem Structural Shapes, Bethlehem Steel Co. 


included in a column schedule (Alt." 249). The 
following tabulation* indicates what is meant. 


Story 

Height 

of 

Story 

Feet 

Load 

on 

Col- 

umn, 

Tone 

H Column Seofjbn Required 

Safe 

Load, 

Tons 

Dimensions, in Inches 

Weight 
of Sec- 
tion, 
Lbs. 
per 
Foot 

Seo- 

tion 

Num- 

ber 

T> 

T 

B 

16th 

12 

27 

55.0 

71 

A 

8.00 

32.0 

H8 

15th 

13 

53 

81.5 

HJ 

H 

8.12 

48.0 

H8 

14th 

14 

79 







13th 

13 

104 

132.2 

102 

« 

10.12 

71.0 

H10 

12th 

13 

128 







11th 

13 

151 

174.8 

12i 

l 

12.08 

91.5 

H12 

10th 

13 

174 







l)th 

13 

197 

219.1 

14} 

H 

14.08 

114.5 

H14 

8th 

13 

219 







7th 

13 

241 

263.8 

14} 

li 

14.19 

138.0 

H14 

0th 

13 

261 







5th 

13 

281 

310.1 

15 

ift 

14.31 

162.0 

H14 

4th 

13 

301 







3d 

13 

321 

341.3 

15} 

l A 

14.39 

178.5 

1114 

2d 

15 

341 







1st 

17 

363 

403.5 

15J 

1H 

14.54 

211.0 

H14 

Banem *t 

12 

395 








Some engineers try to confine the selections for 
big jobs to columns having the same section number. 
In this way, all the columns can be obtained from 
the same rolling and quicker delivery is thus prob- 



Fkj. 385 


able. Columns are usually selected for two-story 
lengths. Where there are no limitations as to size, 
the largest dimensioned column, having the required 
capacity, is the most economical. 

Prob. 246a. Select an H column to carry a load of 406,000# 
for a 16'-0" length. 

Prob. 246b. Check the safe column load for an 8 H 34.5 
for a 14'-0" length shown in Fig. 387. Verify your result in 
Fig. 388. 
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Section 

Number 

Weight 

of 

Section, 
Lbs. 
per Foot 

Dimensions, in Inchos 

Area 

of 

Section, 

Square 

Inches 

A si* XX 

Axis YY 

D 

Nominal 

T 

B 

W 

M 

N 

G 

L 

Moment 

of 

Inertia 

l 

Section 

Modu- 

lus 

8 

ItiUllUH 
of Gy- 
ration, 
Inches 

r 

Moment 

of 

Inertia 

r 

Section 

Modu- 

lus 

S' 

Ilodius 
of Gy- 
ration, 
Inches 
r' 


64 5 

1R 

a 

11 92 

.39 

.567 

.083 

16} 


19 00 

499 0 

84.9 

5.13 

168 6 

28 3 

2.98 

H12 

71 6 

HI 

H 

11 96 

.43 

.030 

.745 

161 


20.96 

550.6 

93.7 

5.15 

188.2 

31.6 

3 00 


78.0 

12 

i 

12.00 

47 

.692 

iiiu 

17 


22.94 

615.6 

102 6 

5 18 

208 1 

34 7 

3.01 


Fig. 386 Dimensions and Properties of Bethlehem Rolled Steel 12" H Columns 



Allowable stroHs per nquuro inch: 

13,000 lbs. for length* under 55 radii. 

16,000 — 55 - for length* over 55 radii. 


Section 

Number 

Weight 

of 

Section, 
Lb a. 
per 
Foot 

Dime union*, 
Inchon 

Area 

of 

Section, 

Square 

Inches 

Least 
Radius 
of Gy- 
ration, 
Inches 

1 

In supported length of Column* 

D 

T 

B 

8 

Ft. 

0 

Ft. 

10 

Ft. 

11 

Ft. 

12 

Ft. 

13 

Ft. 

14 

Ft. 

15 

Ft. 

16 

Ft. 

17 

Ft. 

18 

Ft. 

20 

Ft. 

22 

Fl 

24 

Ft. 

26 

Ft. 


32 0 

71 

A 

8 00 

9 17 

1.98 

59. 7 

59 7 

58 1 

56 5 

56.0 

53.5 

52 0 

50.4 

48 0 

47.4 

45 9 

42 8 

39 7 

36 7 


1111 

34.5 

8 

1 


10 17 

2 01 

06 1 

60.1 

64.7 

63 0 

61.3 

59.7 

58.0 

56 3 

54 6 

53 0 

51.3 

48.0 

44 0 

41 3 

38 0 


39 0 

8* 

A 

8.04 

11.50 

2.03 

74.8 

74.8^ 

73 3 

71 4 

66 6 

07.7 

05 8 

64 0 

62 1 

GO 2 

58 4 

54.6 

50 9 

47.1 

43 4 


Fig. 387. Safe Loads, in Tons of 2000 Lbs., for Bethlehem Rolled Steel 8" II Columns. Square Ends 


lie tween the channels is made such that nearly equal values 
of the radii of gyration are obtained, when the dimensions 
are given to the nearest multiple of J". The following 
combinations are usual: 


Sise of 

Two Channel* 

Width of 

Plates 

Distance 
, Book to Bock 
of Cliannels 

10" 

12" 

6£" 

10" 

14" 

sr 

12" 

14" 

8" 

12" 

16" 

10" 

15" 

16" 

ft" 

15" 

IS" 

11" 


In special cases, two web plates may be added, as shown 
in Fig. 390 (6), for very heavy loads. Usually 15" channels 


(with 14" web plates) are the common section for such cases. 
The weights of a given depth of channel inay he varied to 
give different load capacities, although the minimum weights 
of a given channel depth are moBt commonly employed. The 
thicknesses of the plates may l>c varied also, to give other 
load capacities. Safe load tables for various sections and 
lengths are very helpful in such work.* While the weight 
efficiency of such columns is good, the inaccessibility for field 
painting and inspection is a marked disadvantage. Awkward 
beam connections often result, ulso. 

248. Latticed Columns. 

In some of the types of columns shown in Fig. 
372, the component parts are held together by a 
system of lacing (sometimes called latticing). This 

* Typical tables are given in the "Pocket Companion" of the Carnegie 
Steel Company. 
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Fig. 388 
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system consists of a series of diagonal bars, either 
alternating or by crossed diagonals, as shown in 
Fig. 391 (a) and ( b ), riveted to the main parts, and 
extending across the open sides of the column. The 
diagonals are supplemented by tie-plates near each 



Fig. 389 



(a) (M 

Fig. 390 


that for otiia/steel columns as'far as the establish- 
ment of tine cross-section of the member itself is 
concerned, f The distance back to back of angles 
or channels usually is made not less 12". If 
less, the number of lacing bars increases, as well as 



Fig. 391 


the amount of riveting, and hence the weight. 
Narrow widths of the members connected should not 
be used, as poor connections result. Thus work is 
done on the assumption that the component parts 



Fig. 392 


end and at intermediate points where the lacing is 
interrupted. Such columns are used principally 
in mill buildings, bridges and in elevated railroad 

work, in the latter case to allow light to pass 

through.* The design of such columns is similar to 

* Latticed woik in general in found more in Europe than in the United 
States, due to the relative costs of labor as opposed to material. 


will bo rigidly held together. It is then subsequently 
necessary for the detail designer to take care of 
these features. 

It is only comparatively recently that the design of 
lattice bars was considered necessary. Previously, 

t Many handbooks give safe loads for latticed columns — see Hand- 
book of the Cambria Steel Co 
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rules of thumb were used almost eklii^ly. It is 
good policy to check the requirements of such 
bracing, as the exceptional case may prove the lacing 
inadequate if only thumb rules are used. 

The purpose of latticing is to provide for the 
transverse shear caused by the tendency toward 
lateral flexure in the 0011000 .* Diagonal tension 
and compression are induced by this action, as 
illustrated in Fig. 392 (a). Compression is the 
governing stress in the determination of the sizes 
of the lattice bars. The lacing also acts as stiffener 
bars to prevent bending of the parts during manu- 
facture, shipment and erection, and to resist the 
shear due to the weight of the member when it is in 
a horizontal position. 

The design of the lacing is based upon the assump- 
tion that the column is similar to a beam supported 
at both ends and uniformly loaded. For such a 
case, the end reaction and maximum bending as in 
Fig. 392 (6), are respectively 


ft = 


w • L 


and M = 


w 


8 


/, 2 t w ■ L L 
’ 2 4 ’ 


and substituting for «, 70 1 + r, and for I, A • r*, 


R • l 
4 

ft 


70 1 A • r* 

TVT"' 

280 A r 


or 


, in which 




R = the maximum transverse shear in #, 

A = the area of the column cross-section in 
r = the radius of gyration of the column cross- 
section in inches, about an axis per- 
pendicular to the plane of the lacing, 
and 

c = the distance in inches from the center of 
gravity of the column cross-section to 
the extreme fibers, in the direction of 
the lacing. 


For symmetrical sections, c = d 2, and 

fJ 560 A • r . ... 

R = , in which 

d = the extreme width of the member in inches 
in the plane of lacing. 


The value of R is the maximum transverse shear and 
governs the design. Although this shear decreases 
theoretically, the latticing is made the same the 
whole length of the column. Substituting R for 
w • L + 2, 

R . L R • l 

M = ft. lbs. or — in. lbs. 

4 4 


« • I 

But M = , the resisting moment. 

c 


Therefore 


li l _ 8 I 
4 c ’ 


In designing tension members, a stress of 16,000#/n" 
is allowed, while in designing compression members, 
the allowable stress may be determined from 

p = 16,000 - 70 -. 

r 


Some engineers use the rule of thumb that R (the 
transverse shear) is 2% of the column load in- 
stead.! 

R is only the transverse component of the total 
stress, S, in the inclined direction, or 

S = R • cosec a, in which 
a = the angle of inclination of the latticing to 
a line perpendicular to the longitudinal 
axis of the column. 

The value of a is varied from 60° to 45°, and 45° is 
the usual inclination (especially or double lacing). 
It should not be made less than 45°. For these 
values, 

7Q9 A . r 

S = — (for 45°), and (S-67) 

a 

8 = (for 60°). OS-68) 


In other words, the design would be similar to that 
of tension members except for the tendency toward 
sidewise bending in the compression member. The 
term, 70 Z -5- r, is the reduction factor, and repre- 
sents the stress due to bending, in the column 
formula. Referring again to the equation 

RlsI 
4 c~ 1 

+ Where there are eccentric loads on the columns, special designs must 
be considered for the lacing. 

t If a column is subjected to external bending moment in the direction 
of the plane of the lacing, its value should be added to the indirect 
moment to obtain the resulting stress* 


If the lacing occurs in more than one plane (such as 
a pair of channels laced on each set of flanges), the 
stress is assumed to be equally divided among the 
number of planes of lacing. The lacing may also 
be single or double in any one plane. That is, a 
series of crossed diagonals (double), or alternate 
diagonals (single), as shown in Fig. 391 (6) or (a), 
respectively, may be used. If double lacing is used, 

t This varies with different regulations. The A.R.E.A. specification 
is 2J%. The calculated shear varies with different conditions, and for 
values of l + r of 20 to 100, 2% is in excess' of the shear, although it makes 
a good protective rule. From experiments (described in tho Proceedings 
of the A.S.C.E., Vol. LXV, p. 202), the shear varies from 1 to 3% of the 
load, and when eocontrio loads occur, from 2 to 6%. 
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the atres in a given plane is assumed to be carried 
equally by each system. Thus the designer must 
determine how many planes of bracing are to be used 
and whether single or double lacing is to be employed 
in each plane. JTo illustrate, the stress in a lattice 
bar of a column laced in two planes with double 45° 
lacing would be J S (formula <S- 67). 

The lacing systems are usually provided by lattice 
bars- 41 These are usually flat bars with rounded 
ends pa shown in Fig. 392 (c), and are made by auto- 
matic machines. The minimum width of these bars 
is governed by maintaining minimum edge distances 
for the rivet holes. The following tabulation t 
gives limits in a similar way: 

For 15-inch channels, or built-up sections with 3}- and 
4-inch angles, 2} inches ({-inch rivets). 

For 12- 10- and 9-inch channels, or built-up sections 
with 3-inch angles, 21 inches ({-inch rivets). 

For 8- and 7-inch channels, or built-up sections with 
2J-inch angles, 2 inches (2-inch rivets). 

For 0- and 5-inch channels, or built-up sections with 2- 
inch angles, 1$ inches (J-inch rivets). 

For flanges 3£" wide or more, f"<£ rivets should be 
used. One rivet at each end of the lattice bar is 
sufficient unless the flange connected is more than 
5" wide. A double lattice system should be used 
if the distance between gauge lines exceeds 15", 
unless bars with two rivets at each end are used. 
The minimum thickness of lattice bars should be J" 
in any case and should not be less than: 

-fjf the distance between end rivets for single 
lacing, and 

the distance between end rivets for double 
lacing. 

Tie-plates (sometimes called stay-plates or bat- 
tens) should be used at the ends of the columns 
and at all intermediate points where the lacing 
is interrupted. These serve to equalize the dis- 
tribution of stress. The end tie-plates should 
have a width in the direction of the column 
length of not less than the distance between the 
gauge lines of the rivets. Some detailers use \\ 
times this distance. Table 77 gives standard lim- 
itations in this respect. 

The intermediate tie-plates should not bo less 
than \ the distance between gauge lines. The 
thickness of tie-plates should not he less than 
of this distance. Rivets in tie-plates are usually 
spaced 3" o.c. As a check upon the latticing, the 
spacing of the lattice points along the flange, di- 
vided by the least radius of gyration of the part 
connected, should not be greater than the ratio of 

* When exceesive diagonal length* are the case, and large valuea of the 
radius of gyration are required, small angles ore sometime* used, 
t Carnegie Pocket Companion, Carnegie Steel Co. 

% Some specification* allow ». 


column as a wfiole. For ex- 
tremely large members (greater than 24" wide), 
diaphragms (Art. 32) should be used between the 
webs instead of the lacing, with lengths equal to at 
least lj times the width of the member. 


TABLE 771 

SIZE OF LATTICE BARS TO BE USED WITH LATTICED 
CHANNEL COLUMNS 


Depth 

of 

Chan- 

nel* 

Dimension* of 
Lattioo Bure 

Weight 

of 

lattice 

Bars 

per 

Foot. 

Center 

of 

Hole 
to End 
(») 

Distance Center to Center 
of Hi vote, (d) 

Width 

Thick- 

ness 

Maximum 

Minimum 

Inches 

Inched 

I noh 

Pound* 

Inch 

0 

li 

j 

1 .28 | 

u 

O' - 11}" 

62" 

7 

M 

1 

1 .49 

u 

1' - 1}" 

75" 

S 

2 

A 

2.12 

u 

1' - 3" 

8ft" 

9 

2 

A 

2.12 

ii 

1' - 4}" 


10 

2 

» 

2.55 

n 

1' - 6}" 

ioii" 

12 

21 

1 

2 S7 

ii 

1' - 10}" 

13*' 

1.5 

25 

f 

3.19 

ii 

2' - 2}" 

ir,A" 


SIZE OF STAY PLATES TO BE USED WITH LATTICED 
CHANNEL COLUMNS 



Illustrative Prob. 248a. Determine the details for the 
lacing of a column 30'-0" long composed of 2-1511 33, 9}" 
back to back, with the flanges turned out, as shown in 
Fig. 393 (a). Use single 60° lattice bars. 


For column, A = 19 . 8 n", / 
f 624 


5 624"* 


-s/W! 


5.62" 


d 

R 


: 9.5 -1- 2(3.4) - 16.3". 

560 A • r 560 X 19.8 X 5.62 


3820# 


| Excerpted from “ Cambria Steel,” a handbook published by the Cambria 
Steel Company, Johnstown, Pa. 
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There are to be2pUliM of latticing. 

A for 1 plane - 3820 + 2 ■» 1910/. Cec 60° V 1.155. 
Stress in 1 bar — 1910 X 1.155 » 2230/. 

Flange < 3J", use 2J" bar and }" <t> rivets. 

Distance between gauge lines -*9.5 + 2 (2) - 13.5". 
Distance between end rivets - 13.5 X 1.155 - 15.6". 

15 5 

Single lacing O.K., min. t = - 0.38". 

Try 2J X | bars, A - 0.84D", r - 0.11". 

3 - A pm A ^16,000 - 70^. 

3 - 0.84^16,000 - - 4350/. Use 2\ X I bars. 

30 X 12 

-for column — — ■ — 64. 

r o.oZ 

l , , 13.5 

-for 1 C between lattice points *» jrrr; = 15 O.K. 

tie-plates, t « - 0.27". Use 14 X A X l'-4". 

Intermediate tie-plates. Use 8 X A X l'-4". 






Fio. 393 


Illustrative Prob. 248b. Determine the size of lattice 
bars for the section shown in Fig. 393 (6). Use 45° lacing. 
For column, A = 39.2U", / - 2034" 4 


d = 
It = 


— - 7 . 2 " 


i /^ 4 
V 39.2 

2(6.75) + 2(0.50) -f 2(4.00) 
560 X 39.2 X 7.2 


22.5 


= 7000# 


22.50" 


Shear resisted in two pluncs — plate on top and lacing on 
bottom. 

R for one plane = 7000 + 2 - 3500#. 

Distance between gauge lines — 19.5". Use double lacing. 
R for one bar « 3500 + 2 = 1750#. 

Stress in one bar - 1750 + 0.707 = 2480#. 

Flange > 3}", use 2J" bar and J" *t> rivets. 

Distance between end rivets « 19.5 + 0.707 * 28". 

28 

Min. t = ~ * 0.47". 

Try 2J X i bare, A = 1.25Q", 


r -0.14" 

S - 1.25 (l6,000 - 7 ° q ^ 4 28 ) - 2500/. f/«e2J X Jhar*. 

Prob. 248c. Determine the size of lattice ban for 2-12 C40, 
30'-0" long, 7" back to back, with flanges turned out (similar 
to Fig. 393 (a) ) . Use single system, 45° lacing, on each flange. 
Data: / - [6.6 + 11.76 X (0.72 + 3.5) 1 ] X 2 * 431.2" 4 , A 
- 23.520", gauge of channels 2". 

Prob. 248d. Determine the size of lacing for the section 
shown in Fig. 393 (c). 

Prob. 248c. Determine the size of lattice bars lor the 
column section shown in Fig. 393 (d). 

249. Column Schedules. 

In jobs where a considerable number of columns 
is involved, the results of the design are usually 
summarized by a column schedule. Plate 32 gives 
a typical illustration of such a schedule. The main 
object is to show the sizes of material to be used in 
each case. As has been previously stated, the 
same sized column is used for two stories whenever 
possible, as this method proves to be more economi- 
cal.* A column schedule generally shows the roof 
and floor lines with their grades, and the location of 
the splice lines with respect to them. The relations 
of the tops of the bases or footings, as the case may 
be, is also witnessed to the lowest floor grade. 
The splice lines are commonly made 2'-0" above a 
given floor level. This allows top clips of the beam 
connections to clear the lower edges of any splice 
plates, in the usual case. A typical detail should 
be worked out, and such a distance verified, for any 
special instances. The minimum distance from the 
lowest floor grade to the top of a separate base, or 
to the top of the footing as the case may be, is made 
from l'-G" to 2'-0", depending upon the details. 
This is done so that the base angles or wing plates 
will not show above the floor if the columns are 
exposed to view. The distance may have to be a 
much larger figure than 2'-0", depending upon the 
conditions surrounding the footing details. 

By the use of diagonal lines in the rectangles 
formed by the spaces, as shown on Plate 32, the 
vertical extent of each particular column may be 
shown. That is, to show what stories it occurs in. 
Any extensions of some of the columns above the 
roof level may be indicated, such as for penthouses, 
towers, and so on. If a column load is transferred 
to two other columns by means of a girder, this can 
be clearly indicated by scheduling the three columns 

* In some cases, the column erection calls for separate basement col- 
umns. This has a two-fold advantage, namely —that it conserves steel 
because of the usually heavier first floor loads and that it allows early ship- 
ment of this portion from stock, the balance coming from the mill at a 
slightly lower unit price. Some engineers start with the top story column 
in a single story length because of its usually lighter weight due to light 
roof loads. They then step the frame down two stories at a time and allow 
the basement column to bceome a single length or a unit with the first 
story column if necessary. The authore advise a comparison of the two 
methods in any particular case. 
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involved! side by side, as illustrated on Plate 32. 
The distance to the top metal of the girder where 
the column is to rest, may be indicated with reference 
to the floor line. The dimensions defining the story 
heights in feet and inches are usually given at one 
side of the schedule, in addition to the floor grades. 
The tabulation is of course headed with the column 
numbers. These numbers appear on the framing 
plans in small circles near the column conventions. 

260. Plan Conventions. 

On the plans, a column number indicated thus, Cf), 
shows that the column starts up from that floor, and 
one shown 0, indicates that the column stops at that 
floor. If no bars occur with the circles, it signifies that 
the column is continuous at that plane. The columns 
on the plans are usually indicated conventionally by H 
or tH , at the intersection of the column center-lines. 
The two symbols show which way the flanges are to 
be turned. They are generally used regardless of just 
what the column sections are to be, whether Bethle- 
hem columns, plate and angle, or otherwise. 

There is some variance in practice relative to 
which direction the flanges of columns are turned. 
In many cases where rectangular floor plans occur, 
the girders run in the transverse direction, or 
parallel to the short side of the building. This 
allows better light diffusion when the girders are 
exposed in ceilings. Also they may be made to 
occur at partitions in many cases, so that only a 
ledge or shoulder at the ceiling appears. Such 
framing conforms with economical floor panel 
design, in which the floor beams run the long dimen- 
sion of the panel and the girders the short way (Art. 
98). Columns which occur at the outside walls 
are usually turned so that the flanges extend in a 
direction parallel to the wall. In this way, the 
columns are supported in their weaker directions 
by the masonry. If the two above conditions are 
both established, the girders are then framing be- 
tween the flanges of the columns for the usual case. 
Thus the heavier loads are applied so that any 
bending induced by eccentricity is resisted by the 
column in its stronger direction. However, it may 
be argued that if the girders are framed into the 
webs of the columns, the reactions are more nearly 
concentric. For large girders and relatively small 
columns, more expensive details may result for the 
latter method of framing, because ‘wide flanges of 
girders may have to be blocked in order to permit 
them to enter to the column web to receive the 
connections. Of course, there are exceptions to all 
rules, and in special cases of corridor framing and 
so on, it may be advisable to turn columns so that 
the girders frame into the webs. However, it may 
be said in general that it is advisable to frame 
girders into flanges of columns. 


Column^dould always at least two 

direction^! If untied by the regular framing, tie 
beams should be introduced. These are usually 
made 8" deep minimum, on account of using f" 
rivets connecting the flanges to the seat angles. 
Otherwise special punching would be required. 

In some cases, anchor bolts, when used, are called 
for in column schedules, although this is not the 
usual procedure. Anchor bolt setting plans are 
more common. These are practically line diagrams, 
showing the column center-lines in each direction, 
the column numbers, and the locations of the bolts 
at each column. These are commonly indicated by 
small solid circles and tied to the column center-lines, 
as indicated in Fig. 394. Typical details are drawn 
at one side, showing the size and length of the bolts, 
their imbedment in the footing, projection above 
the top of the footing, arrangement of washers, and 
so on. 



Fig. 394 


In special cases, the footings are sometimes in- 
cluded at the foot of a column schedule, showing the 
plan dimensions, depths, offsets, and steel reinforce- 
ment, if any. This is not common, and more often 
a separate footing schedule is given in conjunction 
with the foundation plan. The reason for this is 
because the foundations (including the setting of 
anchor bolts) are usually a separate sub-contract, 
apart from the steel work. If not too cumbersome 
it is advisable to include the anchor bolt setting plan 
and footing plan with the sheets submitted for an 
estimate on the steel to avoid any trouble later. 
Such practice often results in a more satisfactory 
check-up of the steel support at a very important 
point. 




CHAPTER 22 


COLUMN DETAILS 

251. General Considerations. poses. A structural engineer should be familiar 

As for all other structural design, the engineer with the general features, as he is often called upon 

should be familiar with the design of the details, to approve the details submitted by the fabricator, 
even though he is not ordinarily called upon to Figures 395 and 396 show some typical shop draw- 
make such designs. If the fundamental require- ings. The details must show the dimensions from 
ments arc understood, the engineer, in the design the bottom of the columns to the tops of the scat 
of the members, is less liable to call for combinations angles where beams are to rest, the relation of the 
of structural shapes which will result in awkward, splice to a floor line, relation of top clips to seat 
impractical and uneconomical details. angles, the material in the base, gauges, spacing of 

Some important considerations in the design of rivets, stiffeners, and so on. Templates are often 
column details are: used for marking the holes in the webs and flanges of 

(1) The details should not 
weaken the strength of the 
column. 

(2) They should be simple, to 
eliminate bending and resulting 
secondary stresses. 

(3) The details should be eco- 
nomical. 

(4) A minimum number of 
rivets, bolts, and connecting 
pieces, should be used. They 
should be arranged, insofar as 
possible, so as to be stressed in 
shear and bearing only. 

(5) All loads should be taken 
as directly into the column shaft 
as is practicable. 

Erection clearances must be kept 
in mind. It must be possible to swing 
the beams to be connected into posi- 
tion. Clearances are required to 
drive the field rivets. Rivet spacing 
in general should be as uniform as 
possible in order to expedite multiple 
punching. The following discussion 
follows the good practice covering the 
above considerations. 

252. Shop Details. the column shafts. The spacing of rivets must con- 

The actual details of the column lengths and their form to template types. On one view of the web, 

fastenings are generally made by the fabricating the direction in which this view is to face should be 
company. Each concern has its own system of noted, such as “ north,” etc. A plan of the column 
shop marking, but all effect the same general pur- at each floor is generally given. Interference of 
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rivets in the web and flanges should be studied. 
In each case each member must bear the same general 
mark as the structural engineer’s drawing, or special 
erection plans are made to locate each member 
(PI. 25.) * 



253. Riveting of Component Parts. 


The component parts of a column, particularly 
when it is built up of structural shapes, must be 
riveted together in a way which will insure the action 
of the column as a unit, which is rigid, and which 
will resist any transverse shears. At points where 
beams frame in, the local loads must, of course, be 
developed. In order to insure a uniform distribu- 
tion of stress over the component pafts at the ends 
of columns, a limit is usually specified for the 
spacing of the rivets. 

SPECIFICATION CLAUSE 

The pitch of rivets at the ends of built-up 
compression members shall not exceed four 
diameters of the rivets for a length equal to one 
and one-half times the maximum width of the 
member. 
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For rivets and an average column 

width of K2", the above specification is fulfilled by 
providing 8 spaces @ 3". For the remaining por- 
tions of the column length (for built-up sections and 
other shapes with cover plates), the spacing of 
rivets should l>c such that there is no tendency 
toward local buckling of any part, nor any tendency 
toward a part ‘springing out of line at the edges. 

SPECIFICATION CLAUSE 

The pitch of rivets shall not exceed 10 times 
the thickness of the thinnest metal connected, 
nor 0" as a maximum. The maximum distance 
of a rivet from any edge shall not tie less than 
8 times the thickness of the thinnest metal 
connected. 

In the usual case in practice, the rivets are spaced 
with a 6" pitch. 

SPECIFICATION CLAUSE 

For angles in built-up sections with two 
gauge lines, with rivets staggered, the maximum 
pitch in each line shall not. exceed 32 times 
the thickness of the thinnest metal connected. 
Whore t.wo or more plates are in contact, rivets 
not more than 12" apart in either direction shall 
lx; used to hold the plates together. 

No bolted connections are allowed in column 
details as far as the column itself is concerned (see 
Art. 23). 

SPECIFICATION CLAUSE 

In skeleton construction, all splices in columns, 
all connections of girders or beams to columns, 
and all connections subject to a reversal of 
stress shall lx? made by means of rivets. In 
all tyj»es of construction, splices in girders and 
chords of trusses and connections carrying 
heavy stresses shall be riveted. Minor connec- 
tions such as floor stringers to girders, carrying 
moderate stresses, may be either riveted or 
bolted. 

264. Seat Angles. 

The usual detail to support beams and girders 
framing into columns is a seat angle, such as at A 
in Fig. 397 (a). If the beam reaction is small, such 
an angle by itself may be sufficient to support" the 
load, as at w in Fig. 397 (a). The standard size is 
6" X 4".* For ordinary cases, the maximum num- 
ber of rivets which may be driven in the tt" leg, 
adjacent to the column face, is 4. If a larger 
number of rivets is required, then stiffeners are 
added, as shown in Fig. 397. These arc com- 
monly 3£" X 3£" in size. The use of stiffeners 
necessitates fillers, F } to make up the space between 
the stiffeners and the face of the column (thickness 
= that of scat angle). Stiffeners may be employed 

* Buckling resistances of beams arc based upon the bearing on a 4" 
outstanding leg of the seat angle, of 3ft", which is the 4 " less a J" clearance 
(see Art. 13). 
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either singly or in pain, as the v&PbimtC details in 
Fig. 397 illustrate, according to the Dumber of 
rivets required. Many detailers prefer to keep the 
arrangement symmetrical whenever possible. The 
thickness of these angles will be a function of the 
rivet allowance and the bending induced in the 
angle by the beam load. 

Top clips, as shown at y in Fig. 397, are used to 
furnish steadiness to the top flange. These are 
bolted to the column “ to ship ” (B.T.S.), and when 
the beam is ready to be swung into position, they 
may be removed. When the beam is in place, the 
top clips may be field riveted. A pair of open holes 
is left in the top and bottom flanges of the beam. 
The beam is usually field riveted at these points to 
provide lateral resistance.* No value in carrying 
the end reaction is assigned to the rivets in the top 




If two gauge lines only are available in the column 
face, as is the usual case, then 4 rivets are the maxi- 
mum number which may be placed in the 6" leg of 
the seat angle. 

If four gauge lines were available iu^he col umn face, 8 
rivets might be used, providing that the gauge lines were far 
enough apart to space the rivets transversely at distances 
of 3 rivet diameters or more, and providing that the inner 
rivets did not foul the fillets of the column. 

Single shear is the common controlling value of 
the rivets, so that the usual miTinnim end reaction 
for a seat angle without stiffeners is 4 X 5300 = 
21,200#, based upon the resistance of the rivets. 
However, the seat angle must have sufficient thick- 
ness to resist the bending induced. In Fig. 398, 
if a 1" standard clearance is allowed, the bearing 
length is 3£". The center of bear- 
ing, or the point of application of R, 
is indeterminate, but the real action 
is probably similar to that indicated. 
This may be assumed as at the third- 
point of the bearing length. The radius 
of the fillet averages Assuming 
an average thickness of angle as , 

a = [0.5 + | (3.5)] - 0.5 - 0.5 
= 0.07". 




i ! 
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The required number of rivets is determined by 
dividing the end reaction of the beam by the con- 
trolling value of a rivet (single shear or bearing in 
the usual case, and generally the former), as dis- 
cussed in Art. 27. 


Fig. 398 

Illustrative Prob. 254b. If the width of the seat angle in 
Illustrative Prob. 254a is 8" (across the column face), what 
thickness of angle is required? 

M * R a - 18,000 X 0.67 - 12,000"# 


Illustrative Prob. 254a* How many rivets are required to 
seat a beam having an end reaction of 18,000#, if the mini- 
mum thickness of the column material is J". Use $" rivets, 
— the common size. 


Single shear 
Bearing on i" metal 


18,000 

5,300 


5300# 

9000# 

3 + 


Use 4 rivets. 


Mf 

t 


s b ■ £* 
6 

0.61" 


, 2M0 .24000tX82<f 

Use »8 X 4 X |L. 


* If wind strwa connection, arc to be provided. Inner top clip angle* and 
more rivets may be necessary (see Index). 

f The value of a may be increased to 24,000#/G" here without being 
exoeesive, as the stiffness of the vertical leg and the fillet tend to reduce the 
effective lever arm. 
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For average widths of seats, the following approxi- 
mate values, as far as the resistance of the angles is 
concerned, may be used as guides: 

J" seat angles, maximum reaction = 15,000# 

f" 11 “ * “ “ = 20,000 

f" “ “ “ “ * 25,000 

For reactions larger than 21,000#, stiffeners should 
be used. In many cases, structural shops work up 
standard details for such cases. Figure 399 gives a 
typical illustration. The stiffeners are usually 
made a nominal size, as the principal function is to 
accommodate the extra rivets, and to prevent local 
bending in the seat angle. * s far as sectional area 

in the stiffener angles is 
m concerned, a sufficient 

* j: Z-yS * 3 **^^*** amount is usually sup- 

'LL plied if the size is made 

ti ' * / ‘A*** to conform with the ri vet 

' ' : ''xSTUIL** 9 * spacings* (see Art. 55 for 
'ic * the design of stiffeners), 
llot The stiffener angles are 

!► usually clipped at a 45° 

^' {y ■<> II bevel, as shown in Fig. 

\ JJl 399, to give a more 

ri J j workmanlike appearance 

and the upper inside 
corners are ground off to 
clear the fillet of the seat 
angle. For ordinary 
Fig. H99 cases where a pair of 

angles is used back to 
back, the outstanding legs are not riveted together. 
If long angles are required to accommodate the 
rivets, the outstanding legs may be fastened to- 
gether with stitch rivets, with 12" o.c., as a maxi- 
mum pitch. 

The bearing area for the beam, supplied on the 
beam scat, is generally very much in excess of what 
is theoretically required, as a high unit bearing stress 
is allowable. It is preferable to have the outstand- 
ing leg of a stiffener angle under the web of the beam. 
The number of rivets in one stiffener angle should 
be limited, as there is a tendency for the upper 
rivets to receive the larger portion of the load. 
Angles should lx? used for stiffeners whenever 
possible, although plate stiffeners may be used when 
clearances are important and dictate their use. 
An objection to the use of plates is that it is difficult 
to get good bearing under the seat angle. One 
objection to the use of seat angle details with 
stiffeners occurs when the finish lines must be as 
near the steel frame as possible. This is illustrated 
in Fig. 400. The case shown in (a) gives an awk- 
ward bracket appearance in the finish, but in (6), 

* The outstanding leg of the stiff onor angle is made either or 1" less 
than the outstanding leg of the seat angle. 
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this is elWxS&ied. Special beam seats may be 
required for irregular framing, such as those for 
some spandrel beam connections, as illustrated in 
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Fig. 401. The design of the local seat is similar to 
the above discussion, but the group of rivets at A 
must be proportioned for the 
bending due to the eccentric 
load (Art. 250). 

Prob. 264c. Determine a seat 
arrangement for a 12 I 31.8, having 
an end reaction of 19,000#, to frame 
into the flange of a column com- 
posed of a 12 X } web plate, 4 
angles 5 X 3J X J, and 2 — 12 X J 
flange plates. Draw a J" scale 
detail of the arrangement. 

Prob. 264d. Provide a seat ar- 
rangement for a 24 I 100, having 
an end reaction of 41,000#, t i frame Fig. 401 

into the web of the column given 

in Prob. 254 c. Draw a }" scale detoil, labeling the sizes and 
lengths of all the fittings. 

Prob. 254e. Arc the details shown in Fig. 402 satisfac- 
tory? Make check computations to verify your answer. 




Fig. 402 


255. Beam Connection Angles. 

In special cases, beams may be framed into the 
columns with connection angles, as illustrated in 
Fig. 403. The angles are shop riveted to the beams 
and then the beams are attached to the column by 
field rivets. The holes in the outstanding legs of 
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the connection angles must match thtKgaoge lines in 
the column shaft. One reason that this type of 
connection is not commonly used is that the erection 
is usually quite awkward. It is necessary to swing 
the beams into position and with the aid of drift pins, 
insert two or three bolts through the open holes to 
hold the beams temporarily in place, such as for a 
case “x” in Fig. 403 (o). On account of this situa- 
tion, “erection seats” are often used, as shown at 
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Fig. 403 

“y.” Those are set slightly below the plane where 
the bottom of the beam is to finally rest (usually J"). 
The beam may then be swung into temporary posi- 
tion, shimmed up, and then field riveted into place. 
In this way, the beam, when finally connected, is 
free from the erection seat, and hence the latter is 
not counted upon in a supporting capacity. This 
is proper, as connections should not be used in which 
part of the end reaction is calculated as being carried 
by connection angles and the remainder by a seat 
angle, if it is at all possible to avoid it. The amount 
of the reaction carried by each part of the connection 
in such a case would be indefinite, and if some of the 
holes did not match properly, the whole reaction 
might be carried entirely by one part or the other, 
thusrieading to overstress. 

The design of the angles serving as beam connec- 
tions is similar to that discussed in Arts. 28 and 29. 
Standard connection angles may be used if the holes 
in the outstanding legs will match the column rivets. 

Prob. 266a. If a 12 1 31.8 has an end reaction of 17,000# 
and frames into the flange of a column, could a standard 
angle connection be used? 

Prob. 266b. If a 15 I 42.9 has an end reaction of 26,000#, 
can a standard connection lie employed to frame into a 
column? If not, design a pair of angles which are satisfactory. 

266 . Connections for Eccentric Loads. 

In certain instances of framing, beams may not 
be seated on or framed into, columns directly. 


Stcfionti-G" 


Such cases occur in spandrel framing, for crane 
girder brackets, and so on. The connections which 
receive suqJi loads are usually subjected to bending. 
The rivets which support direct loads are propor- 
tioned on the assumption that each rivet in the 
group takes its share of the load (Arts. 72 and 73). 
This resolves itself into relatively simple design, as 
the number of rivets required is established by 
dividing the load by the safe resistance of one rivet. 
When a bending moment is exerted upon a 
group of rivets, however, additional stresses 
in the rivets are developed. The design of 
^ the joint in such a case must be made by 
44 cut and try ” methods. A trial number 
of rivets must be assumed, their arrangement 
decided, and the maximum stress calculated 
and compared with the allowable. The number 
— of rivets will certainly be larger than that 
-±t required for the direct load, but the number 
to add to the latter is a matter of judgment, 
and depends upon the magnitude of the 
moment and the relation of the rivets to each 
other. A rule of thumb, which may be used 
as a guide, is to allow one extra rivet for each 
50,000"# of bending. This rule is of course 
not a positive one. 

After a trial group of rivets is decided, the 
next step in the design is to calculate the center 
of gravity of the group. The direct stress in any rivet 
(or the reaction to the load) acts in a direction op- 
posite to that of the load. Its value is the load di- 
vided by the number of rivets in the group. The 
bending produced by the eccentric load tends to turn 
the connection about the center of gravity of the 
group of rivets as illustrated in Fig. 404. The indirect 
stress in each rivet is in a direction perpendicular to 
the radial line drawn to it from the center of gravity 
of the group. The amount of stress induced by 
bending in each rivet is proportional to its distance 
away from the center of gravity of the group of 
rivets. The stress on the rivet farthest away is 
hence the largest, and controls the design. This 
value may be expressed by 


Md n 


, in which 


(S-6 9) 


r = the stress on the extreme rivet in #, 

M = the bending moment exerted on the group 
of rivets in in.-lbs., 

d n = the radial distance from the center of 
gravity of the group of rivets to the 
extreme rivet in ins., and 
l r — the 44 polar moment of inertia ” of the 
group of rivets. 

The value of I r is the summation of the squares of 
the distances to all of the rivets from their center of 
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gravity. The value of M is the product of the load 
and the normal arm from the center of gravity. 
Formula £-69 is derived and more fully discussed 
in Art. 73. 

The resultant* maximum stress is then found by 
combining the maximum indirect stress with the 
direct stress, each acting in its respective direction. 
This may be done by using a parallelogram of forces, 
or using the trigonometric relations. 

In Fig. 404 (a), there is shown one type of eccen- 
tric joint in the form of a gusset plate, which serves 
as a bracket. The gauge lines are kept standard 
for the angles whenever possible. The spacing of 
the rivets is commonly made 3" or 4". 



Illustrative Prob. 256a. Determine whether the arrange- 
ment shown in Fig. 404 (a) is safe or not, if |" rivets are used. 

Double shear = 10,600# per rivet. Enclosed bearing on 
web - 30,000 X } X J * 11,200#. Unenclosed bearing on 
the angles = 24,000 X } X 2 X } = 13,500#. The value 
of 10,600# controls. 


40,000 
10,600 
M e = 


3.9, say 4 rivets, required for the direct load. 
P • e = 40,000 X 10 « 400,000''#. 


400.000 

60.000 + 8 
spaced as shown 


12. Assume 10 rivets in the group, 


(using thumb rule). The center of 
gravity is at C, since it is a symmetrical group. The jjolar 
moment of inertia (/ f ) may be calculated by adding the 
squares of the horizontal distances and the squares of the 
vertical distances (the square of the hypotenuse of a right 
triangle is equal to the sum of the squares of the two legs). 


Thus 7 r - 10 X (21)* + 4 X (4)* + 4 X (8)* - 396. 
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For a CMe'%iy»rij the load is parallel to- an axis of the group 
of rivets, it*is simpler to calculate the horizontal and vertical 
components of the stress. 


dn 

dn 


r (horizontal) 
r (vertical) 


8" (perpendicular to the horizontal com- 
ponent). 

21" (perpendicular to the vertical com- 
ponent). 


M d n 
It 


400,000 X 8 
396 


8080# 


400,000 X 21 
396 


2780# 


r (vertical, due to direct load) — 4000# 

4000 -|- 2780 *=> 6780# total vertical stress. 

Combining the horizontal and vortical c omponents graph- 
ically, as illustrated in Fig. 404 (6), or V(6780)* + (8080)*, 


r «*= 10,540# resultant, stress on the extreme rivet. 
r = 10,600# allowable. O.K. 


The actual stress and the allowable stress agree very nearly. 
If they did not, 8 rivets or 12 rivets could be tried, according 
to the relation of the stresses. 


Illustrative Prob. 256b. A member may frame into an- 
other so that the line of the force iB inclined to an axis of tho 
group of rivets, as in Fig. 405. Determine whether the joint 
Bhown is safe or not. 



Fig. 405 


Single shear - 7220#. Unenclosed bearing on the plate 
6560#, which controls. 

24 000 

6560 “ ***? 4 rivets for the direct stress. 

M c = P ■ e - 24,000 X 5.21 = 125,000"# 

125, 000 


50,000 


= 2-h Try 8 rivets for the joint. 


V(2)* + (3)* * 3.6" * x . V(6)* + (3)* - 6.7" - dm 
4 X (3.6)* +4X (6.7)* =» 232 - 7 f 

M • dn 125,000 X 6.7 , 4 , 

r *= y 0 0 • 3610# the stress due to the 

If £o& 
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bending on the extreme rivets 1, 4, 5 anct^/frie direct 
stress - ~ ~ * 3000# on each rivet. Referring to Fig. 
405 (c), 

0 - A tan^ - } - J. 0-26° 30'. 

The stress r (due to bending) acts in a direction perpendicular 
to the line from the oenter of gravity of the group to the 
rivet. The stress r (direct) acts in a direction parallel and 
opposite to the direction of the 24,000# force. The resultant 
stress may be obtained graphically as shown in Fig. 405 (b). 

r - 6560# allowable } °‘ 3% over8tre8aed - OK - 

The excess is under 2% so that the joint may be considered 
satisfactory. In this particular case, only a small error would 
lie introduced if the direct and indirect stresses had been 
added as an algebraic sum, because of the small angle in- 
volved. 

To illustrate further the stresses in the group, Fig. 406 is 
shown. The indirect stresses on rivets 2, 3, 6 and 7 may bo 
found by direct proportion, using the distances to the rivetB 
instead of the moment formula. Thus 

r - 3610 X || = 1940#. 

The direct stress is the same for each of the rivets and acts 
in a direction parallel to the 24,000# force. These are shown 
by the solid arrows. The indirect stresses are shown by the 
arrows with the dashed lines. These act at right angles to 



Fia. 406 


the lines connecting the rivets with the center of gravity of 
the group. The resultant stresses are shown by the arrows 
with the double-lined shanks. It should be noted that if the 
direct stresses were omitted, the couples in the figure balance, 
that is, 1940# on rivet 6 is parallel, equal and opposite to the 
1940# on rivet 2, the same for rivets 3 and 7, and for the 3610# 
forces on rivets 4 and 8, and 1 and 5. The direct stresses also 
form a couple, that is 

8 X 3000 - 24,000# F = 24,000# 

(reaction) (force) 


the indirect stresses are added, they will balance the external 
moment. Thus 

V'(fl)\+ (12)* - 13.41" VWTW - 7.24" 

($610 X 13.41) X 2 - 96,800 
(1940 X 7.24) X 2 - 28^00 

M r - 125,000"# - Af # . 

The tendencies of these two moments are opposite to each 
other. Hence complete equilibrium exists, and £ H « 0, 
£V = 0, and ZM » 0. Rivet 8 is the only rivet which is 
stressed to a maximum. Rivet 4 is stressed the least, and 
the others to values in between the two extremes. It should 
be obvious then that the center line of stress of a member 
framing in should pass through the center of gravity of the 
connection whenever possible. 

Illustrative Prob. 266c. Determine whether the bracket 
shown in Fig. 407 is safe as far as the shop rivets are con- 
cerned. 

Double shear * 10,600#. 

Enclosed bearing on plate = 30,000 X } X i « 8440#. 

Unenclosed bearing on angles = 24,000 X 2 X | X 1 - 
13,500#. 8440# controls. 



2[(li)* + (44)* + (7J) 4 ] 
M = 22,000 X 8 
176,000 X 7.5 

158 

22,000 


158 - If. 

176,000"# 

8350# due to moment. 
3670# due to shear. 


r = V (8350) 2 + (3670) 2 - 9150# 
r (allowable) = 8440# not safe. 


The joint must be revised. A 1" plate would increase the 
bearing resistance of the shop rivets to 11,250#. The con- 
trolling value is then 10,600# and the joint would be satis- 
factory on this basis. An alternate method would be to use 
7 rivets. 

At the Load . P = 22,000#. 


The moments of each of these forces about each other ob- 
viously balance. If the moments of the couples formed by 


22,000 

10,600 


2-f. Use 4 rivets in scat angle. 
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Moment at edge of connection angles, 

M - 22,000 X 6.76 - 148,600"# 

» X 0.5 X (17.6)* 

148,600 « - 12,700#/d" 

Extreme fiber stress in 
plate O.K. 

22 ooo 

Shear in plate j^ooO “ net * required. 

(174 - 6 X i) i - 6.13D" actual. O.K. 

Prob. 266d. If the load in Fig. 404 (a) were 60,000#, 
arrange a group of rivets to carry the load wifely. 

Prob. 266e. If the load in Fig. 405 (a) were 18,000# and 
the eccentricity were 8", how many rivets would be required? 

Prob. 256f. How many shop rivets would be required in 
Fig. 407 if P * 30,000# and e = 6"? What provision should 
be made for the field connections where the open holes are 
shown? 


257. Column Caps. 

In special cases, beams inay be seated on the tops 
of columns of one-story length or on top of the 
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upper sections of multi-story columns, as illustrated 
in Fig. 408. In general, this is not advisable and 
should be avoided whenever possible. It is far 
better to carry the column up a little further and 
connect the beams or trusses to the web or flange, 
as the case may be. If caps are used, the beams or 
trusses must be properly stayed in a transverse 
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direction!\One advantage is that the beam re- 
actions ntoy be brought nearer to the center of the 
column, but this is more than offset by the lack of 
stiffness of the horizontal frame. 


258. Support of Concrete Girders. 

Occasionally in some buildings, concrete-framed 
floors are used in conjunction with structural steel 
columns, encased with a concrete fireproofing. This 
results in the need of the provision for the support of 
the concrete beams by brackets. The details which 
are frequently used are shown in Fig. 409. The 
detail should always provide continuity of the 
reinforcement, either through or around the column, 
as shown, and the bearing plates should be fitted 
with clips or anchor holes for the fastening of the 
reinforcement, as shown at A . When the reinforce- 
ment is passed through the column, the engineer 
must be careful to provide sufficient area for com- 
pression on the net section, or insure adequate 
protection by encasing the entire column in concrete. 

259. Splices. 

“ Ideal ” construction using structural steel col- 
umns would occur if one continuous set of sections 
of the same size could continue the full height of the 
column stack. This, of course, is not practicable 
nor economical, and it is necessary to splice the 
different sections together. The splices should be 
such that the column, for its full height, will act as 
a unit as nearly as possible. 

It is common practice to have a column length 
run two stories in height. One-story lengths would 
offer a saving in the shaft material, but this is usually 
more than offset by the expense of an extra splice 
and the additional erection cost. Throe-story 
lengths would be difficult to erect, and the excess 
material in them would more than balance the 
saving in an extra splice. Experience has shown 
the two-story length to Ixj the economical one in 
general, and it conforms with “ carload lengths/' 
as it may be shipped conveniently on flat cars. 

The splice lines are commonly placed above the 
floor line, 2'-0" being the usual dimension, al- 
though this may be increased in special cases. This 
is done so that the details of the splice will not 
interfere with those of the beam or girder connec- 
tions, as illustrated in Fig. 410. 

The ends of two abutting column sections are 
accurately milled in practically all cases to insure 
good bearing. This means that the upper story 
column load is developed by direct bearing. The 
purpose of the plates used at a splice is then to 
hold the sections in line, provide some lateral 
stability and stiffness, resist any local bending 
stresses, and serve as a general aid to make sure 
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that the upper section bears on the-4ower. All 
splices must be riveted to insure the b&t action 
possible. The outside splice plates are shop riveted 
to the lower section,* while the filler plates (used to 
make up the offset between the two columns) are 
shop riveted to the upper section, with open holes 
to receive the splice plates when erected. Usually 
the top row of holes in the lower section are left open 
for field rivets, as shown at A in Fig. 410. This is 
done so that some adjustment is possible when the 
upper section is erected upon the lower one. 

Column splices may be divided into two general 
groups: first, those in which the sizes of the two 
columns change only slightly; and second, those in 


“ Constant dimension ” columns (Art. 245) are a 
distinct advantage in minimizing the cost of splices. 

The nun^oer of rivets (and consequently the length 
of the plates) Is a matter of judgment. A minimum 
of two rows each side of the splicp line should be 
used, not counting the rivets which are used to 
attach the filler plates. The latter should have one 
row for each intermediate plate and two rows for 
the one adjacent to the upper column section, as 
illustrated at B and C, respectively, in Fig. 411 (c). 
The spacing of the rivets in the direction of the 
column length is generally made 3". The following 
minimum arrangements for the rows of rivets each 
side of the splice line may be used as a guide: 



Fig. 409. Support or Concrete Girders at Structural Steel Columns 


(a) anchorage through column flange and at scat angles 

(b) passing steel outside of column and resting positive steel upon seat angles 


which there is a considerable change in either size 
or section. In the first group (such as in Fig. 410), 
sufficient bearing area is obtained, so that plates 
are all that are necessary to make up the splice. 
For the second type of splice, a bearing plate should 
be used, as shown in Fig. 411 (c). This may be 
made of nominal thickness,! and serves to transfer 
the load from the upper section over the lower one. 
The bearing plate is usually fastened by 3 X 3 
clip angles as shown. If the two columns to be 
spliced are of different cross-sections, t stiffeners may 
be introduced, as shown dotted in Fig. 411 (a). 

* If it bo happened that the lower section of oolumn had an eitra cover 
plate, this may be lapped to serve as a splice plate. 

t Usually ft 1"' or f" plato is sufficient. The thickness may be checked 
for bending in special coach. 

X Such a change of sections should be avoided wherever possible. 


Type of Column Number of Rows 

Plate and angle — - no cover plates 2 

Plate and angle — with cover plates 4 

Channel 4 

Bethlehem — no cover plates 2 

Bethlehem - - with cover plateB 4 


As has been stated above, no great lateral resistance 
is required of the plateB and rivets in the average splice. 
Even if some small eccentricity were developed, or uneven 
faring stresses existed tacause of some eccentric load im- 
mediately above, it would be seldom that actual tension 
would be developed in the steel. In such cases the plates 
would not be transmitting any great stress. 

If a case of an eccentric concentrated load occurred at the 
splice, such as when the upper section is off center with respect 
to the lower one, a special investigation should be made. 
The splice should be designed to resist a moment of: 
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M 


(/ - p) A 
c 


•r* 


, in which 


(£-70) 


/ ■* the maximum allowable fiber stress in #/□", 
p - the average unit stress in #/□", 

M - the bending moment in in.-lbs., 
c « the distance "of the extreme fiber from the column axis 
in ins., 

A * the area of the column cross-section in and 
r — the radius of gyration of the column cross-section 
about an axis normal to the direction of bending, 
in inches. 


If the ends of the column sections are not milled (faced) 
for splicing, the splice material and the connecting rivets must 
resist the full load. Figure 412 illustrates how a fictitious 
splice of such a kind would appear. It is obvious that no 
economy would result, and that milling the ends of the 
columns would be much cheaper. 



There are a number of kinds of bases used to dis- 
tribute bottom-story column loads on to the foot- 
ings. In each case, the size of the base plate must be 
such that the allowable pressure on the bed is not 
exceeded. Footings for steel columns arc usually 
of concrete or of steel grillages. In the first, a safe 
pressure of 500#/n" is common, and in the second, 
the base is bedded on a layer of grout from £" to 1" 
thick on top of the upper tier of grillage beams, so 
that a safe pressure of 1000#/a" may be used. There 
is no exact theory for analyzing bases, but the com- 
ponent parts are checked for flexure and shear, 
based upon assumptions. 

* The ensuing discussion relates only to taking the load on to the footing. 
The design of the foundations is a subject in itself and requires considerable 
study apart from the column details. Refer to any standard test on the 
design of foundations. 


For smfill columns carrying moderate loads 
(usually net greater than 3 or 4 stories high), bases 
made of steel plates and angles (Art. 261), riveted 
together, may be used, as shown in Fig. 413 (a). 
When the projection of the base plate beyond the 
edge of the column exceeds 5" or 6", the thickness 
required for the ; plate becomes excessive for ordinary 
stock material, and some other form of base must 
be used. One of the most common methods is to 
use rolled steel slabs (Art. 262). These are simply 
thick plates, specially rolled, which can resist more 
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Fig. 411 


upward bending. Occasionally, cast-iron plates 
(Art. 265) have been used. 

For heavy loads, cast-iron pedestals (Art. 264) 
are sometimes employed, as shown in Fig. 41$. (fc). 
Sometimes pedestals are made of cast steel in order 
to gain the advantage of increased flexural and shear- 
ing stresses. Another scheme is to make up a series 
of rolled steel slabs, as illustrated in Fig. 421. 

261. Riveted Steel Bases. 

One form of column base which may be used for 
columns carrying moderate loads is to employ a 
steel bearing plate on the bottom, supplemented by 
shoe angles on the flanges and clip angles on the 
web. For larger loads, or when the column is to 
rest upon masonry or concrete, wing plates may have 
to be used to supply additional stiffness, as shown in 
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Fig.' 414 (a). For columns resting upon rolled steel 
slabs, only shoe angles are necessary, as illustrated 
in (6) and (c). 

The design of built-up steel bases involves some 
judgment, and certain arbitrary methods of arriving 
at some of the dimensions must be used. The size 
of the base plate in plan is of course determined by 
the bearing requirements. The ideal shape is 
square, although the outside dimensions of the 
column will be influential. In regard to other sizes, 
the following tabulation may be of value as a general 
guide (see Fig. 414 (a)): 

Light columns: 

Bearing plate } " thick 

Clip angles 4 X 3 X A 

Shoe angles 0 X 3J X 1 

Wing plate A" thick 

Medium columns: 

Bearing plate thick 

Clip angles 4 X 3 X i 

Shoo angles 6 X 3J X A 

Wing plate i" thick 

Heavy columns: 

Bearing plate 1" to 1 thick 

Clip angles 6 X 4 X i 

Shoe angles 0X4X1 

Wing plate. . A” or 5" thick 



CHANNtL COLt/ff* 

A r*r//y of S/e*/ 

(G) 

Fio. 414 

It should be understood that the above classifica- 
tion of loads refers only to. the range of loads for 
which built-up steel bases may be used. That is, 
a base plate thicker than 1J" is seldom employed, — 
rolled steel slabs being used instead. The sizes 
given for the “ medium load ” represent about the 
customary built-up base. 
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After tht^plan dimensions of the base plate have 
been established, the next step in the design is to 
determine the thickness of the plate. One of the 
critical places is the projection beyond the column, 
fc, as shown in Fig. 415 (a). The action is that of a 
cantilever about the plane a-a, at the too of the 
fillet of the shoe angle. This is conveniently 
analyzed by considering a strip 1" wide, as shown. 
The load per linear inch on the cantilever is then the 
pressure per sq. in. on the base, p, assuming a uni- 
form distribution. The external bending moment 
is thus M e = p • 6 2 -r 2. The size of the angle is 
assumed (sec classification above). The combined 
thickness of the angle and the plate may be counted 
upon as acting as one thickness, — providing that the 
angle is riveted to the plate with a sufficient number 
of rivets to resist the horizontal shear at the plane 
of contact of the angle with the plate. If the cus- 
tomary spacing of 3" o.c. is used, there generally 
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will be ample resistance to such shear. The total 
required thickness, t in Fig. 415 (a), may 1 m? deter- 
mined from 

s • 1 • t 2 . 4 /g M e . ... 

M e = or t = v (1) in which 

6 * * 

8 ■» the maximum allowable fibre! stress in #/□". 
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If the thickness pf the angle, t a , is^cnown, the 
thickness of the $late required is t — fe * tp* If 
tp exceeds say I}'' as a limit, then the angle thickness 
would have to be increased. If the thickness of 
the angle required under such conditions were 
excessive ( thicker than the diameter of the rivets 
or the maximum thickness rolled for that size of 
angle is the limit), then a rolled steel slab (Art. 262) 
or some other form of base would have to be used. 
Thus it may be seen that there is a limiting column 
load which may be carried safely by an ordinary 
built-up steel base, for a given get of conditions. 

The thickness of the base plate, between the column 
flanges, should be checked. This may be tested for a 1" 
strip, as shown in Fig. 415 (5), assuming it to be a fixed end 
beam. The moment is then M e = p • c a + 12, from which 
the thickness may be determined from formula (1) above. 
Usually, the thickness of plate, as determined by the canti- 
lever, controls, however. The clip angles, attached to the 
web and the base plate, help to stiffen the latter and thus it is 
not in simple flexure. 

Another feature which should be investigated 
is the stress in the rivets which connect the shoe 
angles to the column flanges, or those at D in Fig. 
415 (c). There should be enough rivets to develop 
the load on the portion of the base beyond the edge 
of the column, or in Fig. 415 (e), p • A ■ E. For 
ordinary, small columns, the maximum number of 
rivets is 4, where a 6 X 4 angle is used and only 2 
gauge lines arc available in the column face, as 
shown. If 4 gauge lines were available, as shown 
in (d), then 8 rivets might be counted upon. These 
of course must be figured at their controlling value, 
usually single shear. If the load on the area A ■ E y 
in Fig. 415 (c), exceeds the strength of the rivets 
which may be driven in the upstanding leg of the 
shoe angle, then it becomes necessary to introduce a 
wing plate. This is illustrated in Fig. 415 (r). 
This plate allows the driving of more connecting 
rivets, and the vertical extent of the plate depends 
upon the number required. Iiivets should be used 
at F to keep the angle and wing plate tied together, 
and may be counted upon to resist the load. They 
also help to keep the wing plate from buckling. t 

Illustrative Prob. 261a. Design a steel built-up base to 
carry a load of 250, (XX)# which is to rest upon a concrete foot- 
ing. Column make-up: 12 X 2 web plate, 4 £ 6 X 4 X A. 
Allowable pressure on the concrete = 500#/ci"4 

, . , 250,000 

Required area = — -- = 500D". 

ouu 

* If tho ancle were not connected to the baae plate, or there were an 
insufficient number of rivets to resist the horisontal shear discussed, the 
method of dcftign would have to be uttered. The moment of resistance of 
the anglo (based upon its thickness) would have to be subtracted from the 
total moment, Me, and the thickness of tho base plate would' be propor- 
tioned to carry the remainder of the moment. 

t Home detailers use stiffener angles along the sloping edges of the wing 
plates to prevent them from buckling when the wing plates are very large, 
but this is inadvisable and usually unnecessary, and complicates the details. 
Stiffener angles such ns shown in Fig. 415 (/) are also cumbersome. 

t Although the column would be set in grout, the ooncrete directly 
underneath it would control. 


VfiOO - 22+". 

Actual pressure 


Try base plate 24" square. 
250,000 

- 438#/ 


24 X 24 

Try 6X4 ihoe angles (see Fig. 416 (a)). 
y • 6* 438 X (4.75)* 

2 


Me 


■ 4960"f 


t 


. M M e ./ OX 4960 

‘ V 8 * V 16,000 


- 1.28" 


16,000 

1 + i - 1.25" O.K. practically. Use 6X4X4 shoe E. 

24 X i X 2'-0" PI. 
Test plate between column flanges (Fig. 416 (6)). 

w P c * 438 x (11.62) 2 

M, - — 4930 # 

(O.K. — less moment than above). 
Load outside of column face (see Fig. 416 (c)). 

5.75 X 24 X 4.38 * 60,300#. 



Single shear, J rivets * 5300#. 

4 gauge lines available, or 8 rivets in L . 

8 X 5300 = 42,400#. Hence wing plates are required. 
60,300 

- - ---- =a 11.3. 12 rivets required. 


Wing plate must take up 1 row of rivets. 
Make PI. i" thick. 

Use 5 X 34 X 1 clip E . 

Fig. 416 ( d ) shows a detail of the base. 


Prob. 261b. Design a built-up steel base to carry a load 
of 400,000# if the allowable bearing is 600#/n". Column 
make-up: 14 X J web plate, 4 E 6 X 4 X A, and 2 flange 
plates 14 X }. 
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Piob. 861c. Design a built-up steel base to carry a load of 
290,000# if column is composed of 2 — 12" channels 20.7# per 
ft., and 2 — 14 X J plates. Channels turned out and are 
7i" back to back. Allowable bearing 500#/a". Draw the 
details at a scale of 1|" = l'-O". 

v> 

282. Rolled Steel Slabs. 1 " 

When a built-up steel base is not sufficient to 
distribute the column load upon the footing, the 
rolled steel slab may be used. Some designers 
prefer to use them for columns of any importance, 
as the details for the end of the column are simpler. 
A pair of standard 6X4 angles may be riveted to 
the column, as shown in Fig. 417 (a), to seat the 


rg — j 

^ — i T .£. 

'Got ltd 5*e«/ SlabJ 
(<*) 



(t) 


Fig. 417 


shaft, or a pair of clip angles may be attached to the 
rolled steel slab, as shown in (6).| The latter are 
principally for the purposes of erection, and aid in 
setting the column at the proper point. In some 
cases, these angles are welded to the slab, and in 
others, they are riveted. If welded on, there is a 
danger that they will get knocked off before the 
columns are in place, but riveting them is awkward 
and generally they are welded. Figure 418 shows a 
group of rolled steel slabs. A disadvantage is that 
many structural shops do not carry many rolled steel 
slabs in stock, so that often they must be ordered 
from the mill. This may delay the shipment of the 
steel to the job to some extent. 

The plan dimensions of a rolled steel slab are 
established by the bearing requirements. If the 
slab is to rest upon a concrete footing, a bearing 

* Rolled steel slabs may be used for cases where it. fa desirable to "turn” 
a column in an upper story, that is, so that the web of the upper section is 
normal to that of tbe lower section. This is sometimes done to allow heavy 
girders to be connected to the flanges instead of to the webs. The thick 
rolled steel slab is designed in a manner similar to that for bases. 

Another place where rolled steel slabs ore used is to scat columns on top 
of supporting girders, or to seat girders on top of columns. The columns 
should be anchored through the steel slabs in such cases. 

t Some engineers prefer to use both pairs of angles. In any instance, 
rolled steel slabs are shipped loose to the job and are not attached to the 
column shaft beforo shipment. This allows the contractor to Bet the slabs 
in their proper positions beforo the other steel arrives. 
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stress for the concrete may be used. 

The slab h usually grouted into place, but the 
bearing of the concrete under the grout is the govern- 
ing factor. When a slab is to rest upon a steel 
grillage footing, usually a layer of to J" of grout 
is placed between the base and the top tier of the 
grillage. It wquld be a relatively simple matter to 
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' ** 


Fin. 418 


plane the bearing surface of the slab,, but it would 
involve considerable work and expense to plane the 
top flanges of the beams in the upper tier of the 
grillage, where the rolled steel slab would rest. 
Hence the layer of grout is used to give a level bear- 
ing. In usual cases, the allowable bearing for neat, 
Portland cement grout is 1000#/a", but when neat 
grout between steel, not over thick, is- used, 
1500#/n" may be spec- 
ified. t When the re- 
quired bearing area is 
known, the plan di- 
mensions of the slab 
should be fixed to the 
nearest 2" above the 
requirements. These 
should naturally con- 
form to the column 
section above, as far 
as possible. The slab 
should be square, pref- 
erably, but rectangular 
slabs are often used in 
order to keep the pro- 
jections in each direc- 
tion as nearly equal 
as possible, and there- 
by keep the thickness of the slab a minimum. § 

The thickness of the slab must be sufficient to 
resist the bending induced in it. The method of 
calculating the moment is varied according to one’s 
judgment of how the bending takes place. Some 
believe that the maximum moment occurs at the 
center-line of the column, and others base the cal- 
culations on the projection of the slab beyond the 
face of the column, acting as a simple cantilever. 
If the following symbols are assumed in Fig. 419: 



illilL 


X. 


[hi 


Fin. 410 


t Recommended by the National Board of Fire Underwriters. 
( Other factors may also dictate that the slab be rectangular. 
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w = the actual* intensity of prcdSure on the 
base in #/□", ‘ 

B — the length of the rolled steel slab in a given 
direction in ins., and 

b = the outside dimension of the column in the 
corresponding direction, in ins., 

then the bending moment, M e , for a strip 1 " wide, 
may be expressed by 


Maximum projection *» 

> 493#/ □' 


- 14 


w 


6 ^ 0,000 
1 30 X 36 
w (B — 6)* 


A\ X 29,900 

' V 16,000 


493 X (22)> 
8 

VlLSB = 


11 " 


■ 29,900"# 

3.49" 

Use slab 3V' thick, t 


w(B 2 - b 2 ) 

M e r (about the center-line of col- 

o 


umn),t 


(aS-71) 


or, 


M e = — (as a cantilever), t (S-72) 


The two above expressions are not equal in value, and 
the first is larger than the second. The cantilever 
method (formula (S-72)) is more commonly used, 
— it being reasoned that the column above the slab 
is not as “ flexible M as a beam flange on a bearing 
plate might be, as the column has a great depth in 
the direction of the bending in this case. In the 
above formulas, the dimensions used should be the 
ones whicli involve the maximum projection. Some 
designers also calculate the bending moment for a 
1" strip between the flanges of the column, assuming 


it to act as a fixed end beam 



This 


moment usually will not control, however. When 
the value of the maximum bending moment has 
been obtained, the thickness of the slab may be 
determined from 



in whichf 


t = the required thickness of the rolled steel 
slab in ins., 

M e = the maximum bending moment in in.-lbs., 
and 

*. * = the maximum allowable fiber stress in 
#/n", usually 16,000. 


In general, the thickness should be a multiple of 


Illustrative Prob. 262a. Determine the size of a rolled 
steel slab to distribute the load of 640,000# for the column 
shown in Fig. 420. Concrete footing. 


Bearing area required 
v'1280 - 35.7+" 


640,000 
’ 500™ 


12S0D" 

Use 36" X 36" slab. 


* The Hrt.uul intensity of pressure is the load divided by the actual area 
of the base (not the allowable pressure, by which the sise of the base was 
established). In this way, sonic thickness of plate inay be saved in many 
cases. 

t For the derivation of these formulas, refer to Art. 15. 


Clear distance between flanges 


w to-/, 2 403 X (11-75)* 

M ‘-—2 2 


12J - 2 X | a 11.75" 

* 5460"# (does not control) 


L ur j 


1 ' 

n 


LJ 

r i 

ML j* 


L 


ft 
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Illustrative Piob. 262b. If the con- 
ditions in Illustrative Prob. 262a were 
the same except that the slab were to 
rest upon a steel grillage footing, what 
size of rolled steel slab would lie re- 
quired? Use }" grout maximum. 

Maximum allowable bearing stress = 
l500#/a" 

. . , 640,000 

Bearing area required = — = 

4270" 

V427 = 20.7" Try 24" X 24" slab. 


Assuming 6X4 bracket angles for the flanges, as in Fig. 
417 (a), 


J5{ + 4 + 4 * 23 V'- 24" minimum dimension. 
640,000 


24 X 24 
Maximum projection - 


1110#/U" 

24 - 14 


2 


^ = 1;UK) o" # 


/ () x 13, 9(H) 

" V 16,000 


2.29" 


Use 24" X2i"t X 2'-0" slah. 


If a rectangular slab were used, the 24" dimension across 

427 

the flanges must be used, and — = 17.8, say 18" could be 

employed for the other dimension, leaving only a 2" projee- 

24 15.5 

tion. The maximum projection is then — — - 4.25". 


640, (XX) , „ 

- = ‘ions - 

Af< = ,482^ =i3420 „ # 
/CX_1JM2() = 

1 V 16,000 


A 24" X 2J" X l'-6" slab could be used, but under usual 
conditions the square Blab would work out better with the 
footing design. 


Rolled steel slabs arc available up to and including 
a 12" thickness, by £" increments, but ordinarily 
9" is a usual mill-stock limit, and a 6" thickness is 
sometimes considered an economical limit. An- 


t This is the finished thickness and planing must be allowed for (w 
following discussion). 
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other type of base may be cheaper than using too 
thick a dab. Slabs 4" thick or less, and up to 36" 
wide, may be straightened true and smooth in a 
hydraulic press. For thicknesses exceeding 4", a 
surface must be planed if it is to rest on steel. A 
surface which is to bear on concrete need not be 
planed, as the slab is set in grout. An allowance of 
¥' should be made in the thickness for each planed 
surface. Thus for thicknesses greater than 4", 
rolled steel slabs are less than the ordered thick- 
ness when they are to bear on concrete or grout, 
and 1" less when they are to bear on steel. 

In order to speed up delivery from the mill, 
standard commercial sizes are now adopted by some 
companies. These are rolled in quantity, stocked, 
and then cut to the lengths ordered, so that less 
time is required to obtain them. Any reasonable 
length is obtainable. The following is a standard 
list: 

Rolled Commercial Sizes* 

14 X 11, 10X11,20 X 2,24 X 21,24 X 3,28 X 3,32 X 35, 
30 X 4, 36 X 4, 34 X 5, 40 X 5, 34 X 55, 44 X 5J, 34 X 6, 
34 X 05, 42 X 0}, 34 X 7, 42 X 7, 40 X 71, 34 X 8, 48 X 8, 
and 48 X 9. 

Prob. 263c. Determine the size of a rolled steel slab to 
distribute a column load of 750,000# on a concrete footing. 
Column mako-up: 14 X 5 web plate, 4 — 6X4X5 angles, 
2 — 14 X i cover plates. Use a commercial size. 

Prob. 262d. Design a rolled steel slab to distribute a load 
of 480,000# on a grillage footing. Column make-up: 12 X j 
web plate, 4 — 5 X 31 X i angles, 2 — 12 X 5 cover plates. 
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264. Cast-iron Pedestals. 

SPECIFICATION CLAUSE* 

Cast-iron bases or shoes shall lx* planed on 
top. Bases which rest on steel girders shall he 
planed top and bottom. The thiekncRs of metal 
shall be not less than 1 inch. The inclination 
of thq outer edge of the rils with the horizontal 
shall be not less than 45 degrees. Whenever 
one side of the bed plate exceeds 3 feet in length 
a reinforcing flange at least 3 inches high shall 
be provided. 

For columns carrying very heavy loads, the thickness of a 
steel or cast-iron plate, or of a rolled steed slab, may become 
impracticable, and sometimes a cast-iron pedestal is used 
instead as a load may be distributed in a relatively small 
height. This iH sometimes the case in relatively high build- 
ings. One advantage is that the details at the bottom of the 
column are simple. Bracket angles are riveted to the column, 
which in turn are attached by bnltR through the pedestal.} 
Figure 413 ( b ) illustrates the detail, and Fig. 422 shows an 
actual installation. 



263. Multiple Steel Slabs. 

When the foundation is good for a high bearing 
pressure, such as hard rock, a scries of rolled steel 
slabs, similar to that illustrated in Fig. 421, f may 
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l>e used. In many cases, it may work out cheaper 
than some other form of footing, because only a 
small depth is required. This is trhe especially 
when the required length of grillage beams is 3'-0" 
or less on a concrete footing, as excavation and 
blasting are saved. The design of each slab is 
similar to that given in the preceding discussion 
(Art. 262). 

* Am listed in "Design of Structural Steel for Tier Buildings," edited 
and copyrighted by the American Bridge Company, New York City. 

t Based on an article by Mr. 10. W. Stern, Consulting Engineer, New 
York City, in Engineering News-Record, May 4, 1022. 


Fig. 422 

Pedestals are generally made square in plan at the hase,1[ 
and either rectangular or square in plan at the fop. Figure 
423 gives a typical illustration. The size of the Ixittom is 
governed by the area required for the bearing. The minimum 
size of the top is determined by seating the bracket angles of 
the column and providing space for the twits. The height, 
5, is usually made from i to J the width of the base. When 
a “ hub " type is employed, as in Fig. 423 (6), the diameter 
of the hub must lie assumed. This is often made alxmt 8" 
inside, or to conform to the column above, and the thickness 
of the metal is commonly made I J" minimum. The top plate 
is made 1" minimum, and 1{" is a customary value. "The 
thickness of the base plate is about minimum, and 1J" 
represents an average. The number of ribs is a matter of 
judgment, but they should be atxiut os shown in Fig. 423 (b) 
for liases 2'-0" to 4'-0" square, and alxiut as Rhown in Fig. 424 
for bases 5'-0" to square. The thickness should lie 1" 
minimum. In fact, no metal should lx* less than 1" thick for 
this work, and not more than 4" thick, and preferably 3”. 
The corner rilis should lie from 1" to }" thicker than the 
others, as they are longer. The thickness of any rib should 
not be less than T *g the clear height between the top and 

* From the Building Code of the National Board of Fire Underwriters, 
New York City. 

§ Rivets are never used through cast iron. Anchor bolts may be taken 
through the pedestal if necessary for uplift, although this is unusual. 

f Sometimes pedestals are mode round, as they arc applied better to 
circular piers or caissons. In such eases, the bending moment may be 
approximated os the load times 0.10 the diameter of the base plate. 
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bottom plates. In Buihmary, an effort should be made to have 
the thicknesses of all ij^he parts somewhere near fhe same. If 
radically different thicknesses were used for the component 
parts, cracks in the casting might develop, due to the different 
rates of cooling. For this reason, it is wise to avoid having 
the ribs meet under the comers of the top plate, and hence a 
“ hub ” type of pedestal is advantageous. 
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Fillets should be used at all intersecting traces of the parts, 
as they aid in strengthening the casting and in its manufac- 
ture. The radius of the fillets is usually i". The top of the 
pedestal is planed to provide n level seat for the column. 
The holes for the column anchor bolts are not cored in the 
casting, but are drilled later ( greater than diameter of the 
bolts) so that accurate setting of the column is possible. 
Grout holes are provided in the bottom plate (usually 4 — 2"0, 
as shown). On the job, the pedestal is leveled on top of the 
footing by small steel wcdgeB, then formed around, and grout 
iB floured until it appears in all of the holes, in order to bed the 
pedestal properly. No two grout holes should lie on the same 
line parallel to either axis of the base. When the grout 
appears in the holes so located, it gives reasonable assurance 
that the grout is in a complete layer under the pedestal. 
Two grout holes should be near the center of the pedestal. 
Large openings should occur in a type such as “ K ” in Fig. 
423 (a), or else be formed by the space inside the hub, as in 
(6). This is essential, so that the cores in the casting process 
may be removed. If the required thickness of the base be- 
comes excessive, or the thickness otherwise established is not 
strong enough to resist the local bending between the ribs, 
a rim (or border) should lie used, as shown in Fig. 424. In 
fact, a rim should be used on all large pedestals os a matter 
of protection, especially those larger than 4 '-0" square. 

Forms other than those shown may be devised and have 
been used. The top plate may be Bolid and round holes 
placed in the ribs to extract the core. In others, the middle 
ribs may be made to form a circle, with one rib across, to 
carry the web of the column. In some types, the metal of 
the column above may not bear accurately over the ribs. 
This would cause bending in the top plutc and should be 
avoided. 

In designing a cast-iron pedestal, the stresses cannot be 
computed accurately, and hence a high factor of safety 
should be used, as well as to provide for the tendency of cast 
iron to have flaws and to be unreliable. The section is 
established mainly by the use of the flexure formula. The 
design must be more or less “ cut and try," because of the 
many variables. The minimum sectional area may be cal- 
culated with an assumed set of dimensions (not including the 
ribs). The neutral axis of this section may be located, and 
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the resulting moment of inertia computed. This will allow 
testing the maximum flexural stress. The shear should also 
be investigated. There should be enough sectional area in 

the ribs and hub at a plane 
just below the top plate to 
resist thedoad on the pedestal. 
The thickness of the bottom 
plate must be sufficient to 
resist the local bending be- 
tween the ribs. Common 
working stresses for cast iron 
are 3000#/a" for both tension 
and shear. Cast iron is a 
good material in bearing and 
compression, so that the bear- 
ing of the column on the top 
plate, and the compressive 
filler stress due to bending, do 
not usually have to be in- 
vestigated. 

Illustrative Prob. 264a. If 
the column load in Fig. 424 is 
600, (XX)#, determine if the sec- 
tion of pedestal shown is satis- 
factory. Column 10" in size. 
X 4" base angles (long legs vertical) 10 -+ 4 -f- 
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Assume 6' 

- 18". Allowing for overrun, etc., make top 20" square. 


Required bearing area 
\/l20() * 35.6" 


600,000 

500* 


= 1200D" 

Make base 36" square. 


Assume top 11" thick, base 1J" thick, and hub 1]" thick. 
36 X i = 12". Make depth = 16". 

The shaded area indicated in Fig. 424 is available, neglect- 
ing the fillets and rim. 

Area “ A ” - 33 X 1.75 = 57.75 

2 Areas “ B " = 2 X 13 X 1.25 - 32.50 

2 Areas “C”=2X 6 X 1.25 - 15.00 


Total area - 105.25U" 
Taking moments about the base, 

57.75 X 0.87 - 50.53 
32.50 X 8.25 = 268.12 
15.00 X 15.38 = 230.62 


Hum - 549.27 

549.27 

7 -- Vi e — 5.21" = distance of N.A. above base. 
105.20 


Calculating the moment of inertia, 7o, 


7 

Area “ A ” 15 

2 Areas “ B ” 458 
2 Areas “ C ” 2 


+ A • d 2 
+ 57.75 X (4.33)* 
-f- 32.50 X (3.04)* 
+ 15.00 X (10.16)* 


1098 

759 

1550 


Moment of resistance, 


M f 


a • 7 3000 X 3407 

c = 5.21 


7o - 3407" 4 


1,940,000"#. 


External moment, M e =* 300,000 X 9 — 2,700,000"#. 

The selected cross-section is not satisfactory, and a thicker 
top and bottom plate must be assumed. 

Local liending between ribs. 

• If an assumed pedestal does not test out satisfactorily , of course 
a larger one must be used. The most effective plaoes to add area are in 
the top and bottom plates. 
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Average distance center to center of ribs — 4"±. 

Clear distance between ribs — 4" — l" «■ 3". 

W * L* 

Plate continuous. End span m - — * 1.0 w L* in.-lbs. 

i (joo goo 

Actual pressure on base - 30 “ ^ = 464^/a^. 

Consider a 1" strip. 

M. - 1.0 X 464 X (3)* * 4180"# 

4180 - 3000 * 1 X t% . p * 8 .; J6 t = 2.0, say 3" thick. 

Sectional area of hub — (9.25) 2 X ir X 1.25 * 3360". 

12 ribs 1" thick, and 4 ribs 1 J" thick, average length under 
top plate = 7" each 

12X1X7+4X11X7 = 133D" 

Shear resisting area = 336 + 133 = 469, say 470D" 

= 1280#/o" shear O.K. 

470 

The shear at the edge of a local rib on a strip of the bottom 
plate should also be tested. 

The design of a cast-iron pedestal is laborious work, and 
in many cases, attempts arc made to standardize them. This 
will also allow the re-use of patterns and hence decrease 
the cost of the pedestals considerably. Figure 425 gives a 
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typical illustration of this kind. Naturally the numl>er of 
sizes of pedestals for a given job should be limited, and the 
column loads to be carried may he grouped. 

* Reproduced with permission, from data of Mr. Francis W. WUson, 
Consulting Engineer, Cambridge, Mesa. 


Prob. 264b. Establish the proper thicknesses of the bottom 
plate in Illustrative Prob. 264a if the top plate is made 1 J" 
thick. 

Prob. 264c. Design (make the calculations) for a base 
plate similar to Fig. 424 to carry a load of 800,000#. Assume 
column 12" in size. Make height 1 '-8". 

Prob. 264d. Check the size of pedestal shown in Fig. 425 
for a load of 250 {ons. 

266. Cast-iron Plates. 

For column loads which do not require as heavy a base os 
a cast-iron pedestal, one form of alternate which may lie 
used is a cast-iron plate, similar to that shown in Fig. 426. 
The design is similar to that discussed and illustrated for 
cast-iron pedestals (Art. 264). The maximum overall thick- 
ness should lie limited to 4". In general, it may lie said that, 
for such cases, rolled steel slalis would lie preferable and more 
reliable, and probably less expensive. 



266. Anchorage. 

The usual column is often not tied into the footing 
with anchor bolts, such as in office buildings of 
ordinary heights, apartment houses, and the like. 
However, when columns are subjected to wind 
uplift, or when direct uplift is possible, such as 
in cantilever, theatre balcony framing, anchor 
bolts should be used. In mill buildings which 
are subjected to shocks and vibration, the col- 
umns should be anchored to the footings in the 
usual case. It is considered advisable to provjde 
anchor bolts in all cases in order to protect the build- 
ing against unusual conditions such as for earth- 
quakes, tornadoes, and the like. 

A check should be made of anchorages where 
sliding is possible, especially in places where 1 , earth- 
quake disturbances are frequent. This sort of 
movement causes shear at the plane where the 
column base rests upon the? footing. The shear 
induced by the average quake may be expected to 
average about 50% of the load, inasmuch aH the 
incipient sliding is a function of the inertia of the 
column load. A definite portion of this may be 
carried by the frictional resistance between the two 
materials, which again is the load multiplied by the 
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coefficient of friction between the two f materials. 
As the uniformly distributed load on ooncrete foot- 
ing is approximately 500#/sq. in. and the coefficient 
of friction between steel and concrete is 0.35, the 
resistance to sliding is about 175#/u". The balance 
must be provided by shear resistance in the anchor 
bolts. 

If the uplift may be calculated as a definite value, 
then by dividing it by 16,000 #/d", the required net 
sectional area of the anchor bolts may be obtained. 
By establishing the number of bolts (usually either 
2 or 4), and using a table of the net areas for screw 
threads (Table 78), the size of the bolts may be 
obtained. The anchorage of the bolts may be 
established by using either of two methods, namely: 

(1) To embed the bolts for a length such 
that the safe tensile strength of each will be 
developed by the bond with the concrete, or 

(2) To use washers at the lower ends of the 
bolts, of such a size that the bearing of the 
washers on the concrete will be equivalent to 
the tensile strength of the bolts. 

In the first method, the bond is the adhesive strength 
between the surfaces of contact of the bolt with the concrete 
(circumference of bolt times the length of embedment). A 
safe bond stress may be taken aR 80#/ a". If the following 
symbols are used, 

a s = the cross-sectional area of one bolt, in sq. ins., 
f s = the allowable tensile stress in the bolt in #/n", 
usually 16,000, 

x =* the length of the imbedment in ins., 
i =* the diameter of the bolt in ins., and 
u «*= the allowable bond Htress in #/□" of surface 
contact, 

the allowable tension in the bolt is 

T « •/* = “p U 


This must be developed by the bond resistance, or 

7T • t* 

— m fs = Or • i) • X • u , or 



For/, - 16,000#/n", and u - 80#/a", 


16,000 

Ja 4X80 


* 50 i 


(S- 73) 


or 50 diameters of the bolt. Sometimes rods, threaded at the 
column base end, are used, and hooked at the lower ends. 
Right angle hooks are of no real benefit but the length of such 
a hook may t>e counted ui>oii as length of embedment. Semi- 
circular hooks add to the l>ond, and the length of the hooked 
portion may be considered as equal to twice its real length as 
eml)edment. There should be sufficient concrete engaged by 
the hook to prevent the latter from straightening out. 


It is not always convenient to embed a rod into 
a footing 50 diameters, and bolts are not usually 
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TABLE 78* 

SCREW THREADS 

Bolts* Rods; Eye Bars, Turnbuckles, Sleeve Nuts aad Clevises 




Roush Nul 


- f J 8 

1 

8 

r h r 

h 

1.6d*tf| d 

Lfidi-Stf 


IJd+U* U.5f IJd+V 

wf-ur 


(c) 


Diameter 

Areu 

Number of Threads 
per In. 

Diameter 

Aren 

X umber of Threads 
per In. 

Total, 

d. 

In. 

Net, 

In. 

Total 

Dia., 

d, 

Sq. 

In. 

Net 

Dia., 

! 2 : 

Total, 

d. 

In. 

Net, 

C, 

In. 

Total 

Dia., 

d. 

& 

Net 

Dia., 

c, 

In'; 

i 

.185 

.049 

.027 

20 

2J 

2.175 

4.909 

3.716 

•I 

t 

.204 

.110 

.068 

16 

21 

2.300 

5.412 

4. 1S6 

4 

1 

.400 

.196 

.126 

13 

2} 

2.425 

5.940 

4.619 

4 

1 

.507 

.307 

.202 

11 

2J 

2.550 

6.492 

5.10S 

4 

i 

.020 

.442 

.302 

10 






i 

.731 

.601 

.419 

9 

3 

2.629 

7.069 

5.42S 

31 






31 

2.879 

8.296 

6.509 

3i 

1 

.838 

.785 

.551 

8 

34 

3.100 

9.621 

7.549 

31 

n 

.039 

.994 

.693 

7 

31 

3.317 

11.045 

8.641 

3 

ij 

1.004 

1.227 

.890 

7 






H 

1 . 158 

1.485 

1.054 

6 

4 

3.567 

12.566 

9.993 

3 

H 

1.283 

1 .767 

1 .294* 

6 

41 

3.798 

14.186 

11 .330 

22 

it 

1.380 

2.074 

1 .515 

5J 

41 

4.028 

15.904 

12.741 

2} 

li 

1.490 

2.405 

1.744 

5 

41 

4.255 

17.721 

14.221 

21 

li 

1.615 

2.761 

2.049 

r, 











6 

4.480 

19.635 

15.766 

21 

2 

1.711 

3.142 

2.300 

41 

51 

4.730 

21 .648 

17.574 

21 

2J 

1.836 

3.547 

2.649 

4J 

5} 

4.953 

23.758 

19.268 

21 

21 

1.961 

3.976| 

3.021 

41 

5} 

5.203| 

25.967 

21.262] 

2i 

2l 

2.086 

4.430 

3.419 

41 

6 

5.423 

28.274 

23.095 

21 


made in such lengths, so that the more common 
method of anchorage involves the use of washers. 
This is also the more positive and direct method. 
Several ways of providing bearing at the ends of the 
bolts may be used, such as shown in Fig. 427. A 
small plate may be used for each bolt, or a pair of 
bolts may be jointly anchored by a bar engaging the 
two. The thickness of the plate must be sufficient 
to resist the local bending on it. The depth at which 
the washer is placed must be such that the shearing 

* American Bridge Co. Std. from the Carnegie Pooket Companion. 
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strength of the concrete above it is ample.'" The 
weight of the footing, plus any engaged earth, must 
be more than the uplift. This is usually more than 
safe. For large anchor bolts, pieces of channel, 
or angle, are used to provide sufficient bending 
resistance. When columns are arbitrarily anchored, 
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the size of the anchor bolts is nominal, but not less 
than 2 — 1 "<t> are generally employed. These 
should be set as far apart as possible. The washers 

* For anchor bolts set in stonework, the holes are made about 1" larger 
than the diameter of the bolt, and the bolts are set in cement grout. This 
is more reliable than using either lead nr sulphur, and the grout is easier t o 
use, is stronger, and is a better preservative. The resistance in such oases 
may be calculated at 400#/U" of surface contact. 


397 

v 

and embedment are made sufficient to develop the 
strength \>f these bolts in such cases as well. The 
size of the holes in the column base is commonly 
made A" larger than the diameter of the bolts, to 
allow for adjustment in setting the column. The 
bolts are set in the concrete by the use of a template, 
as illustrated in Fig. 428. (For a discussion of 
anchor bolt setting plans, see Art. 249.) 



Prob. 266a. If 4 anchor bolts are to be used, what size is 
required for an uplift of 50,000#? What size of bearing 
plates is required if the allowable bearing is 500#/ □"? 

Prob. 266b. For a wall column load of 106,000#, a soil 
tearing value of 6000#/a', and a safe tearing stress of 500 
#/□" on the concrete, design a column base to resist earth- 
quake action coupled with a possible uplift of 26,000#. 



CHAPTER 23 


MISCELLANEOUS COLUMNS 


Section 23a 

STEEL STRUTS 


267. General. 

In stair-framing, pent-houses, intermediate beam 
supports, and so on, large-sized columns arc usually 
unnecessary, and for light loads and short lengths, 
angles may be used. These are often called struts. 
Figure 429 shows a typical shop detail of a single 
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angle strut. The design of struts is similar to that 
for steel columns (Chap. 21), and, in fact, they are 
small steel columns and all the common require- 
ments apply to them. Sometimes a pair of chan- 
nels are used for heavier loads and where available 
space is limited as well. 


Figure 430 shows common sections of angle struts 
that in ( b ) being most usual. The section in (a) is 
suitable for light loads, but is not economical of 
material, as the strength is limited by the least 
radius of gyration, which is al>out the 3-3 axis. A 
single angle strut is readily adaptable to corner 
framing, and for hangers where the section is in 
tension. Equal-legged angles are generally em- 
ployed. When two angles are used, unequal-legged 
angles with the long legs vertical are common, 
as the radii of gyration about the 1-1 and 2-2 
axes are more nearly balanced. The legs may be 
in contact or apart, depending upon the conditions. 



Fin. 430 


The section in Fig. 430 (c) is used only when 
unequal ratios of slenderness in the two respective 
directions occur, or when clearances require such a 
detail. The section in (d) is confined principally to 
bracing, and to eave and end struts in mill buildings 
(see Index). It is not normally economical of 
material as the radius of gyration about the 3-3 
axis controls. The section in ( e ) is used only in 
special cases, such as under theatre balconies, or 
as reinforcement in columns (Art. 276). An ad- 
vantage in the latter instance is the fact that the 
circle of fire protection material, when circum- 
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scribed, is of a smaller diameter than when an H 
section is used. It is not particularly economical 
of steel. 

Tables are used to a great extent in the design of 
struts. These give various radii of gyration, sec- 
tional areas, and in some cases, the allowable loads 
for various lengths. 


268. Single Angle Struts. 

The design of single angle struts is discussed in 
Art. 206. The important point to keep in mind is 
that the controlling radius of gyration is about the 
3-3axis. This eliminates the smaller sizes of angles 
for any considerable lengths on account of the limit- 
ing ratio of slenderness. A safe guide in this respect 
is that a 3 X 3 cannot be used for lengths over 6-0". 


Illustrative Prob. 268a. Design a single angle strut 9'-0" 
long to carry a load of 35, (XX)#. 

Minimum r = ^ - 0.9". 

1JU 


From tables, 5 X 5 L minimum, r a - s (ave.) - 0.97" 
p = 16,000 - 70 X 0 ^ 7 * ~ 2 “ 8230#/n" 

or rvu) 

A « - 4.25a" reg’d. 5 X 5 X 4 L, A - 4.75a" 

w = 16.2#/fl. 


If room is available, a larger sized angle of thinner metal is 
more economical. 

Try 6 X 6, r,_, = 1.19" 

p = 16,000 - 70 X - 9650#/a" 

A = ^ ~ = 3.63D" 6 X 6 X t A 


9050 


4.36n" 
w - 14.9#/ft. U*e. 


A 6 X 4 X 1 L could be used but no gain is made. 


Prob. 268b. Design a single angle strut 7'-0" long to carry 
a load of 32, (XX)#. Use equal legged angle. 

Prob. 268c. Design a strut of a single unequal legged angle 
for the data of Prob. 208b. Compare the weights per ft. in 
the two examples. 


269. Double Angle Struts (Long Legs Vertical). 

The design of struts of two angles with the long 
legs vertical (in section) is discussed in Art. 206. 
The angles should be hold together by stay rivets 
(with washers in between the angles, if separated) to 
make them act in unison. Theoretically, the ratio 
of slenderness of one angle between rivets should be 
less than that of the strut as a whole. 

To illustrate for 2IH 4 X 3 X i for a 12'-0" length, r*-i — 
0.64" and r s - a = 1.22". 

1 $J<J? 7ft 7 

r * 1.22 “ 78 ‘ 7 

spacing of rivets, a. * 78.7, or 8 »■ 50.3". 


One rivet in the middle of the length would be sufficient, 
but for practical reasons, a 2'-0" spacing of rivets is generally 
used. 


Illustrative Prob. 269a. Design a double angle strut to 
carry a load of 70, (XX)#. Length lO'-O". Use long legs 
vertical and 1" back to trnck of 11 . 


Minimum r 


iu a 
120 


1 . 0 ". 


From tables, minimum size L * 3J X 2}. 
Usually a larger size will be more economical. 
Try 5 X 3, r (ave.) - 1.30" 

V - 18,(1(10 - — “ 9M0//O" 


76,000 

9540 


1.30 

* 7.96n" or 3.98D" for 1 L. 
2 C. 5 X 3 X A, w 


■ 28.6#/ft. 


Several trials will l>e made to illustrate how the judgment is 
improved, and to show that lurger sizes are more economical. 


Try 5 X 3$, r (ave.) * 1.50" 

70 X 10 X 12 


V 

A 


10,000 - 


10,01 ()#/□" 


1.50 

7.10CJ" or 3.58D" for 1 L. 


76,000 

: 10,010 

2 LI 5 X 3J X A, w - 24.0#/ft. 
Try 0 X 3}, r (ave.) = 1.43" 

p - 16,000 - » 10,130#/a" ' 


76,000 
’ 10,130 


1.43 

. 7.50C1" or 3.75P" for 1 L. 


2 li 6 X 34 X A, w - 27.0# /ft. 
Try 6 X 4, r (ave.) = 1.07" 


V 

A 


■ 0.92D", or 3.40C1" for 1 L . 


70,000 
: 10,970 


2 11 0 X 4 X I, w - 24.6#/ft. 
The 5 X 3J X A l! Hre the most economical selection. 

Prob. 269b. Design a strut of 2 11, long legs vertical, 
10'-3" long, to carry a load of 42,000#. Use gusset plates. 


270. Double Angle Struts (Short Logs Vertical). 

When a l>earn frames into a strut at a level intermediate 
between the top and bottom, the short legs of a double angle 
strut arc sometimes made the vertical ones. This gives a 
better balance of the ratios of slenderness in the, two direc- 
tions. The total load must of course be uBed in determining 
the required area (see Art. 200). 

Prob. 270a. Design a strut, composed of 2 £ , short legs 
vertical, 8'-0" long, to carry a load of 28,000#. Use 
gussets. 

271. Two Angles Starred. 

Two angles " starred ” as a strut are in reality two single 
angle struts tied together by batten plates to make them act 
in unison. The controlling rrnlius of gyration of each angle 
is about the 3-3 axis, so that the value for the strut is twice 
that for one angle. The spacing of the batten plates should 
theoretically be such that the ratio of slenderness for one 
angle between batten plates is not greater than that for the 
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strut as a whole. Sinct die combined r is twice that for one 
angle, the spacing of fatten plates is i L Intpractice, a 
spacing of 3'-0" is generally used for the batten plates. The 
connections bringing the load on to such a strut must be 
such that they equally distribute the load to both angles, or 
the design must be altered accordingly. 


Batten plates should be wide enough to allow 2 rivets at each 
end, and should be spaced 3'-0" o.c. 

Prob. 271b. Design a strut of 2 I® , starred, to carry a load 
of 18,000# on an ll'-O" length. 
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Illustrative Prob. 871*. Design a strut of 2 £ , starred, to 
carry a load of 32,000# on a 14'-0" length. 

... . 14 X 12 

Minimum r = — ” 1.4 

r for one angle — 1.4 + 2 — 0.7" 

32 000 

Trial area - 3.2Q" or 1.6Q" per angle. 

From tables, 4 X 4 is required (r,_, 0.79") 

70 y 14 y 12 

p - 16,000 - 079 x 2 10,330#/ o" allowable 

A - - 3.090" 2 E 4 X 4 X 1 0.K. 


272. Four Angles Starred. 

This type of strut is in reality two pairs of double 
angle struts, and the design may be made in accord- 
ance with such restrictions. The radius of gyration 
is twice that of the double angle strut. The angles 
should be riveted 2'-0" o.c. (Art. 206). One use of 
this type of strut is to reinforce heavy concrete 
filled columns (Fig. 434 (d)). A strut of this kind 
is also used where limited space is allotted to the 
column. Usually equal-legged angles are em- 
ployed. 






MISCELLANEOUS COLUMNS 


401 


“tL 


t>. 872ft. Design a strut of 4 £. , starred, 14'-0" long, 
to carry a load of 100,000#* 


Minimum r ■» 
angles. 


14 x 12 


120 


1.4" or 0.7" for each pair of 


/ i, , i , 70X10X12 „ 

p (allowable) « 16,000 — rrr; « 10,990#/d", 

• 1.04 

, „ 75,000 10,000 X 5.49 X 1.99 

p (actual) --JJ- + 23074 

- ll v 000#/a”. Use 2 E. 6 X 4 X }. 


TABLE 79 — Continued 
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273. Eccentric Loads. 


In some cases, beams are framed into struts so 
that the load is eccentric, as shown in Fig. 431. 
The design under such circumstances is similar to 
that discussed in Art. 243. The following problem 
will indicate the procedure in applying the Resign 
principles. 


Illustrative Prob. 273a. Design a strut composed of 2 11 , 
lo ng legs vertical, lO'-O" long, for the loading conditions 
shown in Fig. 431. 


Minimum r 


10 X 12 
120 


1 . 0 ". 


Try 2 li 6 X 4 X L r (min.) ® 1.64", z 
A - 9.600". /x-i - 2 X 17.4 - 34.8" 4 . 


1.99" and 


Prob. 273b. Design a strut composed of 2 C. , long legs 
vertical, similar to the conditions in Fig. 431, for a 9'-0" 


/ 




| s /QOOO * 




l 





T 


T. , 

— \ 

L 


5 

•l 

I 

S ' - 61 . 000 * 

/* 


Fin. 431 


length, direct load 50, (XX)#, eccentric load 11,000# applied 2" 
from face of strut, and angles j" back to back. 
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274. Connections. 

The details at the ends of struts and *at points 
where beams frame in are similar to those for larger 
steel columns. Intermediate beams may be sup- 


angled strut, the flanges of the beam may be blocked 
off and the web framed in uetween the legs as in 
(c) or (d). * A gusset plate could be used but this 
increases the eccentricity caused by the beam load. 




(c) 



V) 




ported by seat angles (Art. 254) if they frame into 
the face of a strut as in Fig. 432 (a). If an inter- 
mediate beam frames into a projecting leg of a single 
angle strut the web may be attached directly as in 
( b ). If there are two projecting legs, as in a double- 


When a beam runs over the top of a stmt, cap 
details of angles and a plate may be used, similar 
to top story columns (Art. 257). Figure 432 (e) 
and (/) shows some common details for the bases 
of struts. 


Section 23 b 

CONCRETE-FILLED COLUMNS 


275 l Uses. 

Concrete-filled columns may be used for various 
types of buildings up to three or four stories high, 
where relatively light loads are encountered. Ad- 
vantages are: 

(1) relatively small diameters, and hence 
easily concealed in partitions if required, 

(2) quick delivery, 

(3) simple erection, and 

(4) advantageous use with either steel or 
wood beams, as shown in Fig. 433. 

These columns are considered to be fire-resisting and 
they have stood up under severe fire and water tests. 


276. Types. 

Figure 434 shows typical sections which may be 
used for concrete-filled columns. That in (a) is 
the one used in ordinary cases. When a small 
amount of additional reinforcement is necessary, a 
round steel rod may be added, as in (6). If several 
square inches additional arc required, a pipe of 
small diameter may be used, as in (c). Another 
scheme is to add four structural steel angles starred 
(Art. 272), as illustrated in Fig. 434 (d). These 
offer the best distribution of supplementary metal. 
The rivets, 6" o.c., provide good anchorage to the 
concrete and make a good bond. Sometimes, type 
(d) is designed so that the angles and the concrete 
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within a circle circumscribed about them will carry 
the load safely, — neglecting the strength of the 
pipe and the remainder of the concrete as an extra 
precaution against fire and abrasion, in order to 
obtain certain insurance classifications. The sup- 
porting power, or at least the hoop strength, of the 
pipe, however, would not be entirely impaired even 
in a severe fire. 


sufficient mass to drive down through. Other methoritflSon- 
sist of striking blows automatic&Xy upon the outside of the 
pipe at right angles to the axis, ji the pipe to make the con- 
crete settle fend approach its' maximum density, or auto- 
matically compressing it in a direction parallel to the longi- 
tudinal axis with special machinery. It is claimed by some 
that the method of striking blows is not as efficient as the 
others Ijecause the force of the blow is more or less absorbed 
by the mass of steel and concrete, especially in large columns. 



Types of Concrete Filled Columns 


277. Manufacture. 

The chipf manufacturers who have patents on 
this type of column are the United States Column 
Co., Cambridge, Mass., The Milford Iron Foundry, 
Milford, Mass., the Lally Column Co. of New York 
City and Chicago, and the ('rex Column Co. of 
Chicago. There are two grades of columns made, 
— the light weight (L.W.), in which single strength 
standard pipe or casings arc used, and the heavy 
weight (H.W.), in which the shell is standard steel 


278. Strength of the Columns. 

The ultimate strength of concrete filled columns 
is such that a factor of safety of 4 or more is obtained 
when compared with the safe loads as obtained by 
formula. Progressive tests to ascertain the behavior 
of this type of column are reported in the catalogue 
of the Milford Co. t The first object was to establish 
the relation of, the modulus of elasticity of the steel 
in the pipe to that of the concrete. A typical case 
is represented by the following: 

Figure 435 ( b ) Hhows the plot of a test on an 8" X 8" X 24" 
concrete block of a 1 : 2 : 3 mix. The gauge length was 20". 
The points on the curve, arbitrarily selected, were the 75,000# 
and 20,000# loads, or an increment of 55,000#. The corre- 
sponding total deformations were 0.0003" and 0.0008", or a 
decrease in length of 0.0055". Applying the formula for the 
modulus of elasticity, 

P • L 55,000 X 20 
A 


E c 


pipe.* If the heavy weight columns are 
not sufficiently strong for a given case, 
they may be reinforced as suggested in 
Fig. 434. The pipe stock used for all 
columns should he new, and the space 
inside is filled usually with a 1 : 2 : 3 
mix of Portland cement, sand, and 
crushed stone or gravel, machine mixed. 
The methods of compacting the concrete 
vary with the manufacturer, but all aim 
to secure as dense a filling as possible 
and to eliminate air voids and honey- 
comb. One method is described as 
follows: 


e (8 X 8) X 0.0055 
3,125,000#/o" (with sets deducted). 


fifty* 


J wjM.. 



1 '/OrO" 

-jroo.M 


z 




V 


f&h/mn m TS 
<Xsye length *3/ 


ft 


“ Standing the pipe on end, filling it with 
concrete from an overhead hopper, and re- 
peatedly raising the pipe and its filling together, 
inKlily, and allowing it to drop on a heavy 
solid base. In this way the direction of the compacting force 
is along the long axis of the pipe, and every particle of the 
concrete Oiling gets the Ixmefit of every shock, the effect of 
which is the same as that upon the loose head of a hammer 
when the butt end of the handle is rapped to tighten the head. 
That is, the concrete filling acts as a hammer upon itself, and 
the greater the mass of the filling, the greater the density 
obtained.” t 

It is claimed that in this method the coarse aggregate does 
not tend to segregate to the lower ends of the columns because 
the crushed rock is purposely kept so small that it lacks 

* Extra heavy pipe and also double extra heavy pipe are used for special 
ordera, but this is uncommon, on account of the added expense, special 
manufacture and consequent delay. 

t From the Milford Iron Foundry catalogue. 


) r*o'oa*’ 


(a\ 


dir 

I 



0 . 6 . 


The corresponding investigation without the sets de- 
ducted was 

, 55,000 X 20 2 605fl00 „ /n „ 

Ec (8 X 8) X 0.0006 2,005, 000#/D . 

Ratio of 

Es 30, (XX), 000 
E c 3,125,000 

A curve in Fig. 435 (a) shows the behavior of a typical 
column when tested. The following describes the conclusions: 

“ Reference to the strain readings shows the filled columns 
to be perfectly elastic at the lower loads, no permanent set 

t From tests made at the Massachusetts Institute of Technology, Report 
of Jan. 26, 1015. 
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ti^4<t>Iace until afterVhe elastic limit is reached. It is 
evident, therefore, that thctteel tube prevents the permanent 
set in the concrete from takfl^place below the elastic limit; 
and the assumption is made UuRPChe stress-strain diagram for 
this concrete, restrained by the pipe, is the same as would be 
obtained for the unrestrained concrete with sets deducted."* 
The curve is comylosed of two straight lines, — one up to 
the elastic limit, and the other beyond that point. If the 
permanent sets were deducted, the second straight line would 
fall back almost coincident with the first straight line pro- 
duced. The average elastic limit worked out about 0.3 the 
ultimate load, so that when the load carried by a column is 
slightly under the point where permanent set is obtained, it 
is safe. 

The stress at the elastic limit in Fig. 435 was 

i-Vff.umn,. 

The stress at the ultimate load on the 8" X 8" block was 

As a result of the /jpnes of tests, the Milford Co. 
adopted the following i . iulas: 


For ratios of \ = i) to 15, 
d 

P « 1100 (A e 4- A s X 9.6) 


l 

For ratios of j = 15 to 30, 
a 


P - (A c + A s X 9.6) 


(l600 - 7*), 


OS-74) 

in which 
(S-75) 


P = the safe load in lbs., 

A c = the sectional area of concrete, in D ", 

As = the sectional area of steel, in 
l = the length of the column in ", and 
r = the radius of gyration of the solid section, 
in ". 

I 

The maximum ratio of : should be 30, which corresponds 

* 

l d 

to - « 120, as r for a solid circular section is . The calcula- 
r 4 

tions for the column corresponding to the plot in Fig. 435 (a) 
are as follows: 

12152044 

As 490 X 10 ' , W 


Applying the above formula, 

P w ( Ac + As X 9.6) ^1600 - 7^) 

P - (15.98 + 3.66 X 9.0) (\flOO - - - * 12 ^ 

P - 47,500# safe load. 

The ultimate load was 200,200^, so the factor of safety is 
200,200 
47 ^ 00 =^ 

Table 80 gives safe loads for light weight and 
heavy weight types of columns, based upon the 
above formulas. Figure 436 shows typical results 
of tests of concrete-filled columns. 



Fi«. 436 


The Lally Column Co. gives the following formula 
for safe loads on their columns: 


P = A s 





A c « 19.64 - 3.66 * 15.980". 


Concrete equivalent of steel = 3.66 X 9.6 * 35.120". 
Total equivalent area = 35.12 + 15.98 = 51.100". 
Stress for concrete at elastic limit, 


P 60,000 
A = 51.10 


1173#/q". 


These values agree quite closely with those given 
in the above table. 

Prob. 278a. Check the safe load for a 4" L.W. column in 
Table 79 for a 12'-0" length. 

279. Caps. 


This checks the stress in the unrestrained 8" X 8" concrete 
block (given as 1170 /P/d" above) very closely. 

* From tests made at the Massachusetts Institute of Technology, Report 
of Jan. 26, 1016. 


When teams run over the top of a column, a flat 
cap, similar to that shown in Fig. 437, is generally 
used, if the loads are relatively light. The width 
of the plate and the arrangement of the holes may 
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TABLE 80 

SAPS LOADS FOR CONCRETE-FILLED COLUMNS, IN TONS OF MOO 



SUe. 
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umn, 
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thick- 
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35 

33 




7J 

64 

0.301 

60 

60 

59 

58 

58 

58 

56 

54 

52 

.50 

49 

48 

47 

46 


82 

81 

0.322 

75 

74 

73 

72 

71 

71 

71 

71 

69 

66 

63 

61 

60 

58 

*56 

mu 

miOM 

0.342 

93 

92 

91 

90 

89 

88 

87 

87 

87 

85 

83 

81 

79 

77 

■a 

■ml 

123 


112 

111 

110 

109 

108 

107 

106 

106 

106 

106 

106 

104 

101 

97 

ma 

111 

146 

0.375 

130 

129 

128 

127 

126 

125 

125 

125 

125 

125 

125 

124 

123 

120 

■nil 

121 

169 


150 

149 

148 

147 

146 

145 

144 

143 

142 

141 

140 

139 

139 

138 

sa 


be made to accommodate wood beams, or double I double I beams, or for single I beams. These are 
beams, as in (a), or single I beams, as in ( b ). illustrated in Fig. 433. 


yNr 

v a 
\\ / 1 , 


(•) 



l a i*** mP 

A) 

Km. 437 


When a column exists over the one under con- 
sideration, bracket caps are used, as shown in Fig. 
438. (a). The wings are purposely made short to 
keep the eccentricity small. They are beveled iV' 
so that the beam reaction will be concentrated as 
near the column as possible. If the cap is greater 
than 10" wide, two brackets are provided under each 
wing. The cap shown in (a) is the Milford type, 
while that in (b) is the Lally standard steel cap. 
The latter company also has a special screw cap 
so that the overall length may be altered. This 
may be an advantage in special erection to eliminate 
shimming. These caps may be obtained for one- 
way, two-way opposite, two-way right angle, three- 
way, and four-way framing, for single wood or 

* Milford Columns 



Figure 438 (c) illustrates a Milford cast-iron 
socket cap, which may be used for heavy loads and 
“ through ” construction. Figure 438 (d) shows 
a special casting, which may be used to support a 
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280 . Bases. 

Bases fcfr concrete-filled columns, like all others, 
should have sufficient bearing area to develop the 
load, and sufficient thickness to distribute the load. 
Standard bases are usually designed for a bearing 
pressure of 500 #/d", corresponding to tearing on 



Fiu. 440 


concrete footings. If some other material is used 
for a footing, the size of the base should be checked 
for the case in hand. Figure 439 ( a ) shows the 
typical Milford cast-iron base, while (b) illustrates 
a special Lally built-up base for large-sized columns. 
That in (c), which is of steel, may be used for small 



Fio. 441 
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columns only and for light loads. Figure 439 (d) 
shows a Milford pedestal base for he$vy loads, 
especially when this column is reinforced. 

It is usually wise to plan to have the base of the 
column placed below the basement floor, so that it 
does not show. Figure 440 shows a method which 
accomplishes this and still protects the base. 

281. Details. 

The engineer or a structural fabricating company 
does not draw complete details for this type of 
column to furnish to the manufacturer. It is 
necessary to call for the diameter of the column 


desired in each case, whether/aght weight wmavy 
weight, and the dimension 'from base to cap, or 
from cap to cap. It ift/So necessary to show the' 
gauges of holes wanted in the caps, and the type of 
cap and base desired. The manufacturer will supply 
standard fittings. It is also prefeVable to show the 
loads on the columns and the relations to the floor 
and roof lines. Figure 441 (a) shows a typical 
detail of this kind. Figure 441 (6) shows a special 
method of connecting steel beams over the tops of 
columns when the depths of the beams are not the 
same. These are based upon bolted connections in 
double shear with a unit stress of 6000#/a". 


Section 23c 

CAST-IRON COLUMNS 


282. Uses, Advantages, and Disadvantages. 

SPECIFICATION CLAUSES* 

The outside diameter or least side of cast-iron 
columns shall be not less than 5 inches, nor shall 
their unsupported length exceed sixty times 
their least radius of gyration. 

The finished thickness of metal in the shaft 
shall not be less than one-twelfth the outside 
diameter or the greatest lateral dimension of 
cross section, nor less than J inch. The thick- 
ness of metal in flanges, lugs, seats, and brackets 
shall Ixi not less than 1 inch. 

In all cast-iron columns not cast with one 
open side, at least three holes i inch diameter 
shall be drilled 90 degrees ajxirt near the middle 
of the shaft for the purpose of measuring the 
thickness of metal. 

Whenever the core of a cast-iron column has 
shifted more than one-fourth the thickness of 
the shell, the strength shall t>c computed assum- 
ing the thickness of metal all around equal to 
the thinnest part, and the column shall be 
rejected if this computation shows the strength 
to be less than required by Section 02, para- 
graph 0. 

A cast-iron column shall he rejected whenever 
blowholes or other imperfections reduce the 
effective area of the cross-section more than 
10 per cent. 

The ends of all cast-iron columns shall be 
planed to a true surface perpendicular to the 
axis of the column. Successive column lengths 
shall be bolted together through end flanges 
with at least four Ixilts not less than } inch in 
diameter. No shims shall be used between the 
flanges. 

If the core of a cast-iron column below a joint 
is larger than the core of the column above, the 
core of the lower column shall lie tapered up for 
a distance of not Iobs than 6 inches, to the size 
of the core of the column above. In lieu of 
tapering the core, a steel or cast-iron plate of 
sufficient thickness may lie used between the 

* From the Building Code of The National Board of Fire Underwriters, 
New York City. 


flanges. The difference between the diameters 
or sides of any two successive column lengths 
shall not be greater than 2 inches. 

The connection of beams and girders to cast- 
iron columns shall lie effected by means of seatR 
reinforced by brackets of sufficient depth and 
thickness to support the entire load, and by 
lugs to which the webs of the beams and girders 
shall be bolted. The projection of the seut 
beyond the face of the column shall in general 
be not greater than 4 inches. 

All holes in cast-iron columns shall l>e drilled. 
Cored, or cored and reamed holes shall not 1 m» 
permitted. The diameter of holes shall not 
exceed that of the bolts by more than A inch. 
The distance from the center of a hole to the 
edge of a flange or lug shall be not less than 
1} inches. 

Cast-iron columns shall not be used in any 
case where the load is sufficiently eccentric to 
reduce the unit compression to zero in the 
extreme fibre on one side of the axis of the 
column. 

Cast-iron columns shall not be used in the 
structural frame of buildings, the height of 
which is greater than three times their w r idth. 

Cast-iron columns shall not be painted or 
covered until after inspection by the Bureau of 
Buildings. 

Cast-iron columns are seldom used in modem practice on 
account of their many disadvantages compared with other 
types of columns the greater demands for safety now made, 
and the comparatively low cost of steel columns. They are 
practical only for small buildings of moderate height, Bay, 
four stories as a limit, where the fire hazard is reasonably 
small, although they are more fire-resisting than unprotected 
structural steel columns. Cast-iron columns are used in mill 
construction (Chap. 7, Book I) to some extent and are pre- 
ferred to wood columns by some engineers when the building is 
equipped with automatic sprinklers. They are still allowed 
for general use by a few building codes. They have also been 
widely used for store front construction in the past and pro!>- 
ably will continue to serve that end, as they are easily cast in 
special rectangular shapes which may be ornamented and left 
as exposed architectural detail. They are fire-resistant to a 
greater degree than wood, but in case of fire are apt to be 
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completely shattered by ^typid and irregular contraction due foundry dirt may cause “ sand spots ” or “ cinder pockets.’ 
to the action of cold water rStan the heated metal. The first tendency is overcome by introducing small “ vent 

If cast-iron columns are sub-standard fire-protec- holes ” to relievo the gases at several points, and the second 

tion of metal lath and 1" cement plaster around them will in is abated by forcing wire rods through the mold at intervals, 
many oases prevent failure and prevent collapse when struck The end method is used to eliminate the tendency toward 
by a hose stream anr} perhaps save a building from ruin. floating cores, but is satisfactory only for short columns, as 

The connections to cast-iron columns are always field- the pressure due to a large head of molten metal becomes 

bolted and consequently do not give a resistance to lateral considerable for the mold to resist. The metal is admitted at 

movement commensurate with that of the field-riveted steel the bottom of the mold in this process, and it forces the air 

frame. They should be particularly limited to quiescent and loose dirt out through the top ahead of it, so that a smaller 

loads. For this reason cast-iron columns should not be used number of the defects enumerated above is probable. In 

as a part of skeleton construction. Cast-iron columns take cither method of manufacture, care must bo used to keep as 

large loads on smaller sectional areas than wood and thus even a rate of cooling as jjossible. Unequal cooling is affected 

conserve space. The shape of the cross-section and the by the manner and 8[>ee<i of pouring, and the condition of the 

surface treatments may be varied to suit the demands of the mold os to dampness and amounts of covering. Unequal 

architectural design. The faces, for instance, may In? paneled, covering causes unequal radiation and results in unequal 

ornamented or fluted. The loads on cast-iron columns cooling and all its incident dangers. 


should be nearly concentric and in no case should the de- 
velopment of transverse stresses be allowed to reach any 
formidable proportions. As cast-iron does not rust os easily 
as steel, its use in these places and in this exposed way is a 
distinct advantage. 

There are some objections to the use of cast-iron columns 
and one of the most important is the uncertain strength of the 
material. While the compressive strength is relatively quite 
high, cast iron is comparatively weak in tension and shear. 
Average ultimate values are as follows: 

Compression 80,000#/n" 

Tension 20,000 

Shear 25,000 

These are affected by the composition, thickness of metal, 
rate of cooling, and the fineness of the grain. The strengths 
are often misleading, as internal initial stresses are set up by 
the cooling, and the amounts of these are indeterminate. 
The stresses are not as reliable nor as well defined as those for 
structural steel in spite of the higher compressive strength of 
the cast iron. 

Another objection is the possibility of imperfections occur- 
ring in the material. The sources of weakness due to unequal 
cooling are internal strains, rifted seams, and other defects. 
Others come in the process of casting (Art. 283), such as blow- 
holes, honeycombs, sand spots, and cinder pockets. Rigid 
inspection (Art. 284) is required when such flaws arc liable to 
occur. Another objection is the fact that there is lack of 
rigidity at the column connections, because of the bolted 
connections. Eccentricity of cores in circular sections is 
often a bad feature. This may be caused by a displaced eore, 
cither sagging by its own weight or floating because of the 
buoyancy of the molten metal, and producing unequal thick- 
ness around the perimeter. 

283. Manufacture. 

The man ufacture of cast-iron columns is the typical method 
of making castings, using a sand mold with a core, as illus- 
trated in Fig. 442. It is usually accomplished by casting on 
the side (flat) or on the end (standing). The first is more 
commonly used, while the second is preferable but more 
expensive and requires a deep pit. Many practical details 
of manufacture must be considered, and only very careful 
foundry work will produce good results. 

In the side method of casting, the buoyancy of the molten 
metal tends to produce “ floating cores M so that the column 
may be thicker on the under side than on the top, especially 
near the middle of the length. Hence it is very necessary to 
hold the core rigidly in place by mechanical means. As the 
molten metal is forced to rise, it tends to carry some of the 
“ foundry dirt " and air ahead of it. This air may cause 
11 blowholes ” or “ honeycombs ” on the top side, and the 



Kiu. 442 


284. Inspection. 

When cast-iron columns are used, it liecomes the duty of 
the structural engineer to give them careful ins|»cction Ixiforc 
erection, pefects on the surfaces may be detected by careful 
scrutiny. The surfaces should Ikj smooth and clean, and 
the edges sharp. An uneven surface indicates that unequal 
shrinkage, in cooling, took place, probably caused by an iron 
which was not uniform in its ingredients. The end view of 
the section should las fine-grained, with a uniform bluish-gray 
color, and show' a good metallic luster. 

Defects inside the surfaces may be discovered by tapping 
the column with a light hammer. If the sound of the hammer 
is dull, it may indicate air bubbles, sand holes, soft spots, or 
honeycomb. Tapping will also indicate the degree of hard- 
ness of the metal. Slight, indentations are passable, but if 
small fragments fly off, or there is not the slightest indenta- 
tion whatsoever, the iron is probably too hard and brittle. 
Columns are sometimes tested for thickness, blow holes and 
core floating by drilling two or three ¥'<t> test holes into the 
shell at random fioints and inspecting the hole. If the varia- 
tion in thickness is greater than the column should be 
rejected. ThiH process may expose a negligible flaw in an 
otherwise sound column or, conversely, it may fail to disclose 
objectionable features in one which is weak. The only safe 
precaution when cast-iron columns are employed is to upe a 
large factor of safety. 

286. Sections Used. 

Figure 443 shows the usual types of cross-sections of cast- 
iron columns employed. The circular section is the most 
commonly used, as it offers a good distribution of metal, — 
developing a large radius of gyration for the given sectional 
area. ( Connections to this type arc not as easily made as in 
some others. The section in (6), which may Ije either square 
or rectangular, provides nearly as good a distribution of metal 
as (a) and better opportunities for l>eam connections. The 
comers are apt to crack when cooled unless great care is 
taken. The H section, (c), has a less economical distribution 
of metal than the others, but has several advantages. No 
core is necessary to cast it, it is more easily built into masonry 
and is thus better protected from fire, and all surfaces are 
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open to inspection attl painting. Other sections have t>een 
used in the past suck as ribbed-angle shapes, star sections, 
and so on, but these ale now obsolete. Channel sections are 
occasionally used in store front construction. 

The Bhells are usually made from $" to 2J" thick and should 
not exceed 16" in the largest sectional dimension nor be less 
than 5" in the least dimension. The thickness of the shell 
should not be made to vary by offsets. Sharp corners should 
be avoided to prevent cracks. Outside comers are rounded 
and inside comers are strengthened by fillets of or f" 
radius. It is considered poor design to make one part or 
section appreciably thicker than some adjoining part or 
section, as the thinner parts cool quicker and cause a tendency 
to break away from the thicker parts, inducing cracks. 


A variation of this formula is usejj/in the Philadel] 
namely, J' 


ipJri 


V 


11,670 




(5-78) 


1 + 


400 d* 


with a maximum ratio of l to d (where d is the outside diameter 
of the colunm in inches) of 20.* 

Straight-line formulas are more commonly used in practice 
because of their simplicity and they are accurate enough for 
ordinary circumstances. The following formulas represent 
typical cases: 



TssrjwrTm 



(c) 


“ — vv— |- 
1 

1 

1 

1 

1 

1 

1 

1 

r— r"- t* 

t_ 

)Brackef 

Mi 11 1 

J y 

r* — 


(f) 


Flu. 443. 

(a), (b) and (r) types 
( d ) splice 


Cast-Iron Columns 

(e) bracket for light beams 
(J) bracket for heavy beams 


286. General Design. 

Because of the many possibilities of flaws and defects in 
manufacture and the irregular behavior of stresses, cast-iron 
columns must be designed with a largo factor of safety. A 
value of 8 is common, and Borne ordinances require 10. Prob- 
ably the most accurate of the formulas for the design of cast- 
iron columns is the Rankine or Cordon type. For fixed ends, 
this is 



1 + 5000r» 


p « the maximum allowable compressive stress, in #/□", 
S — the maximum allowable bearing stress for cast 
iron, usually taken as 12,0001 /□", 
l » the effective length of the column, in inches, and 
r ® the radius of gyration of the cross-section, in inches. 


I 

p - 11,300 - 30 - (Chicago, Seattle). (5- 77) 

l 

p « 10,000 - 60 - (Boston). (5-78) 

p - 9000 - 40 £ (New York, Syracuse). (*'-79) 

The maximum ratio of l to r is commonly specified as 70. It 
will be noted that for un average value of l -5- r of 40, that the 
allowable stresses for the last two formulas aro practically the 
same. Formula 5-79 is recommended in the absence of other 
restrictions. The design of cast-iron columns must be done 
by “ cut and try 99 methods, — assuming a section and testing 

* The Rankine formula is modified by replacing r by d, since r for any 
thioknees is proportional to the outside diameter of tho column. Also r 
changes quite slowly in value for moderate ranges of thiekness. 
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•it. lue'aiseB should be lifted to those discussed in Art. 285. 
The properties of a hollow rctyid section* which come into use 
here are: 

, ir(D*-d’) 

Area, A r sq. ms., and 


Radius of gyration, 




ins., in which 


I) = the outside diameter of the column, in inches, and 
d = the inside diameter, in inches. 


Illustrative Prob. 286a. Design a hollow, round, cast-iron 
column 18'-0" long to carry a load of 250,000#. Use formula 
S- 79. 

18 X 12 

Minimum radius of gyration = — ~ — - 3.08" 


From tables of radii, minimum diameter = 10". 

Try 10 "* — H" thick, A = 34.36Q" and r - 3.13" 


p = 9000 - 
A required * 


40 X 18 X 12 
3.13 
250,000 


0240#/a" 


6240 


40.10" n.g. 


Try 10"* — li" thick, A * 37.260", r - 


p - 9000 - 
A required *» 


40 X 18 X 12 
3.09 


6200#/n" 


250,000 

6200 " 40 - 3n " n -8- 


3.09" 


Try 11"*— lj" thick, A - 38.29", r =» 3.48" 


p * 9000 - 
A required = 


40 X 18 X 12 
3.48 
250,000 


6520#/ □" 


6520 


38.30" 


Use 11"* — li" thick. 
Wt. - 1 19.7#/ft. 


In some cases it may !>e cheaper to use a larger diameter 
column and a thinner section if the Bpace allows. Compara- 
tive weights are a guide in this work, as well as the diameter 
of the column section used above. In practical work of this 
kind, tables are of considerable help. Table 81 gives allow- 
able loads for cast-iron columns. 

Prob. 286b. Design a hollow, round, cast-iron column 
16'-0" long to carry a load of 380,000#. Design by use of 
formula and check result by table. 

Prob. 286c. What size of hollow square column may l>e 
used for the data of Prob. 2866? 


287. Splices. 

Sections of cast-iron columns arc usually joined together 
by bolting the flanges of each pair of columns together. These 
flanges arc commonly made a part of the column when cast, al- 
though separate pieces are used if the overhang is too large or 
when ornamented caps are to be used. Figure 444 illustrates 
some of the common types used. The thickness of the projec- 
tions should not be less than the thickness of the column. 
The shear at plane a-a in Fig. 444 (a) should be within safe 
limits. The area of the flange ring is usually safe in bearing 
and its Bize is more often governed by the provision for the 
bolts. The latter is controlled by the outside diameter of the 

* Handbooks give calculated values of area* and radii of gyration for 
various sections, which will aave time. Bee Carnegie Pocket Companion, 
Carnegie Steel Co. 


larger column plus the long diameter of the nut, plus 1" clear- 
ance. A minimum projection of 3"(as governed by hexagonal 
nuts on J" bolts) is good practice. The minimum connection 
should be 4 - }"* machine twits. The holes for them 
should be drilled to a templet and reamed so that they will 
line up properly and give a tight fit. The flanges should l>e 
spot faced at the holes to allow full hearing for the nuts and 
they should be carefully machined on the l waring surfaces to 
give true and even (waring. f 




( c ) 

Ficj. 444 


The columns may change from one diameter to a larger 
one as illustrated in Fig. 444 (6). No sudden offsets should 
be allowed, os these tend to throw transverse stresses into the* 
column. For large columns, rilw are sometimes cast on to 
the flanges to stiffen them. H sections may Iw connected 
as shown in Pig. 444 (d) f in which a lip reduces the offset to 
the upper section, and no flanges arc used, thereby keeping 
the projections small. The Iwlts are placed within the column, 
ob illustrated. Figure 444 (<;) shows the use of a dowel plate. 
This detail is not considered as satisfactory as the use of 
flanges. 


288. Bases. 

Bases for cast-iron columns may be cast with the column 
shaft or separately, depending upon the manufacturer. If 
separate, the column is less awkward to handle, but the Iwaring 
is not quite as reliable. Figure 445 shows common types of 
bases. Their design is similar to bases of other materials 
(Art. 261), — providing ample Iwaring area and sufficient 
thickness of the projections to resist the induced Iwnding and 
shear. Type (a) may be? used for small columns, and it may 
Iw square or curved (as shown by the dotted lines), depending 
upon the area required, and so on. T yjw (6) is used for the 
heavier columns. The ribs help to distribute the load, 
stiffen the base plate, and protect the projecting corners. A 
regular flange (Art. 287) may Iw used in conjunction with a 

t Sometimes this flanges are left rough unci sheets (not shims) of pujwr, 
lead, or copper arc used between them to give an even bearing. This 
practice is not rocominended, and in no case should it be done at the scat 
of the bottom column. 
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TABLE 81* 

HOLLOW ROUND CAST-IRON COLUMNS 
Allowable Loads in Thousands of Pounds 
By Formula of New York Building Law, 1916 
Weights do not include details 


Outer 

Dia., 

Inches 

Tbiok- 

nsss, 

Inches 

Arou, 

Inohes* 

Weight 

per 

Foot, 

Pounds 

Least 

Radius, 

Inohes 

Effective Length of Column in Feet 

6 

10 

12 

14 

10 

18 

20 

22 

24 

20 

28 




8.64 

27.0 

1.95 

61 

56 











] 

1 

10.65 

33.0 

1.91 

74 

68 










6 


[ 

12.37 

38.7 

1.88 

86 

80 











i 


14.09 

44.0 

1.84 

97 

90 











1 


12.52 

39.1 

2.27 

92 

86 

81 









#7 

i 


14.73 

46.0 

2.23 

107 

101 

95 









7 

1 


16.84 

52.6 

2.19 

122 

115 

107 










1 

18.85 

58.9 

2.15 

136 

128 

119 












17.08 

53.4 

2.58 

128 

122 

116 

109 








Q 



19.59 

61.2 

2.54 

147 

139 

132 

124 








0 

1 

21.99 

68.7 

2.50 

164 

156 

147 

139 









it 

24.30 

75.9 

2.46 

181 

171 

162 

152 











22.34 

69.8 

2.89 

171 

164 

157 

149 

142 







Q 

1 

26.13 

78.5 

2.85 

192 

184 

175 

167 

158 







V 

ii 

27.83 

87.0 

2.81 

212 

203 

193 

184 

174 








H 

30.43 

95.1 

2.78 

232 

221 

211 

200 

190 








1 

28.28 

88.4 

3.20 

221 

212 

204 

195 

187 

178 







1 


31.37 

98.0 

3.16 

244 

235 

225 

216 

206 

197 






10 

H 


34.36 

107.4 

3.13 

267 

257 

246 

235 

225 

214 







ii 


37.26 

116.4 

3.09 

289 

277 

266 

254 

243 

231 







U 


34.90 

109.1 

3.51 

276 

266 

257 

247 

238 

228 

219 






l 

• 

38.29 

119.7 

3.48 

302 

292 

281 

271 

260 

250 

239 





ll 

n 

• 

41.58 

129.9 

3.44 

328 

316 

305 

293 

281 

270 

258 






ii 


44.77 

139.9 

3.40 

352 

340 

327 

314 

302 

289 

277 






1 


42.22 

131.9 

3.83 

338 

327 

316 

306 

295 

285 

274 

264 




19 

1 


45.90 

143.4 

3.79 

367 

355 

343 

332 

320 

308 

297 

285 





1 


49.48 

154.6 

3.75 

395 

382 

369 

357 

344 

331 

339 

306 





11 


62.97 

165.5 

3.71 

422 

408 

394 

381 

367 

353 

340 

326 





1) 


50.22 

156.9 

4.14 

405 

394 

382 

370 

359 

347 

336 

324 

312 



IQ 

1 


54.19 

169.4 

4.10 

437 

424 

412 

399 

386 

374 

361 

348 

335 



lo 

1 


58.07 

181.5 

4.06 

468 

454 

440 

427 

413 

399 

385 

372 

358 




1 


61.85 

193.3 

4.03 

498 

483 

468 

4.54 

439 

424 

409 

395 

380 




1 


58.91 

184.1 

4.45 

479 

467 

454 

441 

429 

416 

403 

390 

378 



Id 

1 

! 

63.18 

197.4 

4.41 

514 

.500 

486 

472 

459 

445 

431 

417 

404 



XU 

1! 

: 

67.35 

210.5 

4.38 

547 

.532 

518 

.503 

488 

473 

459 

444 

429 




ii 


71.42 

223.2 

4.34 

580 

564 

548 

532 

516 

501 

485 

469 

453 




1 


68.29 

213.4 

4.76 

560 

546 

532 

518 

504 

491 

477 

463 

449 

436 



1 


72.85 

227.6 

4.73 

597 

582 

567 

552 

537 

523 

508 

493 

478 

463 


id 

i- 


77.31 

241.6 

4.69 

632 

617 

601 

585 

569 

553 

538 

522 

506 

490 



2 

81.68 

255.3 

4.65 

668 

651 

634 

617 

600 

583 

566 

550 

533 

516 



H 


78.34 

244.8 

5.08 

646 

631 

616 

601 

587 

572 

557 

542 

527 

513 

498 

1 A 

Ii 


83.20 

260.0 

5.04 

685 

670 

654 

638 

622 

606 

590 

574 

559 

543 

527 

lo 

2 

87.97 

274.9 

5.00 

724 

707 

690 

673 

657 

640 

623 

606 

589 

572 

555 


21 

92.63 

289.5 

4.96 

762 

744 

726 

708 

690 

672 

654 

636 

619 

! 

601 

583 


* Carnegie Pocket Companion, Carnegie Steel Co. In this pocket book, safe loads for hollow square 
columns may also be found. 
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toast-iron pedestal (Art. S^), as shown in Fig. 446 (c), for 
heavy loads. Sometimes a raised cross, which fits inside the 
columns and keys them, is ca^^he base plates. 







Fig. 445 

289. Brackets. 

Beams and girders are supported on cast-iron columns by 
brackets cast integrally with the columns, as illustrated in 
Fig. 446 (a). The beam is supported Bidewise by being bolted 
to a lug as shown in ( b ). The lug is also cast with the col- 
umn. One bracket under the seat is usually sufficient for 
single I beams and this is placed directly under the web. 
For box girders, double I beams, and large timbers, there 


— . / j 
ill! « ~ ^ 


J FI" 

& 

• sl 

c 



(<) 


The bracket should bring a beam reaction as close to the 
column face* as possible in order to reduce the eccentricity 
on the column. The seat is 1 leveled off J" as shown in Fig. 
446 (a), to prevent the reaction from lieing concentrated on 
the edge of the bracket. The l tearing area is usually ample 
if other requirements are complied with. The width, \V, is 
made large enough to at least match the flange width of the 
beam or lieams supported, and Y is commonly made 2}". 
The seat must be square and even in a cross direction so that 
the reaction will fend to spread out over it and not lie con- 
centrated at Borne “ high " point. 

Brackets may fail in a number of ways: 

(1) By excessive transverse stress duo to the bending 
caused by the load, 

(2) By shearing the bracket at the face of the column, as 
at plane A- A in Fig. 446 (r), or 

(3) By tearing out an elliptical hole from the face of the 
column, as illustrated in (e) (particularly for large-sized col- 
umns). 

The usual failure is (1), and if a bracket is safe in bending, 
the shearing and tearing failures are less probable. 

Cast //son Col umn Connect /o ns 

Loads Oh Bm setters Must A/or Excrcp Kuuc 

I *L 771 jfc I 77 77 



jLtl. 

f 


Max load m SiOOO* 
Was?*/ -/** 

nut ffs'rvs 


Max load*SJL000* 
- // # 

roe 



Max load -WOO* 
Mrso/tf •/ J * 

n>a6" I 




Max load- 30 . 000 * 
•M* 

ro* 20 "i 


Max l ood- 33,000* 
*W/ '/tf* 

rbe/s"i 


a#' 



Max load •/TODD* 

roe 90 '/OTs 


Fio. 446 


Max load m J400O* 
HArtgAt • J/ 0 

roe / 6 " I 

Fkj. 447* 


Max load*4$00O* 
Mr/fM - 40* 

roe *4 " I 


should be two brackets or a double webbed bracket, sym- 
metrically arranged, to eliminate transverse bending as much 
as possible. A combination lug and separator is used for 
double lieams. The beams are commonly shipped to the 
job cut to the proper length, but unpunched at the ends. 
The required holes for the liolts through the lug are drilled 
in the field to insure a perfect match. 


The usual practice is to make “ standards’ 1 for cast-iron 
brackets, in order to eliminate “ cut and try ” design as much 
as possible. Figure 447 shows a set of such standards. 
The maximum safe loads are determined for each case, check- 
ing against the manners of failure discussed alxive. 

* Courtesy of Eastern Bridge and Structural Co., Worccater, Maes. 
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Illustrative Prob. 289a* Determine the safe load for the 
bracket shown in Fig. 447 for the 9" and 10" I'« and in the 
diagram in Fig. 446 (d). 

The resisting section is assumed to be that determined by 
a plane tangent to the face of the column. The first step is to 
locate the center of gravity of the section, taking moments 
about plane X-X (Fig. 446 (d)). 


6X1XI + 6XHX4 
5 X 1 + 6 X 1J 


2 . 6 ". 


Calculating the moment of inertia, 


Use F.S. of 10, maximum fibepAtrem * 2000 #/d^. * Mo- 

ment of resistance — Af* 20Q0 X 22.2 » 44,400"#. 

Assume load concentrated at point where beveled portion 
starts (Fig. 446 (c)). 

Af, - R • e - R X 2.5 1 

R X 2.6 * 44,400 or R - 17,800# 

Fig. 447 gives 17,000#. 

Shear resistance » A • v 

- (5 X 1 + 6 X 11) 2000 - 23,600#. 


/ + 2to • d* =* 7o 

+5 XI X (2)* - 20.42 

11 X f41)» 

— 12 ■ + 11 X 41 X (2J)» - 34.20 
M .- XIU)* + U X 11 X (A)* - 0.86 

Total - 55.54"* 

Distance from N.A. to extreme tension fiber =* 2.5" =* c. 


Prob. 289b. Check the maximum safe load for the bracket 
for the 18" I given in Fig. 447. Use same working stresses as 
in Illustrative Prob. 280a. 

290. Steel Pipe Columns. 

Small columns are occasionally made of steel or wrought* 
iron pipe, Buch as for piazza posts and the like. The same 
limitations should he placed on them as for cast-iron columns, 
with modified working stresses. Cast-iron caps and bases are 
generally used. The limiting ratio of thickness to diameter 
should be 8 V A hollow circular section has a maximum 
radius of gyration for a given amount of metal. Screw caps 
or bases should not be used on account of the great reduction 
in sectional area. 
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LINTELS 


291. General Considerations. 

When openings occur in walls for windows or 
doorways, some special form of construction is 
generally necessary, so that the loads above will be 
transferred to cither side of the opening. This is 
equally true in interior partitions for door openings 
and interior sash, although the loads may be smaller. 
Similar circumstances occur over openings for heat 
registers, ventilation grilles, ducts, and so on. 

Provision is usually made in one of two ways, 

(1) by the use of arches, or 

(2) by employing lintels,* 

at the tops of the openings. These are indicated on 
the floor plan by conventions, as shown in Fig. 
448 (a). The arcli or lintel over the opening 
immediately below the floor frame is the one in- 
dicated. Arches are generally just labeled as such at 
the openings on structural plans, — the architec- 
tural elevations and the f" scale details defining 
them. Lintels are usually defined by typical cross- 
sections through the openings as shown in Fig. 
448 ( b ), (c) and (d). They arc identified at the 
various openings by marks, such as LI, L2, etc. 
These marks refer most often to the type of section 
used. That is, a pair of angles of the same size and 
relation to the wall section would be given the same 
“ L ” number, even if the openings varied slightly. 
When the structural steel company fabricates the 
lintels, they assign identifying marks to each, to 
take care of varying length. Some companies re- 
tain the original number and supplement it by a 
lettcY; such as L1A, LIB, etc. Sometimes the lin- 
tels are further qualified as to their floor location, 
such as 2L1A, 3L1C, meaning at the second and 
third floors, respectively. Some structural com- 
panies discriminate when the lintel is made up of 
two or more shipping pieces by the use of a double 
“ L ” mark, as LL2A, L3B, the former meaning two 
separate parts, and the latter, one fabricated unit. 

292. Lintels Contrasted with Arches. 

An arch is a special arrangement of masonry units, 
usually built on an arc, so that a balance exists 

* Lintel* should not be oonfuoed with spandrel beams, whioh are dis- 
cussed later (see Index). Arches arc a part of arch design (see Texts on 
Masonry Walls). 


between the thrusts and counterthrusts. The load 
from an arch causes a component vertical pressure 
at the supports the same as any beam, but in addi- 






U.L2 L3 

(') W 


Fiq. 448 

tion, outward thrusts are created. The supports 
must be strong enough to resist the joint action of 
these forces. Figure 449 (a) shows the names of the 
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parts of an arch. The curved line A B is called the 
intrados and the surface corresponding, the Boffit.* 
The line CD is the ext«ld«J(^Tjnd the correspond- 
ing surface, the back.* Thd surface AC is called 
the face. The stones at the ends are called skew- 
backs, S, or sprihgers. The stone at the center is 
called the keystone, K, and the intermediate ones 
are named voussoirs. The curves are usually seg- 
mental, although flat arches may be used. 




* v. lim /*/ 

• • ’ • ' • L: : I : : L_L_J 


■"4 


^ C/tar Span 

y 

Pier 







l<'iu. 44'J 

A lintel is only a special type of beam, and trans- 
fers the loads over the opening by virtue of its 
flexural strength, and causes vertical reactions only 
(Fig. 449 (6)). 

Whether an arch or a lintel is to be used over a 
particular opening depends largely upon the archi- 



tectural effect desired (see Vol. 1).' It is quite 
common to turn arches in brick work, as pleasing 
details may be obtained and almost as cheaply as 
by the use of lintels. Lintels are generally cheaper 
than arches, particularly where special stone arches 
are used. Lintels and arches are quite often used 
in combination as shown in Fig. 450. A relieving 

* This discrimination is not always made and sometimes the lines and 
surfaces are both called the intrados, or the extradoe, as the case may be. 


arch of brick may be turned back of a lintel carry- 
ing the fapework, or “ face ” arches may be relieved 
by angles in back of them. When segmental arches 
are used, either curved window heads must be em- 
ployed, or the trim made to fill in the space between 
the arch and a horizontal window head. 

293. Loads Over Masonry Openings. 

Each lintel or arch must be treated as a particular 
case, as far as the loads on it are concerned. A 
masonry wall which is solid, possesses considerable 
arch action in itself, so that the entire mass above 
the lintel or arch need not always be considered as 
the effective load. After the mortar has set, the 
masonry possesses arch action because of the ad- 
hesion of the mortar and the natural friction and 
bonding of the units. However, when the masonry 
is “ green,” the arch action has not been fully 
attained. It also nmy be lessened by settlement. 
Hence the amount of load is uncertain and indefinite 
to some extent. It becomes necessary, therefore, 
to make assumptions relative to the distribution of 
the load. A common supposition made relative to 
the transfer of loads is that they spread along lines 
making an angle of 60° f with the horizontal, as 
illustrated in Fig. 451 (a). On this basis, the load 
on AB , where there is a considerable height of 
masonry, would be only that contained within the 
dotted triangle, ABC . If L is the span, the height 
of the triangle is 

H = | tan 60° = 0.866 L. 



(*) to) 


Fi«. 451 


ABC is 


IF = 


w, ■ L • (0.866 L) 

2 


0.433 w, • IA, in which 


w, = the weight per superficial foot of wall of 
the masonry (= the weight per cu. ft. 
times the wall thickness). 


f Some designers assume the angle to be 45°. 





Griff* 



Fig. 452 
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Vrhis load may be considered as uniformly increasing 
from the ends to the center. Thejormula for the 
bending moment for such loe&JJS^Ts 

W • L * ' 

M t = — — , or substituting, 

0.433 w 9 • L* (L) 


M. 

M, 


6 


X 12 in.-lbs., or 


0.860 w, • L 8 in.-lbs. 


(£-80) 


Another method is to approximate the average load 
per foot. The average height, h 9 of the triangle 
ABC in Fig. 451 (a) is § X 0.866 L. This figure 
times the weight per superficial foot gives the load 
per linear foot on the lintel, or 

h - f X 0.866 L = 0.577 L and 
w = the load per linear foot 
= w s (0.577 L). 


The bending moment in inch-pounds for a uni- 
formly distributed load is 

M e = 1.5 w • L 2 , 

M e -> 1.5 w, (0.577 L) • /v 2 , or 
= 0.866 w, • L 3 in.-lbs. 

It will be noted that this result is the same as de- 
rived above (£-80). Hence either method gives 
the same results. 


The transverse strength of the masonry after the mortar 
has set tends to relieve the load on a lintel or arch. Referring 
to Fig. 451 (6), the resisting moment of the section in inch- 
pounds is 

t /i 2 

Mr = X/, in which 

t = the wall thickness in inches, 

h — the height of the section under consideration in 
inches, and 

/ * the allowable flexural stress of the masonry in 
#/□". 

• 

The external bending moment may be determined on the 
basis of restraint, since the wall is continuous by the opening, 
or 

Me - 1.0 w • U 

1.0 (wo • i • h) L % . 

* — , in which 

wo = the weight of the masonry in #/ c.f., and 
L ■* the Bpau in feet. 


For brickwork, w 0 = 120#/c.f., and / may be limited to 
50#/d". For a 2'-0" span and a 12" wall, 


Me 

831 


* 0.866 X 120 X (2) 3 = 
/ X 12 X [0.866(12)1* 
6 


* 831"# 

and / ™ 32#/a". 


Thus it may be seen that for small openings, say up 
to 18", as for heat grilles and so on, no lintels or 
arches are theoretically necessary. However, small 


lintels are usually provided for practical reasons. 

The flexural strength of the frame in such an open- 
ing provides considerable resistance. Figure 452 
illustrates typical details for register and vent open- 
ings. For larger openings, lintels of minimum sizes 
should be provided for practical reasons, — to pro- 
vide against unexpected loads and faults in con- 
struction and to give a finish to the opening. 

When openings are close together in any story, as 
illustrated in Fig. 453 (a), there is not much chance 
left for true arch action, and the load per linear foot 




Fig. 453 

should be taken as the weight of the masonry, 
of height, h , plus the weight of the sill and sash 
above. When floor loads are carried by the wall, 
they should also be included. Figure 453 (/>) 
shows another possible loading condition, and the 
weight of the wall, cross-hatched, should be in- 
cluded. 

When a concentration occurs over an opening, 
as illustrated in Fig. 454, judgment must be used as 
to its effect. If it occurs within the 60° triangle, as 
shown in (a), the safe procedure is to consider it 
concentrated on the span. If it occurs above the 
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60° triangle, as in ($), the arch action will tend to 
throw the load over the opening. To bewon the safe 
side, however, it is wise to add the concentration 
into the remaining load on the opening and consider 
the whole uniformly distributed unless the beam is 
more than L feet above the apex of the imaginary 
triangle. When a beam practically bears oven* the 

w r 

JL, 

A A 



C) (*) 

Fi a. 454 

opening, it is necessary to use a section which will 
provide proper connections, although it may have 
strength greatly in excess of what is theoretically 
required. As previously stated, each case must take 
the surrounding conditions into account. 

294. General Design of Lintels. 

The design of lintels involves only the general 
theory of beams (Part I) with the special considera- 
tions characteristic of tliis kind of a beam. Only 
the new features connected with such design are 
discussed in the following articles. The provision 
of safe flexural resistance is the important part of 
the design. The deflection should, however, be 
within safe limits to prevent cracks developing in 
the wall over the lintel, and to prevent the mortar 
joints from opening up. The end bearing must be 
sufficient to prevent overstress. The minimum in 
all cases should be 4".* This figure should apply 
beyond any Teveals in the openings. Some en- 
gineers prefer a minimum bearing of 6". There 
should be a sufficient amount of wall each side of 
the opening to absorb the thrust caused by the arch- 
ing effect of the wall over the opening. When 
arches arc used, such expanses of wall must absorb 
the real thrust. 

Many building codes require that lintels of over 
8'-0" span carrying masonry walls should be fire- 
proofed. This practice is recommended in the 
absence of code regulations. 

295. Structural Steel Lintels. 

When the structural frame of a building is of 
steel, the lintels are most commonly made of struc- 
tural steel shapes. The possibilities of varying the 
section and the fact that they may readily be used 

* No wall anchor* (Art. 10) or hearing plates (Art. 15) are ne cessar y 
for the usual lintel, although especially heavy lintels should be investigated 
for bearing. Some specifications call for bearing plates for lintels over 
O'-O" in span. 


in conjunction with other materials lend them to 
great variety ofcfcses. 

One of the t sim{^kuses of a steel lintel is for the 
support of veneered brick work over openings. 
Figure 455 illustrates the detail through the head of 
a typical window, showing an dhlarged section of 
veneer construction on a wood frame. A single 
angle, usually 3£ X 2$ X 1, or 4 X 3 X f, with the 
long leg vertical is commonly employed. Figure 
450 shows a diagram which is helpful in selecting 
angles for such work. Here the ordinates arc the 
clear spans of openings and the absciss® are courses 
of superimposed brick, one brick thick. The curve 
allows also for the weight of the window and trim 
above, but for no floor load. The mason contractor 
is usually asked to build in the steel on a small job 
of this kind. 

Another instance where structural steel angles are 
similarly used, is to support the brick facing of a 
concrete lintel. Figure 457 (a) and (b) shows details 
of this kind. By using a long vertical leg a reveal 
in the head section may l)e provided, as shown in 
(6). It becomes necessary to anchor such angles 
to the concrete. A common type of anchor is 
shown in (a), namely, 2 X J bars X 0'-10" bent, 
placed about 2'-0" o.c. This detail requires build- 
ing the; angle and its anchors into the form for the 
concrete lintel. Another type of anchorage; is to 
use f "<t> expansion bolts, 2'-0" o.c., as shown in 
Fig. 457 (6). The angle in this case is attached to 
the concrete later. A disadvantage is the tendency 
toward spalling the concrc?tc from the beam bottom 
and this detail is not advised. One very common 
method is the use of J-bolts. In this case a bent 
and threaded f " <t> or }" 0 rod is hooked over the 
reinforcement in the beam, the threaded end is 
passed through the form and is temporarily fastened 
with the nut, acting as a tie for the beam side. 
After stripping, the angle is fastened to the project- 
ing bolts in the usual manner. 

A single angle is sometimes used over openings 
in thin partitions, as shown in Fig. 457 (c). For 
unplastered partitions, the angle, is exposed over the 
opening. Tliis is not particularly desirable. When 
plastered, difficulty is encountered in furnishing a 
clinch for the plaster when; the upstanding leg 
occurs. Metal lath should be used as shown. This 
makes the plaster thin at this point if a normal 
thickness is to lie used. 

When terra cotta furring is used on the inside of 
exterior brick walls, it is necessary to provide a 
support for this furring over the window heads. 
The furring is commonly 2" split tile or 2" blocks, 
so that the usual furring lintels may be 2 X 2 X } 
angles. Only a small load is generally present, so 
that such a size is ample for the usual spans. Figures 
458 (a) and 466 show typical cases. Such lintels are 
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not shown or called tor on structural plans, usually, 
but are. incorporated Into the specifications. 

When openings occur in masonry walls, a pair of 
angles is often used to transfer the load over the 



Fio. 458 


opening. The outstanding legs should preferably 
occupy nearly the full thickness of the wall. A 
figure of to 1" t.o the face of the wall each side is 
good practice, as shown in Fig. 458 (a). The two 







Mull ion 


to back should be riveted together. For thicker# 
walls, more th.\n two angles may be used, as illus- 
trated in (c). „ X** 

For large openings? or where considerable floor 
load must be carried over openings, angles may not 
be sufficiently strong, and other combinations of 
structural steel shapes become necessary. Several 
schemes may be used, some of which are shown in 
Fig. 459. That in (a) shows a plate and channel. 
The plate is not counted upon in the lintel's strength 
but serves as a shelf for the brick. Its thickness 
should be checked as a cantilever supporting the 
local load. Walls build up larger than their nominal 
thickness on account of the joints, and a plate of a 
width equal to the nominal thickness of the wall may 
be used. This detail is not preferred by many 
engineers and some of the others shown arc recom- 
mended. Figure 460 shows a typical installation 
of a pair of channels and an angle. When combina- 
tions such as shown in Fig. 459 (c) or ( d ) arc used, 
the angle is for the purpose 
of carrying the face course 
of brick or stone work. Usu- 
ally it is not counted in the 
strength of the lintel. The 
amount that the outstanding 
leg of the angle is dropped 
below the channel depends 
(e) upon the boxing desired in 

the window head. A common 




detail when steel sash are to 
be used is to provide a sec- 
tion such as shown in Fig. 
459 (e). The shelf angle is 
riveted to the channel as 
shown, with separating washers 
to provide a slot. The steel 
sash are inserted in this slot 
and pointed up with grout. 



Fig. 459 


Fio. 460 


angina may tie separated by pipe separators (1" <t> Figure 459 (/) to (n) shows several variations for 
gas pipe and <f> bolts, 2'-0" o.c.), as shown in (a), steel sash with different types of girt and lintel seo- 
or washers may bn used. For thinner walls, or tions. Figure 461 shows the use of angle lintels in 
where more resistance is required, the angles may bo connection with architectural terra cotta “face” 
placed back to back, as shown in (6). Angles back treatments of window heads. 
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Illustrative Prob. 295*. Design an angle lintel to span 
a 6'-0" opening, and carrying a blank brick wall J2" thick. 


Brick work weighs 10# per inch of thickness. 
Hence weight per superficial foot - 120# *= to*. 
From Art. 293, M = 0.866 w s • L* in. -lbs. 

= 0.866 X 120 X (5) 3 
* 13,000"# 


/ 

e 


13.000 

16.000 


0.81"* 


From tables, 2 11 3$ X 2 J X i are ample. 

Space 2j" back to back, short legs vertical. 

Use 1" pipe separators, space 6", 2 / -0", 2'0", and 6". 
liefer to Fig. 458 (a) for typical section. 


Illustrative Prob. 296b. Design a lintel to span a 7'-6" 
opening and to carry 5'-0" of 12" brick wall and a floor loud of 
700# per linear foot of wall. Use 6" tearing at ends. 

Brick work * 5 X 120 * 600 (Neglect weight of lintel) 
Floor « 700 


Total = 1300# /ft. 


M = 1.5 to • L % 
I 117,00 0 _ 
c “ 16,000 ~ 

Use 5 1 10 - = 
c 

Use 6 C 0.7 * - 
e 


- 1.5 X 1300 X 7.5 X 8.0 
7.31"* 


4.8 


3.0 


117,000"# 


Total = 7.8"* 

Use 4 X 3 X J shelf angle. 

Refer to Fig. 459 (c) for typical section. 


Prob. 296c. Select a pair of angles to span a 7'-0" opening 
to carry a blank 12" brick wall only. 

Prob. 296d. Design a lintel to span an 8'-0" opening and 
to carry 6'-0" of 12" brick wall and a floor load of 850# per 
linear foot of wall. Use 6" tearing at ends. 

Prob. 296e. If the lintel in I*rob. 295d carried a concentrated 
load of 12,000# instead of the uniform floor load, what sizes 
would te required? 


296. Special Door Openings. 

In planning door openings for elevators, or when 
other special doors which run on tracks or similar 
deVices occur, the lintels over the openings may 
require special sections, as illustrated in Fig. 462. 
The sills also are equipped with light iron when 
trucking through the doors is anticipated, as shown 
in (a) and (h). 


297. Beams Carrying Interior Walls or Partitions. 

When a beam which is a part of the structural 
floor framing has to carry an interior wall or parti- 
tion in addition to the load from the floor, some 
designers make assumptions as to the weight of the 
wall material, as it affects the beam.’ 1 ' If a solid 

* Refer to Art. 02 for floor load allowances for random partitions. 


wall or partition were built in between two columns, 
there is a possikjjitv that there would be some arch 
action, and hqpce tfijfc the load on the beam would 
be relieved to sotne eftent, providing that the col- 
umns were stiff enough to resist any thrust due to 
such arch action. For such a cafce, the weight of 




the wall in Fig. 463 (a) is sometimes assumed as 
that of a triangle of an altitude of $ H. If a door 
opening occurs in the center, as illustrated in (6), 
some engineers make the same allowance, neglecting 
the variation in weight for the opening. When a 



Fra. 463 


door occurs to one side, as in Fig. 463 (c), or there 
are two doors, or interior sash, the whole weight is 
considered, allowing for the difference of weight in 
the openings. Such conditions as the latter tend to 
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destroy any arch action and also to concentrate the 
weights to a certain extent. 

It is not expedient for a st#§ctural designer to go 
too far into detail as to weights of this nature, and 
it is better to make a liberal allowance and have a 
reasonably conservative design. The authors recom- 
mend that the full net weight of a wall or partition 
be used (weight of wall minus openings 41 ) and that 
the total be considered as uniformly distributed. 
Neglecting relative positions of any openings, and 
possible concentrations of loads, will more or less 
offset each other. Many building code require- 
ments correspond to the above recommendation. 

298. Cast-Iron Lintels. 

SPECIFICATION CLAUSE t 

Cast-iron lintels shall be not less than 2" in 
thickness, and shall not be used for spans ex- 
ceeding 1) feet. 

While cast-iron lintels were employed considerably some 
years ago, they are very seldom used in modem practice, for a 
number of reasons. The most important of these is that 
structural steel shapes can be obtained more easily and they 
are generally more economical and efficient. Other objec- 
tions arc the unreliability of cast iron in bending, the great 
possibility of imperfections in the metal, and the difficulty of 
detecting the flaws by inspection. Cast-iron lintels are 
occasionally used in conjunction with cast-iron columns in 
Btorc front construction (see Index). These are ornamentally 
molded for architectural effect. 

Figure 4G4 shows some of the common sections which have 
been used, with (/) indicating a typical elevation. The safe 
tensile strength of cast iron is customarily specified as 
3000#/a"> and the safe compressive strength as 16,000#/ 

It will be noted that the former is only about one-fifth of the 
latter. Hence it is necessary to have a large part of the 
section in the bottom flange to supply the required tensile 



Fin. 464 

area. From a theoretical standpoint, the lintel should have 
equal strengths in tension and compression, but in practice 
this cannot always be realized. If the thicknesses of the webs 
and flanges of lintels were materially different, there would be 
a great tendency toward cracks developing at the juncture 
of the parts, due to the different rates of cooling after the 
metal is cast. For this reason, it is good practice to make the 
webs and flanges of equal thickness, although some designers 
prefer to have the thickness of a web J" to J" greater than 
that of the flange. 

* The designer should make sure that a blank wall is not the controlling 
condition for one of the typical beams. 

t From the Building Code of the National Board of Fire Underwriters, 
New York City. 


The width of the flange is made to match the thickness of 
the wall tojbe supported (or if fireproofed, it is varied accord- 
ingly)* For widths exceeding 8", side brackets should be 
used as in Fig. 464 (/), placed at the center of the length of 
the lintel, to provide lateral stiffness. The depth of the 
lintel must be sufficient to provide for the bending and to 
prevent excessive deflection. The webs may be tapered 
toward the ends, as shown. For a uniform load, this could 
follow the curve of* a parabola, but for practical reasons, it 
is usually made a straight line. The areas of the webs at 
the ends must, however, be sufficient to provide ample shears 
ing resistance, not counting upon the flanges beyond the 
webs. The usual allowable shearing stress is 3000#/a". 
LintelB with two or more webs should have a vertical piece 
at each end to stiffen the webs. 

The design of such lintels is usually made commercially 
by referring to a table of properties of cast-iron lintels of 
varying sections and of the safe loads that they will carry.} 
Otherwise, the method must be that of 44 cut and try,” — 
selecting a given section and determining whether it is safe 
for a given loading condition or not, and altering the section 
if necessary. Such design involves the investigation of 
unsyin metrical sections with different allowable stresses in 
tension and compression, first locating the neutral axis of the 
section (through its center of gravity), then determining the 
section modulus with respect to the two extreme fibres (one 
in tension and the other in compression), calculating the 
corresponding moments of resistance, and finally, selecting 
the controlling value of the latt.cr.§ Usually the resisting 
moment as governed by the tensile strength controls. 


Illustrative Prob. 298a. Determine a cast-iron lintel section 
to span 7'-0" and to carry a load of 1600#/ft. Wall 12" 
thick. Use Bection similar to Fig. 464 (c). Assume rectangu- 
lar webs. Assume section 8" dr*ep and 1" metal. ( Calculating 
the location of the center of gravity by reference to the base, 


(8 X 1) X 0.5 + 2 X (7.0 X 1) X 4.50 
8X1+2 (7.0 XI) 
b-d* 8X(1)* 

I of flange 


3.04" up. 


Ad* 

1 of 2 webs 


12 12 
(8 X 1) X (2.54)* 

1 X (7.0)* 


2 X 


12 


0.07" 4 

51.61 

57.21 


A • d* for 2 webs * [(1 X 7.0) X (1. 46)12 - 29.01 


/ - 138.50"* 

41 c ” distance (tension) — 3.04" 

44 c " distance (compression) — 8.00 — 3.04 * 4.96" 

(tension) = ~~~ - 45.5"* . 

C o.lM 

/ . 138.5 f 

- (compression) - -jgg- * 27.9' * 

M - — * (tension) - 3000#/o" 
c 

8 (compression) — 16,000#/d" 

M r (compression) — 16,000 X 27.9 * 447,000"# 

M f (tension) - 3000 X 42.2 - 126,000"# (controls) 

M - 1.5 to • L* -1.5 X 1600 X (7)* - 118,000"# (actual) 

Use Section assumed. 


t Tablet* of this kind may be found on page 120 of IIool and Johnson's 
“Handbook of Building Construction,” Vol. I, — McGraw-Hill Book Co., 
Inc. 

1 While cast-iron lintels, aa previously stated, are very uncommon in 
practice, calculations involving their use make excellent theoretical prob- 
lems for the better understanding of the general theory of flexure. 
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Depth req’d fop shear — — 1.87" 

~****Make 4" deep for practical reasons. 
Use side bracket, as in Fig. 464 (/), as lintel is over 8" wide. 


Prob. 888b. Determine a cast-iron lintel section to span 
9'-0" and to carry a load of 900#/ft. \^all 16" thick. As- 
sume rectangular webs and a section similar to Fig. 464 (d). 
(Hint: Try 2" metal and lintel 6" high.) 




'LATE 33 THE OFFICE BUILDING 
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CHAPTER 25 


EXTERIOR WALL FRAMES* 


299. General. 

In “ skeleton ” construction, the exterior walls 
are curtain walls and are provided principally for 
the purposes of excluding the dements, and to pro- 


Fig. 465 

vide opportunity for architectural treatment. The 
walls are carried by beams at the floor levels, fram- 
ing between columns placed near the outside lines of 


the building. These beams are called spandrels, or 
wall beams. In some cases, they carry a portion 
of the floor load, as well as the weight of one story 
of wall construction. This 
type of framing has become 
the most common for build- 
ings of any great height, as 
thick, masonry bearing walls 
are more expensive and result 
in slower construction prog- 
ress for such cases. They 
have also very poor resistance 
to earthquake shocks. 

In addition to the spandrel 
framing, special supports be- 
come necessary in various 
types of wall treatments, such 
as lintels over window and 
door openings (Chap. 24), 
parapet walls, cornices (cither 
with or without copings or 
balustrades), belt courses, 
window balconies, canti- 
levered bay windows, por- 
ticos and their pediments 
(Fig. 465 ( b )) (tympanum 
framing), main entrance de- 
tails (Plate 33 and Fig. 465 
(a)), and so on. In any dis- 
cussion of limited extent, it 
would not be possible to take 
up all such cases, nor all in- 
stances of any particular case, 
but the object of the follow- 
ing articles in this chapter is 
to point out some of the im- 
portant features in connec- 
tion with such work and 
the design of the structural 
supports. 

300. Spandrel Beams. 

The design of spandrel beams is not always as 
simple and straightforward as that of typical floor 
beams. The first important feature is to plan the 


* Tanteli and windbracing are often part of this construction and are 
discussed separately in Chapters 24 and 27 respectively. 
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arrangement with respect to the cross-section of 
the wall so that the loads will be > yrried most effi- 
ciently, and so that provisidlT will be made for 
carrying the facework arid for proper anchorage of 
all important units of the wall construction. An- 
other important feature is to arrange the spandrel 
beams so thgi^reasonable connections to the sup- 
porting columns may be made,* and yet to keep the 
loads as concentric as possible. The beams should 
be of simple, rolled sections where possible, and 



coping and blocking of beams should be kept to a 
minimum. One method of helping in the latter 
situation is to use channels framing between the 
inside flanges of columns, as shown in Fig. 466, to 
carry the floor load and any wall furring. This 
leaves the beams outside, fully available to carry 
wall load only. If they are thus required to carry 
less load, rolled sections arc more often sufficient. 

In calculating the loads on spandrel beams, some 
care is required to determine the proportionate 
amount of load that is carried by each member. 
Where beams of different sizes or depths are used 

* Many structural companies provide slotted holes in certain places to 
take care of the usual variations in setting and plumbing structural work. 


side by side, each particular beam should be designed 
to carry the load brought upon it. The total load 
should not be equally divided between the number 
of beams arbitrarily, unless there is an equal dis- 
tribution of load. It is important to keep the 
deflections of the beams side by side as nearly 
equal as possible. This cannot always be done in 
an ideal way, because of limiting clearances and 
space available. In such cases, it is sometimes wise 
to use separators (see Art. 32) between the beams, 
to equalize loading conditions as much as possible. 

The center lines of the wall columns are usually 
governed by the fire protection given them. The 
distance in from the face of the wall to the center 
lines will be the sum of the protection and one-half 
the depth of the column section. The latter value 
must be governed by the lower story columns, which 
are largest. “ Constant dimension ” columns (Art. 
245) are an aid in this work, and for these, the 
columns may lx; kept flush on the outside. 

SPECIFICATION CLAUSE t 

Protection All columns which support steel girders carry- 
of Will ing exterior walls, and all columns which are 
Columns built into walls and support floors only, Bhall be 
protected against corrosion by a coating of 
I>ortland cement mortar at least I inch thick, 
and against moisture and fire by a cosing of 
masonry, which shall lie not less than 4 inches 
of brick or 3 inches of concrete on all surfaces; 
all to be well bonded into the masonry of the 
enclosing walls. 

Note.— Stone work is not reliable protection 
for steel work ugainst fire. A fire of only moder- 
ate intensity is practically sure to cause it to be 
ruined by spalling, and the metal structural 
members behind it may thereby be exposed. 

It will be seen from the above note that the stone 
facing is not counted upon as fire protection. Hence 
>1 the distance from the outside of the wall (when 
stone facing is used) to the face of the columns must 
include the thickness of the stone plus at least 4" 
of brickwork or 3" of concrete. In some types of 
bonded stone work, the thickness of the stones is 
made 4" and 8" alternately, backed up with 8" and 
4" of brick work, respectively, to the column flanges. 
Figure 467 shows typical details of bonding ashlar 
to the backing. The above specification applies 
to first-class construction. For steel girders and 
columns which support masonry walls in second- 
class construction, t other than those facing upon a 
street, the minimum protection should be 2", similar 
to the above specification, or 2" of metal lath and 
cement plaster, the latter being applied in two 
layers with an air space between them. 

t From the “Building Code” of The National Board of Fire Under- 
writers, New York City. 

X The protection of inetal structural members in non-fireproof buildings 
is made obligatory only for members supporting walls and main floor 
sections which in a fire are likely to collapse suddenly with serious danger 
to firemen and wrecking of the building. 
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Fia. 467. Bonding A&hlah to Backino 
(a) in wood frame (6) in steel frame (c) in concrete frame 


be adaptable. The angle aids in carry- 
in ^the facing, and the channel, backed 
ouvttlbws a surface for connecting 
the angle. For heavier wall sections, 
a group of beams such as illustrated 
in Fig. 468 (6) may Le used. Not all 
cases of wall sections Vn be covered 
here, but only enough to illustrate the 
general methods. Considerable in- 
genuity must be exercised by the en- 
gineer in some oases. 



Illustrative Prob. 300a. What is the minimum distance 
from the outside face of a 4" and 8" bonded ashlar wall with 
brick backing to the center-line of the wall columns, if the 
maximum size of the latter is u 12 BH 1 18.5? 

Ashlar (maximum) = 8" 

Brick backing (minimum) *= 4 

Mortar coating = J 

J of 12 BH column * flj[ 

Total - 188", say l'-6J" 

The wall girders must also have fire protection. 
This influences their location. 

SPECIFICATION CLAUSE* 

Protection The wall girders shall have a casing of portland 
of Wall cement mortar and the same masonry protection 
° irderB as required for wall columns all to l»e securely 
tied and bonded; but the extreme outer edge of 
the flanges of beams, or plates or angles con- 
nected to the beams, may project within 2 inches 
of the outside surface of such casing. The in- 
side surfaces of the girders shall t>e similarly 
protected by masonry, or if projecting inside 
the walls, they shall be protected by concrete, 
terra cotta, or other approved fireproof material 
not less than 2 inches thick. 

Metal fronts on the exterior of buildings over 
one story high shall be backed up or filled in 
with masonry not less than 8" thick. 

The simplest spandrel section is of course a single 
I beam, used for thin, plain brick, terra cotta or 
concrete-tile curtain walls. Often a Bethlehem 
section is advantageous on account of its broad 
flange. For thicker walls, a pair of beams may be 
used. When a facing material is employed, a sec- 
tion such as shown in Fig. 468 (a) may sometimes 

* “Building Code" of the National Board of Fire Underwriters, New 
York City. 


Fig. 468 

From a standpoint of connections, the ideal posi- 
tion for a beam which is off the column center-line 
is so that the inner flange projection may be blocked 


I 



Fig. 460 


off and the web connected to the flange of the 
column, as shown in Fig. 469 (a). The center of 
the beam may be moved out a small distance by 
the use of packing plates, as shown in (6), or “fur- 
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ring ” angles as in (c). If the beam must be further 
out, brackets may be used, as sM^/inn Fig. 469 (d). 
Figure 470 shows another^ type- of spandrel section, 
which is not afforded as much fire-protection as pre- 
viously specified, dpe to less stringent code restrictions. 



Fig. 470 


niustrative Prob. 300b. Design the typical spandrel girder 
for the conditions of loading shown in Fig. 371 and sum- 
rnarized in Fig. 471. 


Where windows occur 


Windows 7.33 X 10 

- 73# 

Furriug and plaster 


(2'-8") + 6" = 3.17 X 10 

- 32 

6 X 13 

* 

SiH-— - X 150 

- 81 

Terra cotta facia 

« 80* 

12" brick under 


1.0 X (2'-8" + 6'-6" si’ll) 


2.67 X 1.0 X 120 

- 320 

Terra cotta around beam, say 

- 14 


Total - 600#/ft. 

• Ornamental terra cotta averages about 100#/c.f. in weight. 


Piers 

Brick 1.67 X 12.0 X 120 - 2400 
Furring and plaster 

10.0 X 12.0 - 120 


Total - 2520#/ft 


Floor Load 


L.L. 

Fin.Flr. 

■ 

75 

(I" maple) 

a 

4 

Fill 

a 

24 

Random partitions 

= 

15 

Terra cotta arches 

a 

24 

Steel frame 

a 

5 

Plaster 

a 

10 


T.L. - 167#/q' 

5.0 X 14.0 

Concentration from floor twain - — — - — — X 167 - 5830# 

Assume girder weighs 50#/ft. 

Figure 471 ( b ) shows the loading diagram. 

Beam symmetrically loaded. 

Ri * 5830 + 2520 X 3.0 -f 600 X 4.5 + 50 X 7.5 - 16,465# 


Maximum moment occurs at mid-span, B. 


M 

1 


16,465 X 7.5 - 5830 X 2.5 - 2520 X 3 X 6.0 - 600 
X 4.5 X 2.25 - 50 X 7.5 X 3.75 - 55,810'# 


55,810 X 12 

16,000 


41.8"* 


Use 12 1 40.8 



Prob. 300c. Design the typical spandrel beam for the con- 
ditions of loading shown in Fig. 371 and similar to the details 
in Fig. 471 (a). 

301. Cornice Supports. 

While cornices are used to enhance the beauty 
and architectural treatment of a building near the 
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roof line, there is a tendency at times for an archi- 
tect to make them quite ponderous, in order to carry 
out the spirit of his design, and to lose sight of the 
limitations of his materials. Usually the amounts 
of the projections and the weights can be kept with- 
in reasonable limits if study is given to it. An 
engineer should use his influence with an architect 
in such designing, as heavy, projecting cornices are 
a menace during a fire, or in localities subject to 
earthquakes, and simple, balanced cornices will be 
much less complicated and expensive to support. 
Many building codes limit the cornice projection to 
a definite amount on account of the above reasons. 

The important feature in investigating cornice 
supports is to determine whether the construction 
is “ balanced ” or not. This applies in a similar 
way to belt courses, friezes, and the like. Cornices 
which are constructed so as to be self-supporting, 



Fio. 472. Anchored Cornice Stones 


structural masonry, must be made up of stones 
which are permanently in stable equilibrium upon 
the center of gravity of the immediate wall section. 
Prudence dictates that they should be anchored 
down in addition, and they should never depend 
upon superimposed masonry for stability alone. 
This is illustrated in Fig. 472. Even with anchor- 
age, equilibrium is assured only by verifying that 
the weight of each portion of a stone inside the 
vertical line through the center of gravity shall 
predominate the weight of each portion outside of 


this line. The weight of the masonry above any 
point of anch&fcgg'Should be more than the uplift 
on the anchorage, as a safeguard. Even in balus- 
trades and copings, ohe should not rely upon the 
mortar joints and superimposed weight for stability, 
but all joints should be provided foth bronze dowels 
and anchors to secure the parts agafcct movement, 
as shown in Fig. 473. When a vertical line through 
the center of gravity of the cornice section falls out- 
side of the immediate wall section, special framing 
of lookouts and anchors must be used, such as 
shown in Fig. 474. Figures 475 and 476 show some 
alternate details. Various combinations of angles 
(as outlookers), bolts, pins, rod and plate anchors, 
pipes, and washers may be used to hold the various 
stones and to transfer their loads to beams and 
channels, which in turn are carried by the wall 
columns. Figure 477 shows several of these com- 
binations. 


Illustrative Prob. 301a. Provide means of support for the 
cornice and the adjoining wall Bhown in Fig. 478. Columns 
19'-0" o.c. Use outlookers at third points, or 6'-4" o.c. As- 
sume terra cotta blocks as solid and at 100# /c.f. for the purpose 
of calculating weights, and to make a conservative allow- 
ance for the engaged brick work. For regular brick work, 
allow 120#/c.f. 

In order to estimate the weights, u drawing at a reasonably 
large scale, similar to Fig. 479, should be made. This is also 
helpful in arranging the parts. 

Load on oulmle channel. (Blocks scaled.) 

Block A - 0.92 X 0.4 - 0.37 
B - 1.0 X 0.35 = 0.35 
C - 1.7 X 0.4 = 0.68 


1 .40 c.f. @ 100 = 140#/ft. 

Brick work engaged by B and C - 0.5 c.f. @ 120 = 60 
Assume l'-O" of load from top of cornice = 68 

T. L. = 268#/ft. 

r J op of Cornice 

L. L. « 30 
Roofing = 6 
2£" Cinder Concrete (avc.) = 20 
2" Book Tile = 10 
Angles — 2 

T.L. - 68#/n' 

L — 6'-4" - 6.33' partially continuous 
M = 1.2 X 268 X (6.33) 2 « 12,400"# 

/ 12,400 

c = 16, (MX) 

Concentration on outlookcr * 258 X 6.33 — 1630# 

Block D - 1.2 X 0.7 - 0.84 c.f. («> 100 = 84# 


- 0.76" 3 


4 C 5J O.K. 


Assume this occurs for one-half of the distance 
Concentration at first pair of angles 

84 X 6.33 + 2 - 266 
Brick work 0.33 X 1.0 X 120 - 40 X 6.33 - 254 
Top of cornice 68 X 6.33 — 430 


Total - 950# 




Of Corn/>* Thru Cornice 

Fig. 473 . Terra Cotta Cornice and Balustrade 
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(a) section of typical terra cotta cornice 


Fig. 474 


(6) terra cotta spandrel in brick wall 







Fig. 475 . Terra Cotta Coknickh 










MISCELLANEOUS 
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Concentration at second pair of angles 

Block D = 0.5 X 0.7 - 0.35 c.f. @ 100 = 35#/ft. 

Brick work \ c.f. @ 120 = 30 
Top of cornice 1.0 X 68 - 08 


T.L. - 103 

163 X 6.33 - 1030# 


Concentration at angle next to parapet 
0.5 X 68 X 6.33 - 215# 


Figure 479 shows a loading sketch for the typical outlooker. 
Moment in cantilever KL 


,1630 X 18 + 950 X 12 
t 40,800 
c “ 10,000 


40,800"# 


2.55" 3 


Reaction at L - 1630 + 950 + 1030 = 
Stress in LN = 3610 + 0.707 - 5100# 


2-4 3 C 5J O.K. 
3010# 


Min. r 


2.83 X 12 
120 


0.28" 


2 EL 2} X 2 X 1 O.K. 
for knee braces. 


Uplift at M. Taking moments about L, 

(1630 X 1.5 + 950 X 1.0 - 215 X 1.0) + 2 - 1590# 
Horizontal stress in LM = horiz. comp, of L N = 3610# 
Resultant stress at M - V(1590)‘ + (3610)* = 3940# 

The required number of rivets at points L, M , and N may 
now be calculated. Not less than three should preferably 
be used at joints of this kind. 


Angles supporting book tile . S pan - 6'-4", spacing « l'-O". 
Ld. per □ / from ^>p of comic* « 68 
Block D (see above calc.) * 42 
Brick work (see above -calc.) y— 40 


Total - 150# X 1.0 - 150#/ft 


/ 1.2 X 150 X (6.33)» 

c “ 16,000 


•I 


0.45"* 2 J &.K. 


0 - 0 . 50 "*) 



Box girder supporting struts. 

This also carries the wall and cornice not supported by the 
outlookers. 

Parapet = 2.17 (f X 120 + J X 100) - 246 

Wall from roof line down to outlookers 
(3 '-9" + 4") - 2'-2" - l'-ll" high 
1.92 (| X 120 + J X 100) - 218 

Brick work from outlookers down to 
girder * (3'-8") - 4" - 3'-4" high 
average thickness «= 16" 

3.33 X 1.33 X 120 = 533 

Terra cotta (blocks E and F) 

1.5 X 0.66 X 100 m 


100 
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Forward 
Load by shelf angle 
1.33 X 0.33 X 100 terra 
1.33 X 0.17 X 120 
| Girder (i 


\ 



| Total - 1238# /ft. 

fjpm strut * 3825# 

Girder two concentrated loads at third-points 

and the uniform load. 

w P L 3825 X 10 

M - -y- * - 24,200 


M - 

I 

c 


w • L* 1238 X (19)* 
8 8 

7010° X 12 62<6 ,„ 


55,900'# 

70,100'# 


16,000 

Use 2-15 C 3 33 

Spandrel at frieze. 

Terra cotta (ave. thickness * 6", high) 

0.5 X 4.5 X 100 = 225 

Brick work 0.67 X 4.5 X 120 = 360 
Spandrel => 15 

Total - GOO# /ft. 


302. Parapet Walls. 

SPECIFICATION CLAUSE 
All exterior walls greater than 20'-0" high, 
except when finished as cornices, gutters, or 
crown mouldings, shall have parapet walls the 
full thickness of the wall proper, extending at 
least 3'-0" above the roof and shall be coped. 

Parapet walls extend above the roof line as 
specified above, but generally they carry no load 
except that they may support a tank or some other 
special equipment. It is of course necessary to 
allow for their weight, which is usually carried by 
beams at the roof level. Party walls are also 
generally specified as above. Provisions must also 
be made for curb walls around skylights. Figure 
480 illustrates typical details. * 


by their own foundation walls. In other instances, 
the bay window treatment may begin at some floor 
above the ground (usually the second floor) on 
account of storefronts in the first story or the 
proximity to the sidewalk. The latter cases re- 
quire special framing to support the walls of the bay 
and the floors at such points. Some form of canti- 




Fiu. 480. Fire Wall Coping 

(а) copper on tile skylight curb wall 

(б) brick parapet with flashing blocks 

lever is usually involved. The bays may be carried 
at each floor, or the whole tier may be supported at 
the bottom. The choice of the method will depend 
upon the nature of the framing at each floor, avail- 
able headroom, and so on. 

The support may he provided by cither cantilever- 
ing some of the interior floor beams out to receive 
the bay window framing, or by running a header 
beam across the bay, from which a bracketed frame 



303. Cantilevered Bay Windows. 

In certain types of office or apartment buildings, 
bay windows are introduced in the front elevations. 
In some cases, these may extend from the roof 
down to the ground, where the walls may be carried 


may be built. The first method requires the beams 
to be framed into a girder which can absorb any 
uplift produced, while the second method requires 
the header beam to be anchored down against 
uplift. 




'/Or /SIS frp £o/fe)// fo ■ !Y*/f every 4-0 
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Figure 481 shows ©is method of supporting a bay 
window. In this particular case, the beams " A 99 
and 11 C 99 in (6) wetfc extended far enough back 
so that only downward reactions occurred on the 
girder “ B." The terra cotta walls and the window 
frames are supported by angle framing as shown, 
and the local floor loads by the channels framing 
into the struts. 


Beam “ A ” T.L. floor - 7&/a'. 

On anchor span*. 8.5 X 70 \ 505 
Beam »\ 45 

V' 640#/ft 


On cantilever 


5.5 X 70 - 385 
Beam - 45 


430#/ft. 


Illustrative Prob. 808a. Check the typical sizes shown in 
Fig. 481. 

Roof over store (below second floor) 

TX. - 60#/a' Span ~ G'-O" 

Use 2" X 6" spruce — 16"o.c. 


Concentration from channels *'G”' 


5809 


X 2 - 5809# 


« D ” and " F ” 
4229 


,409 
+ 2 


2311V 



Channel “ D ” span — ll'-0" 

Load per foot =* 3 X GO - 180# 

180 X 11 a 4180# 

6 X 8.2 - 49 

4229# total Use G C 8.2 

Channel “E " 5 X 3 X 60 = 900 L m 5'-0" 

5X8.2= 41 

941# total load Use 6 C 8.2 

Channel “ F " G X 60 - 360 L = G'-0" 

6 X 8.2 — 49 

409# total load Use 6 Z 8.2 

• 

Height of bav — 24'-0" Average wt. = 40#/superfieiaI foot 
Channels 41 G ” 24 X 40 X 0 - 57G0# L = 6'-0"d= 
6X8.2= 49 

5809# total load 

Use 6 Z 8.2 


Figure 481 (/) shows a loading diagram. 
Rx - 1507# and R t « 18,904# 
il/m-r occurs at R% — 53,514'# 

/ 53,514 X 12 

c 


41.1" 3 


Use 12 3 Z 20.7 


16,000 

Figure 481 (y) shows a loading diagram for girder 11 H” 

Rx - 24,830# and R 2 * 16,745# 

Afmax = 173,060'# 

- = — = 129.75"* Use 2-15 1 1 60.8 

C lOjUUU 


Figure 483 shows another method of supporting 
a bay window. In this, the uplift is taken care of 
by anchoring the header beam into the wall. This 
is an inadvisable scheme if other means may be used. 
Figure 482 shows a partial elevation and sections 
of supported bay windows. 

Prob. 808b. Check the typical sizes shown in Fig. 483. 
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PLATE 36 THE OFFICE BUILDING 
STAIR DETAIL 
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CHAPTER 26 


STAIR CONSTRUCTION 


304. General. 

Laying out and arranging stairs is usually the 
province of the architect, but the structural en- 
gineer is sometimes called upon to proportion 
stairs, particularly for mill buildings and the like, 
which will be economical of space and materials. 

Figure 484 gives diagrams of the various types of 
stairs, as well as the definitions of rise and run and 
the discrimination between tread and run. Ordi- 
nary stairs have an inclination of from 35° to 40° 
with the horizontal. Public buildings often have 
much easier stairs, while unimportant stairs present 
a slightly steeper inclination. For 10° or less, ramps 
are preferable, with 15° to 18° as the limit of slope. 
For inclinations exceeding 50°, right and left stair- 
ways* are sometimes used. For angles of 70° or 
more, ladders are required. 

There arc many considerations in a carefully 
planned stairway, such as an easy rise and ample 
head room. The latter should never be less than 
6'-6" and 7'-0" is a preferable minimum. A section, 
as well as a plan, should always be drawn to check 

* In these, each Btcp is only half the width of the ntairway, and alter- 
nately for the right and left foot will usually be preferable to a stairway in 
which each step overhangs the ono below. 


up the clearances. Figure 485 shows such a layout 
for a simple stairs in a residence 
Winders should be avoided, especially in public 
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bifldingB, and many build4g ordinances prohibit 
th6ir use. If employed, wif'.er treads sltould be used, 
so that the tread at a distance of about 16" inside 
the inner rail is as wide as the ordinary tread. The 
number of risers in one run should be limited, and 
sonre codes restrijt this to 15. The minimum 
number ol risers between landings should be 3. All 
the risers and treads in the same flight should be 
the same height and width respectively, even if 
risers in fractional inches result. The riser heights 
should not change appreciably from story to story. 

The risers usually vary from 6" to 1 \", 7" to 1 \" 
being common. They should never exceed 8" and 
even 7f" makes an uncomfortable rise for continual 
use. The treads vary from 9" to 12" and are pro- 
portioned according to the rise, — the less the rise 
the greater the tread. Nosings are usually from li" 
to If". Where none are used, the treads should be 
made slightly wider than otherwise. 

The width of stairs varies with the use and the 
type of building. Ordinances often specify mini- 
mum requirements of this kind. Common widths 
of stairs range from 2'-0" to 4'-0", 3'-0" being a 
value often used. This feature should be carefully 
studied in the code controlling the design in question. 
The Chicago code gives a very typical example ct 
stair width regulations in mill or slow-burning con- 
struction and is as follows: 


SPECIFICATION CLAUSES 


With floor area of (iOOO square feet or less, two 
stairways. 

With floor area of 0000 to 12,000 square feet, 
three stairways. 

The width of stairs required in buildings of 
mill or slow-burning construction shall be com- 
puted as follows: 

The width of stairs in inches shall be equal to 
the result obtained by deducting 3000 from the 
floor area of the building in square feet and 
multiplying the remainder times eight and 
dividing the product by 1000 and adding 72 
inches to the quotient, expressed in the formula 
as follows: 


72 inches 


plus 


(area — 3000) times 8 
1000 


For other types of construction, the folio wing* is 
a typical example: 

SPECIFICATION CLAUSES 

When exit doorways have a clear width of at 
least 40" each, the aggregate widths of such door- 
ways shall be equal to the required width of cor- 
ridor or stairway served by same. When indi- 
vidual doors are less than 40" wide, there shall 
be one doorway for each 22" of required width 
of corridor or stairway leading to same. Every 
doorway shall l>e at least 28" wide in the clear. 
All passageway exit doors shall swing in the 

* Excerpted from "Building Code” of The National Board of Fire 
Underwriters, New York. 


direction of exit travel, except in case of hori- 
zontal exits where direction of travel may be in- 
determinate. 

All exit doors leading from rooms having an 
occupancy of 15 or over, shall open in the direc- 
tion of exit travel, except in schools where fire 
drills are organized under control of the teachers. 

Note. — In schools where pupils are trained 
in Are drill, it is considered essential that (‘lass- 
room dbors should open inwards, as they are 
letter adapted to positive control by the teachers 
in time of panic. If necessary, a teacher can 
I >ack against a door and hold it until the pupils 
are in marching order, and the proper time 
arrives for them to file out. 

The opening of one door shall not be per- 
mitted to obstruct, another, and the arc of open- 
ing of doors which oj>en ujxm stairway landings 
or platforms shall not reduce the width of the 
passageway to less than the required width 
of the stairs. 

Every room having an occupancy of more 
than 75 persons shall have at least, two doorways 
remote from each other leading to exits. 

Hallways or corridors at the street or court 
level furnishing exit from stairways, shall lx* 
not less in width than the aggregate width of 
the required stairways which they serve. Every 
hallway or corridor which may serve as an exit 
for 50 or more persons, shall have at least. 44" 
of width for the first 50 jjersons and 0" addi- 
tional for each additional 50 jargons to ta ac- 
commodated thereby. This computation shall 
\ye based on the number of persons in the story 
having the largest occupancy served by said 
corridor. 


Stairways used as required incans of exit 
shall be at least 44" wide between faces of walls, 
or 40" wide between fare of wall and an open 
balustrade, or between two open balustrades. 
All such widths shall l>e clear of all olwtructions 
except that hand rails attached to walls may 
project not more than 3$" within them, or 
stringpioces more than 2 §". If newels project 
above tops of rails, a clear width of at- least 44" 
shall l>e provided Ixstween the faces of the newel 
and the face of the wall or newel opposite. All 
stairs shall have walls or well secured balustrades 
or guards on both sides, and except in dwellings, 
shall have hand rails on both sides. A stairway 
of 7'-0" or more in width shall l>e provided with 
a continuous intermediate hand rail suhstantjiflly 
supported. All stairs shall have treads and 
risers of uniform width and height throughout 
each flight; the rise shall be not more than 72", 
and the tread exclusive of the nosing not less 
than 9}". Stairways exceeding 12'-0" in height 
shall have an intermediate landing. 

Note. — For stairways in primary schools 
it may be advisable to reduce the height of 
risers here given. 


In determining the occupancy of any building, 
the width of stairways required for any floor 
area above the first floor shall be determined 
by the number of persons occupying such floor 
area, computed on the basis of fourteen persons 
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for each 22P Width of stairway, plus one person 
for every 8 square feet of hallway floor and 
stairway landings in the story Might of such 
floor, excepting that in any building where a 
system of automatic sprinklers is installed 
throughout the entire building, the number and 
width of stairways may be computed on the 
basis of twenty-one persons for each 22" width 
of stairway; and excepting that when hori- 
zontal exits are provided, the number and 
widths of required stairways for floor areas 
above the first floor may be diminished to a 
basis of fifty persons for each 22" width of hori- 
zontal exit. 

305. Rules for Proportioning Risers and Treads. 

There have been a number of ordinary rules for 
proportioning risers and treads in stairs, and good 
results are obtained where the risers vary from 7" 
to 7$" with such rules. The first used was that the 
riser plus the tread = 18", based upon an 8" riser 
and a 10" tread. This gave too hard a stairway and 
it was modified to 17" or 17$". By changing the 
riser or tread 1" either way, a hard stairway resulted, 

so that a rule of 
twice the rise plus the 
tread = 23" to 25" 
was used. This gives 
a more balanced stair 
than the previous 
rules. Another rule 
sometimes given is 
that the product of 
the rise and run 
should be from 66" 
to 75", generally from 
72" to 75". This 
allows greater varia- 
tions. Summarized, these are often given as: 

Rise + run = 17" to 17 £", 

2 (rise) + run = not < 24" and not > 25", 
rise X run = not < 70 nor > 75. 

A rule* which is the result of further study is 
rise X V^run = 23$. Figure 486 shows these re- 
lationships and suggested limitations for various 
types. 

“ The ordinary rules for proportioning risers and treads are 
satisfactory for the common cases, but steep stairs result for 
the higher values of the rise, and shallow stairs for the lower 
values of the rise. The rules are not particularly well adapted 
to special cases, and in many cases designers have had to 
resort to judgment in such instances, such as for public 
buildings and outside approaches. Recent rules have been 
evolved which cover all cases, based upon the study of the 
lengths of steps." f These are based upon a ratio of horizontal 

* Given by Mr. Raymond C. Reese, Pittsfield, Mass., and developed 
from the Cleveland Building Code, in Engineering News Record, Vol. 

80, p. 806. 

t By Mr. Charles H. Nichols, M.E., Vice-President of the Goff Engineer- 
ing Corporation, Consulting Engineers, New York City. 


to vertical step of 2.4 to l.$ and an aa follow 
« 

* t — s — 2.4 r, and 
r » .in which 

8 - the horizontal step, * 

t =■ the tread, and • * * / 

r- the riser. 

The values of the basic horizontal step, «, are selected accord- 
ing to the type of building. The following are representative : 


Power houses, factories (men employees), 

office building emergency exits 28.5" to 30.5" 

Factories (men and women employees), 
public buildings, railway stations, office 
building regular stairs, average hotels and 

ordinary residences 26.5" to 28.5" 

Theatres, department stores, high-class 
hotels and residences, outside steps for 

public buildings 24.5" to 26.5" 

Primary and grammar schools 23.6" to 24.5" 


Occasionally for outside steps, the treads are made wide 
enough to take two steps on each tread. The rise and tread 
in such cases should be so proportioned that the additional 
width is a mean between the single tread and the basic hori- 
zontal step. The following formula applies: 

d ■-= 25 — 3.6 r, in which 

d = the width of the double tread. 

Figure 487 shows several types of stair layouts. 
The selection of course depends upon the surround- 
ing conditions. The plan and section should always 
be worked out together, so that headroom and the 
relations of the landings to windows and floors may 
be studied. 

306. Structural Steel Framing for Stairs. 

The relation of the structural steel contract to 
the miscellaneous iron contract is often confusing 
in connection with stairs. It is a customary pro- 
cedure for the structural steel contractor to furnish 
only the main frame for the wells, including the 
header beams at the floor grades. When “ straight- 
run ” stairs occur, the header beam at the landing 
is sometimes made a part of the structural steel 
contract also. 

The structural engineer is therefore primarily 
interested in defining and locating only the frame 
which forms the well. Figure 488 gives a typical 
illustration of this kind (see also floor openings on 
PI. 22). The header beams (and landing beams if 
provided) are usually made 10 C 15.3. Such a size 
ordinarily is sufficient for the average loads and 
span. In some cases, a smaller size could be used, 
but the 10" size is employed as a minimum in order 
to provide sufficient depth for the connection of the 
stair stringers. The size should of course be checked 
for the actual loading conditions. When channels 
are used, they are generally faced so that the backs 
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are toward file state run, as shown in Fig. 488 (e). 
This allows simpler stringer connections.* Some 
engineers prefer to use I beams for such headers, as 
it is difficult to obtain good details for fireproofing 
the backs of channels. However, 1 beams require 
coping and blocking of the stair stringers in many 
cases, in order to make the connections. As a 10" 
minimum depth should be used, the use of I beams 
means an excess of steel above that in reality 
required. 

The dimensions locating the framing beams 
should be given on the structural plans. The 
dimension " A ” in Fig. 488 ( d ) is determined by 
the number of treads in the run and their width, 
and the relation of the header beams to the faces 
of the risers. This requires reference to the archi- 
tect’s plan and section of the stairs, and to the 
architectural stair details. Plate 35 gives a typi- 
cal illustration of the latter. Further details are 
illustrated in PI. 30. The width of the landing is 
fixed by the architect, so that the landing beam 
may be located also, as shown in Fig. 488. The 
wall opening is indicated by light diagonal lines, as 
shown. This not only shows an opening at the 
plane of the frame, but conveys to the structural 
steel contractor that he has no material inside of 
it to furnish. In special cases, it may be desirable 
from a construction point to have the landings a 
part of the general contract in order to expedite 
other work. For a flight of steps such as shown 
in Fig. 488 (a) it is necessary to provide a hanger 
to support one of the beams as shown in (5). 
This is made a part of the structural steel con- 
tract. Except in special cases like this, the light 
iron contractor supplies any required hangers and 
fittings. 

The design of stair-supporting, structural beams 
involves no new methods. With the unit load per 
sq. ft. established, the load per running foot on a 
beam may be determined. This is usually based 
upon an average dead and live load per sq. ft., and 
the tributary area in horizontal projection. The 
live load for stairs from large gathering places, 
such as armories, assembly halls and so on, is usually 
specified as 100#/d'. For all other stairways, 
75#/u' is commont (except in small residence work). 
The dead load will depend upon the type of treads 
and risers used. In general, a total dead load of 
m/u f is a conservative allowance. The average 
weight of the steed in the sub-tread construction itself 
is about 6#/d'. If the stair soffit is plastered (as 
shown on PI. 36), an allowance of 10#/a' should be 
made in addition. 

* This also allows the flange to give its support to the floor or landing 
tributary to the channel and a clear vertical surface to attach the stringer 
connection angles to at any reasonable elevation. 

t This value is based upon the reasoning that a person occupies about 
2'-b" of tread, and with a 150# average weight, this is equivalent to 75# 
per linear foot of step. 


Illustrative Prob. 806a. 1 Design the stair header 
at the landing jp Fig* 488 (c) and (d). 


Larding 

Stairs 

L.L. - 75 

L.L. - 75 

1" mastic ® 12 

Composition treads « 12 . 

4" slab - 50 

Pressed ^eel sub- 

Susp. ceil. = 15 

treads and risers « 6 

— 

Stringers, railing, etc. * 2 

T.L. - 152#/a' 

Plastered soffit = 10 

T.L. « 106#/ □' 


From landing 152 X 2.50 = 380 
From stairs 105 X 4.38 = 460 
Beam and fireproofing * 50 


1 Aj. = 

L = lOMJ" c.c. bearings 
M - 1.5 X 890 X 10.0 X 10.5 * 140,000"# 

/ 140,000 

r “ 16,000 

Use 10 L 15.3t on a/c of framing in stair stringers. 

- = 13.4"» O.K. 
c 


8.75"* required 


Prob. 306b. Check the size of stair header beam at the 
top of the stairs in Fig. 488 (a) and ( b ) if the L.L. = 100#/n' 
(public entrance), 1" granolithic finish in corridor, 1J" marble 
treads and 1" marble risers. Stringers at third-points of 
opening which concentrate stair loads at third-points of 
header beams. 


307. Steel Sub-tread Stairs. 

While the structural engineer seldom has to 
design or detail any miscellaneous framing for stairs, 
he may be requested by the architect to approve 
details submitted, in a general way, or to check them 
for strength. Hence it is not unreasonable that he 
should understand the general features of such work. 

In steel-framed buildings, the stairs are usually 
made of steel sub-tread construction, and occasion- 
ally, this is true for concrcte-framed buildings. It 
is difficult to fireproof such a stairway completely, 
and still get an ornamental effect. However, the 
sub-tread construction offers partial protection, as 
the superimposed treads and risers may be made of 
fire-resistant material and thus protect the upper 
side of the steel, and the soffit may be plastered with 
cement plastcr.§ 

With data such as is shown in Fig. 488 and on 
PI. 35, the miscellaneous iron contractor takes over 
the furnishing and erection of stringers, intermediate 
landings, treads, risers and hangers. Plate 37 shows 
a typical shop drawing. The architect should be 
familiar with these types of drawings, as he must fre- 
quently check them over, at least to the extent of 
noting whether the details will carry out his plan. 
In drawings such as PI. 35, any structural steel is 
often shown in dotted lines, while the stair frames 

t Practical considerations very often control a choice in this work, 
j Some building codes require stair halls to be equipped with sprinklers 
in addition. 
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PLATE 37 TYPICAL SHOP ASSEMBLY DRAWING 
STAIR FRAMING 
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and fittings are shown in full lines for clear differ- 
entiation. Figure 480 shows a typical ftair instal- 
lation. The members which carry the stair load to 
structural supports are called stringers. These may 
be made of pressed steel ($" or greater in thickness), 
rolled channels, or built-up sections of thin plates 
and small angles. These are mentioned in order of 
their relative frequency of use. The pressed-steel 
stair is rapidly supplanting the old type of channel 
and plate sub-tread stair. The treads and risers are 



Fiq. 489 


commonly made of pressed steel parts, either in one 
piece or two, for the riser and the tread, and these 
are clipped to the stringers. The following is a 
typical specification: 


Stair No. 1 


SPECIFICATION CLAUSES 

Stair No. 1 shall lx> built up of steel plate 
strings, 12" X }", facias of required depth, with 
ornamental steel mouldings attached for all face 
strings. The risers and treads shall be A" steel, 
made up in a single unit, and bolted to steel 
angle carriers riveted to strings. The wall 
strings shall be plain with top and bottom 
flange, formed by turning back the edges of 
plutc. Landings shall be formed by continuing 
wall and face string, finishing about 6" above 
the level of floors and landings; landings and 
platforms shall be built up with proper members, 
to safely carry a live load of 100 pounds per 
square foot. Newels shall be cast 5" X 5" 
square, paneled, with moulded cap and drop. 
Kails shall be made up of $" X 1" balusters, 
three to a tread, top and bottom rails 1" X i" 
channel, prepared to receive moulded wood 
hand rail. All platforms and landings shall be 
provided with a steel plate, i" thick, covering 
the entire area of said landings and platforms 
and bolted to the suppbrting ribs and strings. 


Stair No. a. Stair No. 2 shall be built up with plain i 

log X A". With li" X 1J" angle, top and bfi. 
tom, rails of t" square, 5" on centers, with top 
anti bottom rail of 1" X I" channel. Finish 
the rail with a wrought iron pipe, li" internal 
diameter, with special globe fittings at each end, 
to return against cast iron newels. The newelB 
shall have a base about 5^ square and the shafts 
shall l>e about 4i" X 2", all as per details. The 
under treads and risers shall be No. 12 plate, 
arranged to receive a bed of 1}" of concrete. 
Angle iron carriers shall support the treads and 
risers and shall be riveted to the strings. 

Contractor shall furnish and erect, with all 
necessary hangers, the steel beams to support 
the intermediate stair landings. The beams for 
landings at floors will be supplied under another 
contract. 

The newel posts may be made of cast iron, pressed 
steel, built-up steel parts, or extruded bronze. 
When cast-iron newels are used with rolled channels, 
they are blocked around the landing header, as 
shown in Fig. 490, and the string is bolted to the 
header beams through the newel.* Steel sub-tread 
stairs are generally made with closed strings which 
obviously necessitate a deep enough string con- 
struction to enclose the treads and risers. 



Fig. 490. Rolled Channel Stair Strings 


The treads (and in some types, the risers) may be 
made of slate, marble, f concrete, mastic or a com- 
position. Figure 491 shows some of the patented 
types of such construction. For slate or marble 
treads, the nosing is made by allowing the material 
to project, and the treads are set in plaster of Paris 
or elastic cement. For the other types, the steel 
sub-tread is turned up to make a form. The latter 
allows the use of safety treads. 

Illustrative Prob. 307a. Design the steel sub-tread and 
riser stair construction for the details shown in Fig. 492, if 

* Note in Fig. 400 how cast-iron moulds are used to cover the connec- 
tions and the channel projections. 

t One objection to slate and marble is that they disintegrate quickly 
when attaoked by severe heat. The treads break during a hot fire and may 
cause accidents to firemen. 
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' Slats or 
<\Mirl>le Treads 

* < mn r i i iiin. i l 


Tie Rod 



Rock Asphalt, Concrete, or 
Composition Treads 


* 14 Sheet Sleet| 
up to 4*0 widtft 
above 44Theavier| 
risers can be f 
paneled or plain. 


*Tle Rod 


r 




< Sanitary Cove- 
NEIiminates sharp 
.'corner, preventing 
\accumulatlon of 
/dirt and facilitating 
\cleanlng 


Riser Sectloi 



As it Interlocbs, 

12. 14.Er 

i 0 „lor 16 Gauge/l 


W As It Interlocks^ 



ELEVATION 





PLAN (d) PLAN 


Fia. 491. Steel Sub-Tread and Riser Stairs 

(а) Sexauer & Lemkc, Inc. 

(б) Rois Patent Interlocking 

(c) Riester & Thesmachcr Co. 

( d ) Woodbridge Ornamental Iron Co. 


the risers are 7J" and the treads are 10". Width of stairway 
4'-0" and stair run « 10 treads and a 4 / -0" landing. LX. 
* 75 #/d'. Tread and riser plateB to be #12 gauge. 

L.L. «- 75 #12 gauge plate O.K. for this load be- 
lt" Slate * 18 tween risers. 

Plate * 2 

T.L. * 95#/a' 10 + i + 1} * 12" - l'-O" 

From treads 95 X 1.0 « 95 
1" Slate riser 

14 X 6} -i- 12 - 8 

Riser plate = 2 

T.L. =» 105# /ft. on plate and ungle 
riser form. 



L * 4'-0" between stringers 
M - 1.5 X 105 X (4) 2 - 2520"# 

I . , 2520 

ref,u,rcd “ iivjoo = (U0 

/ of 71 x 0.1 plate = 3.17 
/of 2 H 11 X H X 1 - 0.08 7 9.70 

A ■ * 0.30 X 2 X (3.2S) 2 - 6.45 <7 - ^53 

Total I - 9.70" 4 - 2.77" 3 O.K. 

Use 10"-# 12 ga. plutes for 
treads. 


7 1 "-# 12 ga. plates with • 
2-ltXltXllE. for risers. 

By comparing the required and actual section imxfuli 
above, it may be seen that the material listed is sufficient for 
all ordinary coses without further investigation. < 

Stringers L - 10 X 10 - 100" - S'-4" 


Load i>er ft. = 105 X 2 - 210 

Wt. of stringer = 15 

Slate facia — 10 

Railing = 10 


T.L. - 246#/ft 


M = 1.5 X 245 X (8.33 ) 2 - 25,600"# 

7 25,600 , . . 

- io^ij = requ,red 

Use 10" depth on a/c of framing in risers and treads (this 
depth should be established by a layout). 

/of 10" X A" plate = 16.86 

7 of 2 11 2 X 2 X A - 0.56 r 4 n o* 

A - d* = 2 X 0.71 X (4.43)* - 27.93 T = — * 9-07"» 

(’ 5.U 


45.35" 4 
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The stringero may be made of a 10 C 15.3 rolled section, 
n 10 X A plate and % X A angles built-up section, or 
12 X A pressed steel bent to 10" C shapes, any which has 
ample section modulus. In some cases, the landing header 
beam is omitted, especially when risers are introduced in the 
turn of the stairs. The stringers in such cases are bent to 
form the run of the stairs and then across to the wall on the 
far Bide of the landing. For stringers of rolled shapes or 
built-up sections, the two pieces are spliced by a plate. The 
group of rivets must lie proportioned for the moment and 
shear at the point (Art. 256). 

SPECIFICATION CLAUSE* 

In the construction of exterior stairs, landings, 
platforms and balconies, no rivet shall be less 
than f" diameter, and no bolt less than J" 
diameter. 

In Fig. 492, the landing is formed by the use of a i" steel 
sul)-plate, reinforced with tees about 2'-0" o.c. 

L.L. « 75 

11" Slate * 18 113X2=226 

Steel plate = 5 Tee = 4 

Susp. ceil. - J15 T.L. = 230#/ft. 

T.L. = IW/a' M = 1.5 X 230 X (4.0) a = 5530"# 
7 5530 

- = = 0.35"® Use 2i X 2i X 4.9# tees. 

Prob. 307b. Design the steel sub-tread and riser stair 
construction for the layout shown in Fig. 487 (a) if the L.L. 
= 100#/a', and treads and 1" marble risers are used. 
Width of stairs = 4'-0". Kisers 74", 14 treads at 10J". 
Width of landing = 4 # -6". No header t>cam at landing to 
lie furnished in structural contract. Use plate and angle 
stringers spliced and design splice. Make J" scale details 
of framing, and 3" scale detail of typical tread. 

308. Service Stairs. 

Stairways in service portions and boiler rooms are 
generally made less expensive than public stairs, and 
often the treads are made with jj" checkered plates, 
cither with open risers or ones of checkered plates. 
The platforms may be made of the same material, 
supported by angle or tee frames. Rounded nosings 
.»re riveted to the strings. In some cases, the treads 
a*»e made of a series of bars bolted together with 
pike separators (gratings). Pipe railings may be 
us7d to reduce the expense. Otherwise, the con- 
st]* iction is similar to that discussed in Arts. 306 
ary 307. 

309/ Emergency and Special Exits. 

Although interior stairways, completely enclosed 
by fire-resisting partitions, arc one means of egress, 
there are other methods of providing for exits. 
Since these are quite common in types of buildings 
in which the structural engineer may have a part of 
the responsibility of planning, he should be familiar 
with their characteristics. They may be classed as: 

(1) horizontal exits, 

(2) smokeproof towers, and 

(3) outside exit stairways. 

* From the Building Code of the National Board of Fire Underwriters, 
New York City. 


A horizontal exit may be defined as one or mofe 
openings through or around a fire wall (or a bridge 
between two jbuildings), which afford a quick means 
of refuge on the other side, in case of fire. Such, 
exits should be provided for floor areas exceeding 
2000°'. The planning then resojves itself into the 
provision of fire walls and fire doors. 
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A smokeproof tower, illustrated in Fig. 493, is 
similar to an interior stairway, and extends from the 
grade to above the roof to form a bulkhead. It may 
open on to balconies of steel and masonry with solid 
floors, as in (rr), or on to a vestibule within the main 
building lines but which is open on one side, as in 
(6). A detail similar to ( b ) may be used with en- 
trances from two buildings, one at either side. 
Windows may be provided in the exterior walls if 
properly protected. 

Outside exit stairways consist of balconies con- 
nected by stair flights all outside of the building line, 
made of incombustible materials. The stair flights 
may be either parallel or at right angles to the build- 
ing, as shown in Fig. 494. The former has the dis- 
advantage that the windows face the stairway, and in 
general, such stairs should not be in front of or over 
windows. It may be noted that the construction of 
these stairways is similar to that of service stairs 
(Art. 308) with open risers. The outside loads are 
carried by posts down to small footings, and the con- 
struction is not built on brackets extending from the 
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building, as is typical of some “ fire escape ” construc- 
tion. A “balanced flight”* may be used at the 
bottom for buildings of moderate height. A disad- 
vantage of an outside exit stairway is obviously the 
' possible slipperiness due to ice, although a roof over 
' it will help to eliminate this. Figure 495 shows a 


so on, circular stairs are used. Figure 496 shows 
the general characteristics. The treads are canti- 
levered frdtn a central mast, commonly a 4” wrought- 
iron pipe column with a flange at the bottom. Such 
stairs are manufactured by special companies and 
are available in 3'-6", 4'-0", 4'-6”, 5'-0'', 5'-6", 
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typical shop drawing. Such a stairway is of course 
not comparable with a smokeproof tower, from the 
standpoints of both efficiency and appearance. 

“ The ordinary so-called ‘fire-escapes/ consisting of steel- 
framed balconies attached to a wall and connected by narrow 
steel ladders or stejis leading from openings in the floors of 
the balconies, are considered very inefficient and unsafe means 
of exit. If any considerable number of people attempt to 
use Buch an exit, in time of fire panic, it quickly becomes so 
congested that travel is very much impeded or entirely 
blocked. If fire occurs on the floor below that from which 
people arc endeavoring to escape, and the windows facing 
such exit are not. protected by wired glass, the fire escape is 
worthless; and even with wired glass the exit is of doubtful 
value because of the intense heat which radiates through the 
windows. Such means of exit should never be ]>ermitted 
except upon existing buildings, where the number of people 
to be accommodated by them is small, and .where structural 
conditions are such that it is impossible to secure anything 
better. They are not recognized as a required means of exit 
in this Code.”f 

310. Circular Stairs. 

Occasionally where room for secondary stairways 
is limited, as in library stack rooms, boiler rooms, and 

* This tips down as a load is thrown out upon the extending arm, similar 
to a “teeter board." This prevents entering the stairway from the ground. 


6'-0" and 7'-0" diameters, although the 4'-6" and 
5'-0" stairs arc the most common. They are made 
with either 12 or 16 treads to the circle. To provide 
sufficient headroom under the top platform, the, 
risers should not be less than 8J". Hence by caj* 
culating the number of risers required, the relative 
positions of the starting and landing points maj be 
determined. 

The two important points which interest It he 
structural engineer are the load concentrated atVhe 
foot of the supporting post and the framing around 
the stair opening. Circular stairs weigh about 50# 
per foot of height on the average. With this value, 
the approximate weight of the stairs may be cal- 
culated. It is doubtful if it is necessary to figure 
much live load on a stairway of this kind. Not 
more than one or two persons would be using such 
a stair at one time except in cases of extreme emer- 
gency and then the factor of safety would be ample 
protection. It is recommended that a total live 
load of 5(X)# be added to the dead load. The local 
building regulations must, in any event, be satisfied. 

t Fxcerptcd from the “Building Code" of the National Board of Fire 
Underwriters, New York. 
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^The openings for circular stairs jpay be either 
square or round. The side of the square, or the 
, diameter of the circle, should be made 2" greater 
\than the nominal diameter of the stairs. The plat- 
forms are made either square or circular, and the 
r side of the square # or the radius of the circle is made 
one-half of the dimension fixing the size of the open- 
ing. In a steel-framed floor, a supporting beam is 
generally used under the mast, as shown in Fig. 
497 (a) and the mast embedded in concrete. Header 
beams are usually provided around the floor openings 
above, as in (b). 
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311. Ladders. 

In engine rooms, boiler rooms, elevator pent- 
houses, and so on, steel ladders are often provided. 
These arc made up of strings of 2" X bars, 14" 
apart, with }" 0 rungs spaced 12" o.c., usually. 
Small angle clips may be used at the bottom, expan- 
sion bolted to the masonry or concrete, as the case 
may be. Similar clips may be used at the top, or 
half turns may be made in the bars to form elbows, 
so that the ladder is set a few inches away from the 
face of a wall. The clips or elbows may be expansion 
bolted in a manner similar to the bases. 


312. Escalators.* 

For subway, elevated and railroad terminals, transporta- 
tion of employees in industrial buildings, to balconies of 
theatres, and in department stores, there is a tendency toward 


the more frequent installation of escalators as a means of 
travel. Thift is especially true for industrial buildings of 
3 or 4 stories where it is necessary to move large numbers of 
employees at fixed times, and results in greater efficiency of 
the employees. For more than 4 stories, elevators are more 
economical in the usual case for all traffic. Of course eleva- 
tors are necessary for all buildings to handle the ordinary 
light travel. Figure 498* shows a typical installation of an 
escalator. An escalator consists essentially of the following 
parts: (1) the running gear, or moving steps, which conveys 
the passengers, (2) the track system, which sup]M>rts the 
running gear, (3) the balustrading provided with hand rails 
moving at the same speed as the running gear, (4) the drive, 
or machinery necessary to operate the running gear and 
hand rails, (/>) the safety features designed to stop the esca- 
lator automatically in cases of emergency, and (6) the steel 
structure, or skeleton of the entire escalator body. Two 
types are common, — the step (Fig. 498), and the cleat. 
The first starts at the bottom with a moving platform which 
breaks into steps, and at the top it again flattens out into a 
moving platform. This mechanism is mounted on wheels 
which run on a curved inclined track. The second type 
consists of hardwood cleats located in long ridges and grooves, 
which are bolted to a steel hushed chain which in turn passes 
over sprocket wheels. Kither type may be made to run 
up or down, or duplex, or with reversible switches. For 
rises of 2.V-0" or less, ascending service only is common for 
terminals, while for rises exceeding 25'-0" both ascending 
and descending service is usually provided. The usual 
incline is 30° and the common travel is 90 ft. [Mir minute on 
the incline. Large numbers of persons may bo handled with 
such service. The following tabulation is of value in estab- 
lishing requirements: 

2'-0" wide, single file 4000 persons per hour 

3 '- 0 " « “ “ (>000 11 11 “ 

4'-0" “ double file 8000 “ 11 “ 

The structural engineer is primarily interested in 
the arrangement, of the beams which surround the 
openings in the floors involved, and the loads which 
are brought upon the beams. The typical layout 
is furnished by some company specializing in such 
work, from which the engineer spaces his beams and 
computes their sizes in the usual way to carry iy 
loads given. Figure 499* shows a typical layout Zf 
this kind, as supplied by an escalator eompafy. 
The loads given are such that if a working stresgjof 
12,000#/n" is used in the design of the beams, Jno 
allowance need be made for vibrations, impact, eic. 
The loads include the complete escalator with iive 
load, but without drive and drive chamber. The 
loads should be figured as uniformly distributed on 
the cross beams. If the escalator is to support any 
housing or any additional load, the manufacturer 
should be consulted. It should be noted that the 
loads are dependent upon the vertical rise of the 
escalator (see tabulations in Fig. 499). 

The structural engineer is occasionally called upon 
to make a study of the requirements for planning a 
layout. The following* is a typical set of guide 
notes: 

* The notes, figures and excerpts upon which this article is based were 
furnished through the courtesy of the general offices of the Otis Elevator 
Co.. New York City. 
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Escalators, where they have been installed in industrial 
buildings for handling employees, have proven 9 to be both 
profitable and practical. The principal reason for the results 
obtained is due to the increased efficiency of the employees, 
on account of the elimination of stair climbing. While it is 
almost impossible to figure the actual saving, a careful study 
has convinced the owners that a vast sum of money has been 
saved by conserving the energy of the employees. Furnish- 
ing a quick and efficient means for the transportation of the 
employees to the upj>er floors also results in attracting and 
holding a better class of labor. The question as to whether 


seen that the time required to reach the upper floors at that 
speed on escalators would be more than could be allowed. 

There is a great variety of conditions involved in con- 
nection with the use of escalators for handling employees.! 
In the case of some department stores the escalator equip-* 
ment that is used through the day by the public is called into 4 
service to take the employees up to* their respective de- 1 
partments in the morning and out at night, and this could 
not be the case in industrial buildings, as the general travel 
throughout the day is comparatively light, and is more eco- 
nomically taken care of by the auxiliary elevator equipment. 



escalators arc preferable to elevators for such service can There are some cases where escalators are installed to serve 

only be determined after a careful analysis is made in each the employees’ lunch and rest rooms, in some such cases 

cose, taking into account the elevator equipment that will an escalator is installed for that purpose only, as even if 

be required in addition to the escalators and the possibility there were escalators for handling the public they could not 

of their being available for use at the time employees are Ixung be user! by the employees during the busy part of the clay, 

transferred. while there are some other cases where it is possible to use 

in general, for conditions where a large number of cin- the general escalators for that purpose, 
ployccs are to l>e handled in a short period of time and where From the above it will be noted that there are innumerable 
altout three to four stories are involved, it is quite probable and widely varying conditions involved in almost every case; 

that escalators will be the most economical both as to first therefore, no definite general recommendations or com- 

cost and cost of maintenance and operation. For high build- parisons of escalators and elevators as to space conditions, 

ings, elevators in the majority of cases are more suitable, cost, etc., can be made. It is necessary to know the number 

for in such cases several elevators are required for service of persons to be handled, the time allowed, the number of 

during the day, and they may be used with but slight addi- floors, the number of persons on each floor, the height of 

tional equipment for handling employees. As escalators run floors, suggested and allowable location of escalators, full 
at 90 feet per minute on the incline, which is equivalent to data concerning the elevator equipment to be used in addi- 

approximately 45 feet per minute vertically, it can readily be tion to the escalators before it is possible to determine the 

* Courtesy of OtiB Elevator Co. number and type of escalators. 
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WIND BRACING* 


313. General. 

When high, narrow buildings, 12 stories or more 
in height, are planned, special provisions must 
usually be made to supply resistance to the action of 
the wind. Such structures are of the skeleton frame 
type with curtain walls, for economic reasons. This 
type of frame may lack sufficient rigidity to resist 
wind pressure safely unless this is specifically pro- 
vided for. f In buildings less than 10()'-0" high, the 
lateral resistance of the girder connections, aided by 
the stiffness of the walls, is usually sufficient. When 
the width of a structure is small compared with its 
height, however, some form of bracing is used. 
Although building codes vary in their requirements 
and some give no limitations, a general, guiding 
rule is that if the width is less than one-half the 
height, wind bracing should be employed (Fig. 500). 

Wind bracing is theoretically not necessary for 
sheltered places, but it is wise* to provide for the 
wind pressure based on the area offered by the side 
of the building. Fire or the removal of an adjacent 
structure may expose the whole of a wall surface to 
the action of the wind. Exterior walls, interior 
walls and partitions, and the fireproofing of the frame 
give stiffness to a building, but the amount is in- 
definite and practically impossible to calculate, as it 
depends upon the height of the structure, the num- 
ber of partitions and the relative locations of open- 
ings in them. While this stiffness is effective, it* is 
inadequate and it should be neglected, and wind 
bracing should be designed to resist the full wind 
pressure. 

314. Routing the Stress. 

The wind pressure must ultimately be resisted by 
the foundations, but the method to transmit this 
thrust may be varied. The curtain walls and win- 
dows are strong enough to carry the local pressures 
to the spandrel beams. The floors tend to act as 
horizontal girders and have ample strength to 
transfer pressures to the frame. Any small, lateral 
movement at local points in beams and columns will 

* The discussion given here relates principally to wind bracing for high, 
narrow buildings. For that relating to mill buildings and braced Ixdnts, 
sec Part VI. 

t Some high structures have been found which had no wind bracing 
that were as much as 6" out of plumb. 


be absorbed by the connecting beams. The span- 
drel beams usually have considerable excess resist- 
ance to shear, so that pressure may be carried in a 
horizontal, longitudinal direction.! The principal 
problem then becomes that of determining how the 
pressure should be transferred from the frame to 
the foundations. 

Theoretically, the bracing should be placed where 
it will be the most effective and where it will inter- 
fere the least with the architecture. Often a study 
of the floor plans will be helpful. One method would 
be to carry the wind pressure along the sides of the 
building by the spandrels to the ends, as in Fig. 
501 (n), and apply it at the ends parallel to the floor 
beams. It is generally more feasible to take advan- 
tage of all of the interior framing and to carry the 
loads through each lateral row of columns as in (/>). 
Less metal is required in any individual member, 
and the total amount required is generally less. 
This method is then generally more economical, in 
spite of the added cost of fabrication. Hence each 
bent of the structure is usually designed to resist 
its share of the wind pressure.^ A structure is 
seldom braced in its longitudinal direction, par- 
ticularly when the length is 100'-0" or more. Brac- 
ing in horizontal planes is generally not necessary , # 
as the floors are amply stiff. || 

The action of an individual bent may be likeii 
to that of a cantilever plate girder with the fixed 
end at the foundations. The columns and bejjms 
in the outside walls correspond to the flanges, aul a 
bent of vertical framing (or an end wall) corresponds 
to the web. Instead of having a solid web plate, 
however, it consists of a series of openings corre- 
sponding to the stories of the building. The 
amounts of the shears are the same, but the char- 
acter of the secondary stresses developed by them 
depends upon the relative positions of the openings. 
The object of the wind bracing is to transmit the 

£ If insufficient resistance in found, bracing in the end panels of the 
aide walla may bo introduced. 

§ In special coses, heavy girder connections limy interfere with tlio 
architecture. The first method described may hove to lx- used in such 
cases A combination of the two methods may be used also, in which the 
preaaure above u certain floor is enrried by the interior frame, and the 
pressure below that floor by a frame in the end walls. This is not advis- 
able for ordinary coses. 

1 1 Where this is necessary for special coses, bracing may be provided be- 
tween two selected sets of columns in the longitudinal direction. 


450 
















WIND BRACING 


461 


shesr: . The sheare at each level of bracing are 
du^rmined, and these arc used to analyze the bend- 
ing ferments and shears induced in the individual 
lembers. 
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316. Types of Bracing. 

Various types of bracing have been used to provide 
resistance against wind pressure. These may be 
grouped as: 

(1) portal, 

(2) sway-rod, or diagonal, 

(3) knee bracing, and 

(4) brackets. 

Portal bracing may be either latticed, as in Fig. 
502 (/>), or built up of plates and angles as in (a). 
It is cumbersome and expensive, and is seldom 
employed in modern work. It is advantageous 
where there are large spaces between the columns. 
A portal is in reality a steel arch, and in some cases 
it may be adapted to the architectural treatment 
and also to carry the floor loads. Considerable 
depth is required for stiffness, and when made deep, 
the stresses are relatively quite small. With mini- 
mum sizes of shapes, no economy results. 

Sway-rod, or diagonal bracing, as illustrated in 
Fig. 502 (c), was used principally in the early methods 
of the wind bracing of buildings. While it is the 
most direct and efficient method, it interferes with 
openings and cuts up the partitions. It is the only 
system not causing bending in the girders and col- 
umns, if all the axial lines of the members intersect. 
Knee bracing, as shown in Fig. 502 (d), is sometimes 
used, particularly when wind bracing is to be 
employed in the outside walls. Braces above and 
below the girders may be used, although braces 
under the girders are more common, as the gain 
with top knee-braces is small compared with the 
increased amount of metal and fabrication. An 
objection to this type of bracing is that the girders 
and columns are subjected to large bending stresses 
with the incident eccentricity caused by flexure. 

Wind bracing of the bracket type may consist 
of extra heavy beam connections for light framing, 


as in Fig. 502 (e), or of gusset plates, as in (/). 
Bracket connections are the common type used hi 
wind bracing of modem buildings.* The principal 
advantage is that such bracing may be made to con- 
form with the architectural treatment most readily. 
More rigid connections are required, a great amount 
of field riveting is necessary, and considerable bend- 
ing is induced -in the girders and columns, but in 
spite of such disadvantages, such connections are 
generally considered to be the best type. 



Plate Partial Bracing 





Fig. 502 


316. General Requirements for Bracing. 

Irrespective of the type of wind bracing used, 5<!s 
arrangement should be made symmetrical about Ae 
axis of each face of the structure. If the builrjng 
is irregular in shape, this is not always possible, Jnd 
there would be a tendency to twist the building af yit 
a vertical axis. The best, protection against such 
action is to use deep spandrel girders which can 
absorb the twist. 

One of the general requirements of the bracing is 
to prevent tin* distortion of the frame. The main 
horizontal and vertical members must be sufficient 
to resist the bending produced by the wind action 
as well as that caused by the direct loads. Their 
connections must be strong enough to resist the 
vertical load as well as the sidewise thrust. 

In special cases where elevators and stairs are 
next to a wall throughout the typical stories, a plate 

* Further discussion of other types of wind bracing will not be given 
here. For special instance*, reference may be had to Kidder's *• Architect#’ 
and Builders' Pocket book, "—John Wiley and Sons, lnc. t Publishers. 





462 


MISCELLANEOUS FRAMING 


riveted on the top fl&nges of the beams at each floor 
from the spandrels, to the interior framing may be 
made to serve in causing these cross teams to 
transfer the wind pressure to the interior bracing 
system. The connections must be made strong 
enough to resist the thrust and the cross beams 
should be checked up, acting as struts. 

The resistance to the wind should preferably be 
made by a large number of connections rather than 
by a few selected, heavy joints. The use of double 
teams is advantageous, hut they are usually un- 
sightly if exposed, add considerably to the cost, and 
require a larger amount of fireproofing. 

317. Wind Pressure. 

The general theory of wind pressure is discussed 
in Art. 160. No special considerations are neces- 
sary as related to wind bracing. Although the 
actual wind pressure may be greater near the top 
of a building than near the base, and it may be 
inclined, due to the contour of the ground or due to 
obstructions, the pressure for design purposes is 
assumed to be horizontal and to be uniformly dis- 
tributed over the windward surface of a building, 
occurring in any direction. 

The intensity of pressure is specified as different 
amounts in various building ordinances. Some 
codes require 30#/n' over the exposed surface from 
the ground to the roof, while others specify 20#/d', 
and still others a variable pressure according to the 
number of stories in the building. In the absence of 
other regulations, a unit pressure of 26#/n' is recom- 
mended, unless a building is in a known area of 
atmospheric disturbance, when 50 #/d' is advised.* 
While higher pressures may be recorded, these will 
occur only once or twice in the average life of a build- 
ing, and the factor of safety is ample for them. 

SPECIFICATION CLAUSES t 

All buildings or parts of buildings in which the 
height is more than three times the minimum 
horizontal dimension shall Ijc designed to resist 
a horizontal wind pressure in any direction of 
20 lbs. for every square foot of exposed surface. 
Wind bracing shall be provided by making the 
connection joint between girders and columns 
sufficient for the vertical load as well as the 
bending due to side pressure; or diagonal bracing 
shall Ixj placed tatween columns, proportioned 
to transfer the Hhear of the side pressure to the 
footings. All details shall be designed to carry 
the stresses in the main members. 

The overturning moment due to wind pressure 
shall not exceed 50 per cent of the moment of 
stability of the structure, unless the structure is 
securely anchored to the foundation. The 
anchors shall l>e of sufficient, strength to safely 

* Recent atudiea now in progress (1027) following the Florida hurricane, 
are indicatiiuc that very hitch unit wind pressures, with an impact effect, 
existed. 

t From the building Code of the National Board of Fire Underwriters, 
New' York City. 


carry the excess overturning moment, without 
exceeding the allowable unit stresses give^sn 
this Code. 

* When the stress due to the wind in any^^tnber j 
or connection amounts to less than 50 per centj 
of the total live and dead loads, it may be i 
lected. When the stress due to the wind ex-J 
coeds 50 per cent of the stress due to the com- 
bined live and dead loads, all these stresses shall 
be added together and the allowable unit stress 
for the total may be taken at 50 per cent in 
excess of the values stated in Sections 65 and 66. 
In no case shall the section be less than required 
if wind forces be neglected. 


In proceeding with the design of wind bracing, it 
is necessary to calculate the wind panel loads at 
each floor. This is of course the result of the 
products of the unit pressure, the story height and 
the spacing of the wall columns. In determining 
the loads at the roof lines, any parapet or cornice 
should be included. In making further computa- 
tions, the successive summation of the pressures 
for each story from the sidewalk to the top 
of the building must be known. This is based 
on the assumption that the strength of the frame 

above any given floor is 
sufficient to transfer such 
thrusts. These loads are 
calculated for each floor 
down to the roof of an ad- 
joining building or wing, 
or to the plane of the brac- 
ing where it will be de- 
signed to carry the bottom 
pressure through all the 
tiers below. The latter is 
one of the most import- 
ant points, and one which 
is difficult to ascertain, 
namely, to decide how far 
down from the top it is 
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i2th Floor j safe to assume that the 
building is rigid enough 
to resist the wind pres- 
Fro. 603 sure itself. When there 

is any reasonable doubt it 
is always wise to cheek all floor lines. 

Illustrative Prob. 317a. Determine the wind panel loads 
in Fig. 603, and the total shears at each story, if the spacing 
of wall columns is 20'-0". 


P, « (3 + 9) X 20 X 25#/o' « 0000#, V v , = 6,000 

Pi = (9 + 8) X 20 X 26 - 8600 , V„ - 14,500 

P, =» (8 + 6) X 20 X 25 - 7000 , - 21,500 

P, =• (6 + 6) X 20 X 26 - 6000 , V„ - 27,500, etc. 

Another feature which should be investigated is 
the stability of the structure, regardless of the 
interior bracing. For safety, the overturning mo- 
ment due to the wind should not be more than 75% of 
the moment of resistance. If the bending moment 
should happen to exceed the moment of stability, 
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upon an unloaded building, the columns 
be anchored for the uplift geherated. The 
totaTfeplift on the comer columns may exceed the 
dead and live load, but this is not serious if the uplift 
is transferred to the side walls by girders. 

Prob.317b. Determine the typical wind panel loads and total 
shears for the upper ten stories of a building with wall columns 
18'-0" on centers, 2'-0" parapet, 10'-O" top story height, and 
14'-0" typical story heights. Wind pressure * 30#/cT. 

318. Methods of Analysis. 

There are a number of different methods of 
analyzing the stresses induced in the girders, columns 
and bracing by the wind pressure. There is no 
theory which is exact, although the “ slope-deflec- 
tion ” method * is the nearest approach. This is 
too involved and laborious for ordinary commercial 
use. Practical methods require assumptions which, 
incidentally, are not consistent with each other, but 
which are necessary in order to make solutions 
reasonably simple. The most important of these 
are: 

(а) that all joints are perfectly rigid, 

(б) that the points of contraflcxure in each 

column are at one-half the height, 

(c) that all columns in any given story have 
the same sectional area and the same 
moment of inertia. 

The following practical methods of analysis are 
used, and may be classified by name as: (1) canti- 
lever, (2) equal shears, and (3) balanced bays. 

The first method conforms the nearest to the dis- 
cussion in Art. 314, and probably is most in accord- 
ance with the true distribution of stresses. How- 
ever, it is more complicated than the others. In the 
method of equal shears, (2), it is assumed that the 
horizontal shear at any plane is equally distributed 
among the columns cut by that plane. This infers 
that the bending moments in all the columns in 
one tier are equal. The third method is a variation 
of the second in that it is assumed that the total 
horizontal shear at any plane is divided by the 
number of bays (spaces between the columns). 
This means that the shears and bending moments in 
the outside columns arc respectively one-half of those 
in the interior columns. It also means that the bend- 
ing moments (due to wind) arc alike for all girders 
on the same floor in any transverse bent, and that 
the points of contraflexurc in all the girders are at 
their mid-spans. The direct axial stresses generated 
in the columns by the overturning moment of the 
wind all occur in the outside columns, as those in the 
interior columns neutralize each other. The above 
conditions of course hold true only for an equal 

* Refer to Bulletin No. 80. 11 Wind Stresses in the Steel Frames of Office 
Buildings," by W. M. Wilson and G. A. Maney, Engineering Experiment 
Station, University of Illinois, also to Volume 53, No. 12, Engineering and 
Contraoting, p. 314. 


transverse spacing of columns. With an unequal 
spacing o£ the columns across a building, the wind 
load taken by each bay should be assumed in pro- 
portion to the ratio of the span to the width of the 
bent. This will bring all the direct, axial stresses to 
the outside columns (as for equal spacing), — those 
in the interior columns neutralizing each other. 
The horizontal’ shear in the columns should be as- 
signed in proportion to their relative moments of 
inertia. This will mean that the respective bending 
moments in the girders will vary according to the 
spans, although the points of contraflexure will be 
at each mid-span point. 

The choice of the method to use in determining 
wind stresses may vary according to the particular 
building to be analyzed, and in unusual cases, 
combined or even special methods may be used, 
involving very careful study, such as the Woolworth 
Building in New York City. The method of bal- 
anced bays is simplest to apply, and because of the 
equal bending moments in girders on one floor of 
equal bays, typical details and fabrication result. 
It is also a conservative method. In general, for 
the above named reasons, the method of balanced 
bays is recommended, and it will be the only method 
analyzed here in any detail, f 


319. General Theory. 


Before the application to a large frame can be 
well understood, and the discussion previously given 
really comprehended, the application to simpler 
frames should be studied. In Fig. 504 (a), if the 
frame is hinged as shown, it would collapse when 
subjected to a pressure, W , as indicated by the 
dotted lines. If the ends were fixed as in (fc), the 
distortion would be similar to that shown in an 
exaggerated way, with points of contraflcxur/ 
occurring part way up the posts (assumed at o be- 
half the height). It is this tendency toward dis- 
tortion which causes stresses in the beams ^and 
columns in a real structure. Theoretically, no 
bending occurs at the points of contraflexure and 
hinges could be introduced at these points. Figure 
504 (c) shows a hypothetical illustration of this. 
Taking out any part as a free body, such as A BC , in 
Fig. 504 (d), the following relations apply: 


Bending moment at B in vertical member 


W h _ W^h 
2 X 2 “ 4 


B in horizontal member 



S + f xjj«0,orK 


W-h 
2 L • 


t Study of other methods inuy be had by reference to Kidder's "Archi- 
tects' and Builders’ Pocket Book," -John Wiley A Sous, Inn., Publishers, 
and to an article in the Journal of the Boston Society of Civil Engineers, 
May, 1026, entitled "Wind Bracing in Industrial and Many-Storied 
Buildings, " by Mr. Robins Fleming, Structural Engineer, American Bridge 
Co., New York City. 
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Substituting, for V, the bending moment at B in the 


horizontal member 


IT.* L W - h 

rr x 2 m — 



In a similar manner, the reasoning may be ex- 
tended to any*tmmber of panels, as in Fig. 505 j$), 
although the usual limit of considerations for^vind 
bracing is 4 or 5 columns in the plane of the 



Fia. 504 


bracing. W divided by the number of panels 
equals the force on each interior column. The 
force on an exterior column is one-half that on 
an interior column. Thus for the 5 bays in 
Fig. 505 (6), 

Bending moment at base and top of columns 
W • h 

T) and ® = - • For columns ® , ® , ®, 

and ®, 

W'h W • h 

M = ~ - . For all girders, M — . 

When two tiers are considered, as in Fig. 
506 (a), the lower story frame serves as the 
foundation for the upper story. If the frame 
were considered to be a cantilever beam with 
a solid web, as discussed in Art. 313, it would 
be possible to find the internal stresses at any 
point. When rectangles are cut out by the 
stories, however, conditions are altered. That 
which would correspond to the shear parallel 
to the base in the solid webbed beam (vertical 
shear in the beam action) is taken by the 
columns as shears at their points of contra- 
flexure. That which would correspond to the 


The bending moment, in the post at D (considering the 

, . . , , , , , W h W'h 

lower portion m (c) to ins a free body) = — X - = — — • 

It will be noted that all the bending moments are 
equal. Fig. 504 (<?) show's a moment diagram. The 
direct stresses may also l»e computed. Thus by 2 V — 0 
(for the lower portion of the post as a free body), 

\ li\ = V — %rj~ tension, and It* » -7 77- c 

v z u Z Li 

prowion 

r l\he same reasoning may be extended to two 
panels, as shown in Fig. 505 (a). This may be 
considered as two separate panels, each carry- 
ing one-half of W. The bending moment at 
W h W • h 

the base of column ® is — X ^ = —75 — . The 



bending at the base of column © is X ^ = 
W • h 

The bending in all cases, including both 


girders, will be — — except at the base and 

top of column ®. Column is common to 

, f W-h W'h 

two panels, hence the bending is 2 X — £ — = — j — • 

The axial stresses in column ® tend to neutralize 
each other, and if Li = Z* the result is 0. 



(b) 

Fio. 505 

shear parallel to the sides (horizontal shear in the 
beam action) is taken by the girders as shears at 
their points of contraflexure. These shears cause 
bending at the junctures of the girders and columns, 
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as explained before. The values which would cor- 
respond to the tensile and compresrive stresses in 
thlr&ipges of the cantilever beam are taken as direct 
I loads by the outside columns (see Fig. 506 (5)). 

| Referring to Fig. 506 (a), the moments at the 
' bases and tops of polumns and in the girders may be 
calculated, using the same principles as before. 
Thus, 

At point A in roof girder, 

A * * 2 6 L X 2 12 • 






-V.. W t h t + (VVW,)h , 
6L. I 

*OOF t 




kW t tW, 


• ■ point of eontrofloKuro 

— , 


"5trea* falcon by floor girdorg 
‘ of their points of controf lovur’c 


Cons pr €00 ion ] 

become* direct L- 
load in outfidOJ 


f Tension becomes direct 
| load in outside column 


-Sheer +o*on by columns at 
their points of controf leKure 

✓-Reaction equally divided 
{ by number of bays 


At point F in 1st story interior column, 

• \T _ l (W* + W t )h t 

Me-+ g . 

Each intersection of a column with a girder is held 
in equilibrium by the forces acting at the respective 
points of contraflexure. By the laws of equilibrium, 
the sum of tho moments at any point in a member 
must equal zero. Thus for column (T) in Fig. 506 (a), 
at the second floor, the algebraic sum of M at B, 
M at C, and M at E — 0. Using their respective 
values, the following equation results: 

W R . h 2 ± (W R ± WjtJh 

12 + 12 
. (W R + Wi)h „ 

+ 12 = °- 


Stated in a converse manner, the bending 
moment in the girders equals the sum of the 
moments in the outer columns above and 
below the floor. Thus in Fig. 506 O), M B ~ 
Me + M e . Similarly, at any interior joint as 
well, the sum of the moments in the columns 
equals the sum of the moments in the girders. 
At column ©, second floor, in Fig. 506 (a), 
Mb (left) 4- M B (right) = M D + M F . . Using 
their respective values, the following equation 
results: 

• a* + or* + ir,)* i_ 

12 X2 

W R ■ h 2 (Wt + WQJn 

a i li • 




Fig. 506 * 

By similar moments on the joints as free bodies, 
At point B in 2nd floor girder, 

Wr • fa + (W* + Wy)h x 
M, . 

At point C in 2nd story outside column, 

M c =+- W ~. • 

At point D in 2nd story interior column, 

if , HVk 

At point E in 1st story outside column, 

. <W* + Wdhi 
M * = + 12 * 


M c = + 


M d = + 


M s = + 


Following the same procedure, the moments 
in the columns and girders may be obtained 
for any number of stories. Referring to Mg. 
507, the wind panel loads are designated by 1 
Wr (roof), H o (sixth floor), H’ fi , etc. The 
total shears in any story equal t he sum of all 
the loads applied at the floors above. Those 
are designated by Vo (sixth story), V 6 (fifth 
story), V4, etc. Thus 1 3 = 11 4 + H e + H o + 
W R . The total shear in any story divided by the 
number of panels equals the shear resisted by each 
interior column. One-half of this amount is re- 
sisted by each exterior column. From a study of 
the preceding cases, the following general rules and 
formulas may be given: 

(1) The bending moment at an interior column 
in any story is equal to the total shear in 
that story times the story height, divided 
by twice the number of panels in the trans- 
verse bent. 

Expressed as a formula, 

V • h 

Mic = “5 — , in which (S- 81) 
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Mjc — the bending moment . at an interior 
column, in ft. -lbs., 

V — the total . shear in the corresponding 
story, in lbs., 

h = the story height in ft., and 
n = the number of aisles or panels. 




* Control 10 

T** 1 FU.r 

? 

♦ ** 

* — 



» 


4 

i 

5 th Floor £ 




4 th Floor 




3 r4 Floor 




Z nd Floor 




I s * Floor 

— vl 

4- 

-I 


Floor 



L — t! a* — t* wU — ka H 


Mb — the moment in the outside column lwow, 
ic ft.-lbs. ^ 

(4) The direct compression in a girder $ die 
algebraic sum of the wind panel load and 
die difference of die shears in the columns 
above and below the floof to the windward 
side of the girder under consideration. 

Expressed as a formula, 

C G = W - S(V B - V A ), in which (S-84) 
Co - the compression in a girder, in lbs., 

W — the wind panel load at the floor, in lbs., 
Vg = the shear in a column below the floor, in 
lbs. 

V A = the shear in a column above the floor, in 
lbs. 

(5) The direct stress due to wind in any ex- 
terior column (compression in leeward side 
and tension in windward side) is calculated 
by taking moments of the wind panel loads 
above, about the point of contraflexure of 
the column. 

Expressed as a formula, 

C = T = sIV. • | + />»)+ (S-85) 


— T = 


+ hj, + he 




® @ (D @ ® 
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(2) The bending moment at an exterior column 
in any story is equal to one-half that at the 
corresponding interior columns. 

Expressed as a formula, 

M°c — y in which (£- 82 ) 

Moc = the bending moment at an exterior 
column, in ft.-lbs.; and the other 
terms as defined for (S-81). 

(3) The bending moment in a girder is a mean 
between the bending moments in the out- 
side columns above and below the girder. 

Expressed as a formula, 


in which 

h ft C = T = the direct tension or compression in 
an exterior column, in lbs., 

Way Wb = the wind panel loads in order, above 
the column, 

ha, h = the story heights in order above the 
column, and 

a = the transverse width of the building. 

Illustrative Prob. 319a. Calculate the bending moments in 
the typical members of the 5th floor in Fig. 507 for the follow- 
ing data: 

W.L. = 25#/a', spacing of columns in longitudinal direc- 
tion - 20'-0", spacing of columns in transverse direction - 
lft'-O". 7th story height = 14'-0" with 3'-0" parapet. Typi- 
cal story heights = 12'-0", 1st story * 16'-0", basement 
story * ll'-O". 

Wr = (3 + 7) X 20 X 25 - 4500,? V 7 - 4,500,? 

\\\ - (7 + 0) X 20 X 25 * 6500# \\ - 11,000# 

IF, * (ft + 6) X 20 X 25 - 6000# V 6 - 17,000# 

W> = do. - 6000# V 4 * 23,000# 

etc. etc. 

17 000 

Shear in 5th story interior columns = — h — = 4250# each 


M c , = 


M a + M b 


, in which 


(S-83) 


Mg = the moment in a girder, in ft.-lbs., 

M a = the moment in the outside column above, 
in ft.-lbs., and 


exterior 


exterior 


4 

4250 

2 

23,000 

4 

5750 
' 2 


- 2125# 


= 5750# 
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t in columns ©, (5), and ® above 5th floor, 
^°°° X 12 ■ 25,500'* 


J 


’*» MlC ~ 2 X 4 

(Hub is the same value as 4250 X 6'-0" 


25,500'#) 


f Moment in columns ©, 0, and 0 below 5th floor, 
23,000 X 12 

MlC - - 2 - 34,500'# 


SPECIFICATION CLAUSE* 
a When the stress in any member due to wind 
does not exceed 50 per cent of the stress due to 
live and dead loads, it may be neglected. When 
such stress exceeds 50 per cent of the stress due 
to live and dead loads, the working stresses fire- 
scribed in this chapter may be increased 50 per 
cent in designing such members to resist the 
combined stresses. 


(This is the same value as 5750 X 6'-0" = 34,500'#) 

Moment in columns 0, and 0 above 5th floor, 

Moc * i (25,500) = 12,750'# 

Moment in columns 0 and 0 below 5th floor, 

Moc = i (34,500) = 17,250'# 

„ x . , 12,750 + 17,250 

Moment in 5th floor girders » = 15,000'# 

Direct compression in 5th floor girders. 

Difference in shears 4th and 5th story exterior cols. 

- 2S75 - 2125 - 750# 

Difference in shears 4th and 5th story interior cols. 

= 5750 - 4250 = 1500# 

Direct compression in girders: 

®-@ = 0000 - 750 = 5250# 

= 0000 - 750 - 1500 = 3750# 

©-0 - 0000 - 750 - 1500 X 2 = 2250# 

0-0 - 6000 - 750 - 1500 X 3 = 750# 

Tension in column 0 in 5th story ( * compression in col- 
umn ©) 

6000 X 6 + 6500 X 18 + 4500 X 32 
£5 — 4040# 

Tension in column 0 in 4th story 

6000 X 6 -f 6000 X 18 + 6500 X 30 + 4500 X 44 
gj =8390# 

Prob. 319b. Building 18 stories high, all stories 12'-0" high 
except 1st, which is 20'-0". Building 3 bays of 16'-0" each 
in transverse direction. Spacing of columns in longitudinal 
direction 20'-0". Parapet 3'-0" high. Wind load - 25#/n'. 
Make a line diagram of a typical cross-section of the building, 
showing the direct stresses in the columns and the values of 
the compression in the girders (express results in thousands 
of pounds). Make another line diagram showing the bend- 
ing moments in all the columns and girdere. 

320. Design of the Members in General. 

An important consideration in the design of the 
members of a building proportioned for wind 
pressure is .that the working stresses may usually 
be increased in the average specifications. This is 
because wind stresses are only temporary, and often 
the actual wind pressure does not approach the unit 
pressure used in the design. For the exceptional 
cases, the factor of safety offers sufficient protection. 
Furthermore, the maximum combined stresses 
oocur only at theoretical planes of extreme fibers, 
whereas the average stress on the cross-section is 
usually somewhat less. 


From the discussion in the preceding articles, it 
may be seen that the wind has a tendency to distort, 
the frame as a whole. The important investigations 
are at the junction of the girders with the columns, 
as the bracing strength of the framing is governed 
by the strength of the connections, and usually not 
by the beam and column sections. Generally the 
column sections do not need to be increased over 
those required for the direct loads, as the direct wind 
stresses are usually less than 50% of the stresses due 
to direct load. The shears due to wind at the points 
of contraflexure of the columns are generally such 
that the areas of the cross-sections are more than 
ample to resist them safely, and this feature is 
commonly not investigated. Also, the girder sec- 
tions do not usually have to be increased over those 
required for the regular load, as the bending stresses 
due to wind are usually less than 50% of those 
caused by the direct load. The direct compressive 
stresses generated in the girders by the wind an; 
generally small compared with the bending stresses, 
and this investigation is also usually omitted. The 
floor construction tends to relieve the girders of this 
stress, so that additional safety is secured. Sum- 
marizing the above discussion, the connections of 
the girders to the columns in a building designed 
for wind action must usually be increased over those 
necessary for ordinary cases, and this is the most 
important feature of the detail design. 

321. Design of Columns. 

Ah stated in Art. 320, the column cross-sections usually 
do not need to be increased over those required for the direct 
loads, as the stresses due to wind are generally Jews than 50% 
of those eaused by the direct loads. If a rase does occur in 
w'hieh the wind stress exceeds one-half of the direct stress, 
it is necessary to make an investigation. 

The bending moment due to wind on any column may lie 
investigated in a similar manner to the moment due to eccen- 
tric loads (Art. 243). The additional compression may lie 
computed from a = M • c 4- /. Some engineers prefer to 
calculate the equivalent central load (the direct load which 
will produce the same unit stress). The critical section will 
occur as illustrated in Fig. 508. 'Hie horizontal shear (as- 
sumed to lx* carried by the column at its point of contra- 
flexure) multiplied by its arm (its distance to the section) 
gives the resulting bending moment. The equivalent central 
load due to wind moment, P w , may be expressed by 

P w * ^ ^ - ” , in which (£-£6) 

H «■ the horizontal shear at the point of contraflexure, in lbs., 
* The Code of Ordinances of the City of New York. 
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e — its arm to the critical section in ins., 
c « the distance to extreme fibre in compression, in 
ins., and 

r -* the radius of gyration of the column cross-section 
in ins., about the axis perpendicular to the di- 
rection of bending. 

In addition to the bending stress in the exterior columns, 
an axial stress docurs. The governing cases are those on the 
leeward side, as additional compression is developed, whereas 
tension is generated on the windward side. This must be 
added to the othor stresses. Thus for an outside column, 
the maximum stress is the sum of the stress due to direct 
load, that due to 1 lending and the resultant axial wind stress. 
An interior column receives no axial wind stress, but the 
trending is twice that on an outside column so that each 
typical case must be investigated separately. 



The horizontal shear on any section (acting at the point of 
contraflexure) is comparatively small and tho shearing in- 
tensity is usually amply safe and is generally not investi- 
gated. The uplift, if any (on the lowest tier of the wind- 
ward columns), should be investigated. This is the result of 
subtracting the dead load from the direct stress. Any uplift 
should be provided for by anchor bolts. Column splices 
should also be checked up for stresses induced in them. The 
best type of splice to resist wind action is with the milled 
ends anti side plates (Art. 259). Splices with cap plates and 
clip angles offer much less resistance to bending. The col- 
umns should be made structurally continuous from the foun- 
dations to the roof for best results.* 

322. Design of Girders. 

As stated in Art. 320, the girders usually do not need to be 
increased over those required for the ordinary loads, as the 
(lending stresses due to wind are generally less than 50% 
of those caused by the regular loads. If a case does occur 
in which the wind stress exceeds one-half of that due to the 
direct load, it is necessary to make an investigation. 

* Staggered columns cause complicated wind oaleulationa. 


In the usual case of loading, light end connections jfk not 
fix the ends of tto girder to any great extent, and the SllJbg 
moment is based upon a simple span, as illustrated JJMjng. 
509 (a). However, when relatively heavy end conirectibns 
occur, as is often the case in wind bracing, there is more end 
restraint, although the beam does not have fully fixed ends. I 
When bracket types of connections are jised, especially with 
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gusset plates, as in Fig. 509 (6), the effective depth at the 
ends of a girder is increased. This would have a tendency to 
increase the negative moment and to decrease the positive 
moment, so that a fixed end girder is not entirely an unrea- 
sonable assumption, as shown in Fig. 509 (r). The wind mo- 
ment is assumed to be of straight line variation, as illustrated in 
(d), with the maximum value occurring at the ends. The two 
cases, (c) and (d)> may be combined to attain the maximum 
values of the negative and positive moments, as shown in (r?). 
However, a practical consideration enters. The two end 
connections are made alike of course, to provide for a reversal 
of wind direction. The columns will generally lie about the 
same size at each end so that equal stiffness may be assumed 
for each end of the girder. On this basis, the diagram in 
Fig. 509 (e) may lie shifted so that the positive moment at 
the right is of the same value as the negative moment at the 
left. This is illustrated in (/). The girder would then l>o 
designed for the maximum value determined from diagrams 
( f ) or (r), with the maximum positive moment probably not 
at mid-span. 

The above procedure is too complicated to use ordinarily 
in practice, esjiecially if concentrated loads are involved, and 
practically the same maximum values may lie obtained by 
considering the girder as simply supported (in spite of any 
heavy end connections) and suiierimposing the wind moment 
on the vertical load moment diagram, as illustrated in Fig. 
510 (a) and ( b ). 




nrtC"- 
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Another method of analyzing the maximum moment in gird- 
ers with reference to the Philadelphia Building Ordinance fol- 
lows. Figure 511 (a) shows the combined shear (solid lines) 
due to dead and live load and wind. The dotted lines show the 
separate influences, based upon a uniform vertical load and the 
usual assumption of simply supported beamB. Figure 511 (b) 
shows the combined moment (plotted opposite to that in Fig. 
510) in a similar manner. The figures represent the algebraic 
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mxiwm the shears and moments respectively. The combined 
morirJW curve is a parabola with its maxima^ ordinate at some 
pcQ^^ther than mid-span. The maximum value occurs at 
the p&at of zero shear. The value will exceed the live and 
dead load moment by some amount, such as X , shown in 
Fig. 511 (6). The wind moment may be represented by 
some function of the dead and live load moment, as AM 
* .4 (w • JA + 8). The wind shear may te expressed as 

Wind Moment A(w • JJ + 8) w • L 


The maximum moment is then M + X, or 

r A* 4- A* 


• M + X * M + M 


M + X 


w ( 


l + 


4 A + 4 1 
A l A- A* \ 
4 A + 4/ 


or 


L 

2 


L 

2 


.4. 




Wind Girder. Design (p*;/o. z/d 9 ordinance) 

~A Itss lhan l.lj design for L.L 8c D L Moment 
A between /. / and 2.0, design for K(L.L St JX L. Moment) 
A greeter than 2 0, design for Ijt Wind Moment 
AH at re gylar fibre stresses - 

' (c) 

Fia. 511 


The distance to the |K)int of 0 shear from mid-span is 


L 


A ir - A -t- 
4 


The distance to the point of 0 shear from the left-hand end 
of the team is t hen 


u -£ + r 


= (A +2) = . 

4 


By the pro {>cr ties of the parabola. 


X 

X + M + AM 
From this expression, 


A 2 


(A + 




(A -j- 2)* 


M 


A* 4- A* 
4*4+4 


The Philadelphia Building Ordinance allows a 30% increase 
in the allowable stress for combined wind stresses. There- 
fore, unless A is ihore than 30' r of M, the design of the girder 
is governed by the live and dead load moment. When A" - 
0.3 A/, A = 1.1. In other words, unless the wind moment is 
110 per cent of live and dead load moment, the 
design is governed by the latter. 

For values of .4 exceeding 1.1, the design is 
governed by } J ( A' + M) at the usual fibre stresses.* 
The moment to design for may be expressed as 

10 Mf A 2 A- A*\ 

13 \ + 4+4.1/’ 

This may be expressed as KM. Figuro 511 (r) 
gives a diagram for determining values of K for 
varying values of A. 

Illustrative Prob. 332a. If wind moment 
116,000'# and moment due to dead and live loads 
is 84,000'#, what moment should the girder in 
question be designed for at usual fibre stresses in 
accordance with the Philadelphia Building Ordin- 
ance? 

1 1 6.000 _ j l+om Fig. 511 (c), when A ■* 

84.000 

1.38, K - 1.117. The moment to be designed for 
at 16,000# is then 1.117 X 84.000 - 03,800'#. 

323. Design of Connections. 

The important detail design in providing 
for the resistance to wind pressure is that 
of the connections of the girders to the' col- 
umns, as the bracing strength of the whole 
structure is governed by the strength of the 
connections, and not by the beam sections. 

The end connections must be designed 
to resist the wind load moments at the 
ends of the girders, with the connections at 
each end made the same, to provide for a 
reversal of wind direction. The ordinary 
beam connections provide some resistance 
to such moments, and for small values of the wind 
moments, particularly in the upper stories, they may 
})e altered slightly and still give sufficient resistance. t 
All the connections must be made by rivets, to be 
efficient. The top clips are usually made the same 
size as the bottom seat angles, so that a balanced 
couple will result. The seat angle type of connec- 
tion is adopted in such eases, in order to approach a 
bracket design, as the ordinary connection angles 

* The ratio of the allowable stresses, common rune* and combined wind 
is 10 to 13. 

t Homo engineers believe that tlie full value of the connection* of girder* 
to column* should not lie assumed, anti hence they dotiign the connection* 
quite liberally. They claim that a great number of eonneetion* would not 
all work at the same time, particularly for irregularly shaped building* 
The author* believe that the usual values of the rivet* may be u»ed in such 
i the wind loads are only temporary. 
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attached to the webs of the girders (Art. 28) are 
not very efficient in resisting moment, because they 
are near the middle of the beam depth. Hence 
connections to the flanges of the girders are used, 
as greater resisting arms result. 

Any tendency to distort the frame as a whole 
causes shear in the rivets connecting the girder 
flanges. The controlling value of the rivets is 
governed by bearing or single shear. If usual 
thicknesses of metal are employed, single shear will 
control the strength of the rivets. The value of the 
rivets connecting a flange to the clip angle times the 
depth of the beam equals the resisting value of the 
connection against wind moment. This is equiva- 
lent to the moment of a resisting couple. For very 
small moments, two rivets in each flange, as in Fig. 
512 (a), may be sufficient. This requires 3\ X 3£ 



angles. For larger moments, four rivets in each 
flange may be used, with 6X6 angles, or in some 
cases, six rivets in each flange with 8X8 angles, as 
illustrated in ( b ) and (c) respectively. When, the 
girder frames to the side of a column, details similar 
to Fig. 512 (d) may be used. In some cases, 8X6 
angles may be; more conveniently employed, as shown 
in (e). The rivets in the vertical legs of the connec- 
tion angles should be at least the same in number, as 
the moment must be transferred from the girder to 
the clip angles, and from the latter to the column. 


When this number is maintained, the connexion 
will not be controlled by the rivets in the virtSAi 
legs of the cli^ angles, as the lever arm of the {grist- 
ing couple, based on the latter, is greater. * 

The rivets in the seat must of course be strong ^ 
enough to carry the beam reaction^ as in any ordi- 
nary case, and stiffeners may be necessary under the 
seat angle (Art. 254). The strength of the connec- 
tion to offset the wind moment is also limited by 
the bending resistance of the clip angles. This 
feature should be investigated and angles of sufficient 
thickness should l>e employed. Side clips are some- 
times added to the connections, to furnish extra 
stiffness, although they do not supply much wind 
resistance, as the girders are usually not deep enough 
to have many of their connecting rivets at appreci- 
able lever arms. 

Illustrative Prob. 323a. If the bending moment due to 
wind in a girder is 20,000'# and the size is 20 1 65.4, what type 
of connection is necessary? 

Let n = the number of J" rivets connecting one flange. 
Single shear value of 1-}" field rivet =* 4420# 

20,000 X 12 = n X 4420 X 20 
n = 2.7+ 

Use 6X6 angles and 4 rivets in each leg (see Fig. 512(6)). 

When larger wind moments occur in the girders, 
clip angles for the connections may not be sufficient. 
As 8 X 8 angles are the largest size available, the 
resistance of 6 rivets at their lever arm is the maxi- 
mum. Clip angles can develop only a small part 
of the capacity of a beam, whereas brackets can be 
made to develop the entire net bending resistance of 
a beam, if necessary. In the lower stories, where 
considerable wind moment may be generated, 
bracketed connections become more general. Figure 
513 (a) and ( b ) shows two common types, that in 
(a) when I beams are involved, and (b) when plate 
girder sections are used. These are generally made 
up of gusset plates and angles. The slopes are 
commonly made at 45°, to (dear openings, intermedi- 
ate walls, and so on. In designing, it is customary 
to neglect the strength of the gusset as a whole and 
to count upon the angles and that portion of the 
gusset which is confined between the angles. Stresses 
of diagonal tension and diagonal compression are 
set up as indicated by the dotted lines in Fig. 513 (b). 
The net section of the angles and gusset between 
them should be sufficient to resist the tension. 
Stiffener angles are usually necessary on the com- 
pression side, and should always be used when the 
length of the diagonal edge exceeds 30 times the 
thickness of the gusset. The gusset is commonly 
made i" thick, which is consistent with the web 
thicknesses of average I beams and plate girders. 
The width of the angles “ A 99 in Fig. 513 (6) adjacent 
to the gusset plate is made enough to accommodate 
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the jgy eta, — usually 3". The width of the out* 
Btefcofflg legs may be whatever is required, as long 
as ji^per fabrication and erection clearances are 
^maintained. 



rintJr number 
xdttpNiafbeam. 


w 



Fig. 513 


Illustrative Prob. 323b. Design the joint in Fig. 513 (M 
if A/max - 4,100,000"#. 

Use connection angles “ L ” to face of column 4X4X1. 
Average stress on rivets " R ” is one-half the maximum 
allowable. 

Single shear j" field rivet = 6010#. 

Assume 30 rivets in each leg spaced 3" o.c. 

Center of gravity of each group above and below is at T 
and C respectively = 23£" from N.A. 


C 


6010 X 30 
2 


90,200# 


Arm between C and T = 2 X 23 £ = 47" 

M r = 90,200 X 47 = 4,240,000"# O.K. 

Shop rivets in angles “ R " in double shear 

Double shear J" shop rivet = 14,430# 

C - - ,43 °~ — 4 - 101,000#. Arm - 2 X 21" 

M, - 101,000 X 42" «= 4,250,000"# O.K. 

The thickness of the gusset must be sufficient to develop 
the full strength of the rivets. Bearing of rivets on the two 
angles O.K. Enclosed bearing on gusset 

14,430 - 30,000 X J X t 

t = 0.55" Use f " gusset. 

The moment at the splice between the gusset plate and 
the girder web may be determined by proportion, since the 


wind moment is assumed as straight line variation.* Thus 
in Fig. 513 (c), 

• 7.0 

M at splice - 4,100,000 X ^ - 3,030,000"# 


The splice plates may be proportioned for this moment 
and the shear at this point by the method outlined in Art. 73. 


Flange Btress in girder at splice 


3,030,000 

36.5 


82,900# 


Tension in angles at edge of gusset at top 

117,000 


Net area required 


7.33U" 


16,000 

Gross area 2 15. 3J X 31 X l 
2 holes | X 1 


7.96 

1.26 


6.71D" 

Gross area 31 X i - 2.19 
1 hole | X 1 = 0.62 


1.57 

Net area - 6.71 + 1.57 = 8.280" O.K. 

Use 3£ X 3£ X j edge £ . 

„ 8.1 Use 9 rivets. 

14,430 

Compression * 117,000#. Length of diagonal « 43" 
r of 2 l! 3£ X 3J, I" back to back = 1.05" (average) 

70 V 43 

p = 16,000 - - 13,140#/D" 

* 117,000 

Gross area required = — — = 8.91Q 

Gross area 2 £ 3J X 31 X 2 = 7.96 
Gross area 3J X | - 2.19 


10.150" O.K. 



• Tho moment at the connection may bo considered as slightly less than 
the theoretical value at the center-line of the column, Binoc it is one-half 
the column-width away from the center-line. 
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The bending in the ocmneotion angles “ L ” should be in- 
vestigated. The value df a field rivet times its distance to 
the fillet of the angle is the local bending. The«resistance is 
based upon the thicknesi of the angle and a length corre- 
sponding to the spacing of the field rivets. For usual cases, 
if the gauge of the rivets does not exceed 2J", a f" angle is 
sufficient. If a gauge of 4" occurs, a 1" angle is required. 

In some oases, the web of the girder may connect 
to the flange of the eolumn. A connection similar 
to that in Fig. 514 (a) may be used, or if a large 
wind moment occurs, a gusset may have to be 
introduced, as in (5). Such connections are satis- 
factory if the girders have considerable depth. The 
values of the rivets vary as their distances from 
the neutral axis, and the resisting moment is cal- 
culated as previously discussed, — by finding the 
center of gravity of each group, and with the aver- 
age stress on a rivet times the number in the group 
on one side of the neutral axis, times the lever arm 


of the two forces is the resisting couple (ArfabTS), 
When the building is quite wide (say, moiWjJym 
5 bays), some engineers use bracket connections 
at the outside and first interior columns, find then >1 
use heavy connection angles at the other interior . 
columns, claiming that such interior connections*' 
offer sufficient resistance to the local wind stresses, 
as the effect of the wind is considerably dissipated 
by the first heavy connections and the floor system. 

Prob. 323c. Design a connection of the type in Fig. 512 (a) 
for the data of Illustrative Prob. 3236. Make a sketch of 
the joint at a scale of 1" * I'-O" if the column is a 14 BH. 

Prob. 323d. Design a connection similar to Fig. 513 (a) if 
the 1 beam is a 24 I 100 and the column a 12 BH. Wind 
moment = 1,200,000"#. 

Prob. 323e. Design a connection similar to Fig. 513 (6) if 
the plate girder iB 301" back to back of angles with 5 X 3J X J 
flange angles. M — 2,300,000"#. Column 12 BH. Use f" 
rivets. 




PLATE 38 ARCHITECTS’ PLAN AND ELEVATION OF ELEVATOR LAYOUT 
RICE BUILDING— PARKER. THOMAS AND RICE, ARCHITECTS 








PLATE 39 ARCHITECTS' SECTION OF ELEVATOR SHAFTWAY 
RICE BUILDING — PARKER, THOMAS AND RICE. ARCHITECTS 
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324. Structural Design Involved. 

The planning of elevator service naturally starts 
with the architect. He must decide, in conference 
with his client, how many cars are to be used, the 
type of service (freight or passenger), t where the 
hatchways are to be located, what floors are to be 
served, the size of car desired, and, by using stand- 
ard clearances (based upon other installations), the 
approximate dimensions of the hatchways. With 
such data, tentative, typical plans and sections are 
drawn, similar to those illustrated by Pis. 38 and 39. 

The next step of the architect usually is to call 
in representatives of one or more concerns that 
manufacture and install elevators. The detail and 
final arrangement of the sizes of cars, clearances 
(and therefore dimensions of hatchways), locations 
of sheave beams, counterweight, guides, design of 
elevator machine, motor, gearing and roping is 
largely the province of the elevator company (Fig. 
515). It is a specialized field of work and even 
mechanical engineers who arc planning the bulk of 
other equipment, leave such work to the elevator 
companies. Hence it is not unreasonable for an 
architect to desire expert advice in this connection 
from the elevator engineers. 

The representative of the elevator manufacturer 
makes a study of the particular layout in order 
to arrive at the most efficient service, even suggesting 
an increase or rearrangement of the service. One 
means of determining the surrounding conditions 
for large jobs, in addition to the architect’s tentative 
plans and sections, is the use of a questionnaire. 
The following represents a typical one: 

(1) What is the location of the building — giving city, 

streets and general character of environment? 

(2) What are the horizontal transportation facilities 

ufTecting the flow of people in and out of the 
building? 

(3) How are the horizontal transportation facilities 

located with reference to the building entrances? 
{State distance away and relative location of 
various stations, car lines, parking space, etc. 

(4) What is the plot plan of the building — showing 

the size and general arrangement of the ground 
floor and the location of the elevators, if that has 
been tentatively determined? 

* Some of the material and figures in thin chapter are derived from notes 
and drawings furnished by tho Otis Elevator Company. 

t For a discussion of escalators, sec Art. $12. 


(5) What are the typical floor plans of the building? 

(ft) How many floors has the building? 

(7) What are the heights of the various floors? 

(8) What is the net rentable area by floors? 

(9) What kinds of businesses are to be housed? 

(10) What Bizes of businesses? 

(11) What is the location of the businesses on floors? 

(12) What is the expected population by floors? 

(13) What is the percentage of clerical help? 

(14) What is the time at which the various businesses 

start work? 

(15) What is the time of stopping work? 

(16) What are the conditions affecting traffic flow in the 

noon period? 

(17) Do the elevators serve the basement? 

(18) What is the expected |>ercentage of absences? 

(19) What is the expected percentage of vacancies? 

(20) What interval is desired and what limits of interval 

would l)c considered satisfactory? 

(21) What is the maximum number of passengers to l>c 

handled in a five-minute peak in the morning? 

(22) What is the maximum five-minute peak of passen- 

gers at noon? 

(23) What is the maximum five-minute peak of passen- 

gers at night? 

(24) What is the flow of outside population entering and 

leaving the building, particularly in relation to 
the peak period? 

(25) What is the expected inter-floor traffic, noting any 

special inter-floor requirements? 

(2ft) How are the toilet facilities located? 

(27) IIow are the restaurants located? 

(28) What is the flow of restaurant service and the 

maximum five-minute peak period going to and 
coming from restaurants? 

(29) What is the location of assembly rooms in the 

building, if any? 

(30) What is the general discipline and control of the 

population, stating any special requirements of 
discipline? 

(31) What special requirements affecting elevators are 

there in the building? 

(32) What structural or other interference is there 

affecting location of elevators? 

The extent to which such questions are gone into 
depends upon the size of the job. Of course such 
minute detail is hardly necessary where only one or 
two cars are to be installed. 

With the data obtained from the architect, the 
elevator company studies the installation from a 
standpoint of flow of traffic, particularly as to peak 
loads, influx, noon traffic and outflow, inter-floor 
traffic, density of population, size of car, hatchway 
doors and car gates, interlocks, number of cars in 
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Fkj. 515. Geared Freight Elevator 
(a) 1 to 1 Hoping — Steel Guidos 


Single Wrap Traction* 

(b) 2 to 1 Hoping — Steel Guides 


* Courtesy Otis Elevator Co. 
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a bank and number of banks, time interval, express 
and local banks, elevator speeds, determination of 
round trip time, signals, and so on. The type of 
elevator is selected as to the traction, roping, control, 
dimensions and travel, load and speed, and so on. 
The layout then more or less settles the arrangement 
of guide posts and guides, sheaves and sheave beams, 
counterweight, driving machine motor and controller. 
This is consummated in an elevator drawing, similar 
to that shown on PL 40.* Figure 516 also shows 
the essentials of another layout. 


be far miliar with the essentials of the requirements 
and to have f general knowledge of the problem. 

325. Types of Elevators. 

Elevators used in modem buildings are generally of the 
electric type and are sub-divided into four kinds, namely 

(a) drum 

(b) worm-gear traction 

(c) helical gear 

C d ) gearless traction 

(1) direct drive (one-to-one) (Fig. 517) 

(2) two-to-one. 



It is from such a drawing, furnished by the ele- 
vator company, in addition to the architectural 
plans and sections, that the structural engineer 
obtains the information necessary to provide' proper 
supports for the elevator equipment. Although the 
structural engineer is not required to design the 
sheave beams and other intermediate supports, as 
described above, it is a distinct advantage to him to 

* Courtesy of Otto Elevator Co. 


Some office buildings, and buildings of a similar character, 
are at present equipped with hydraulic elevators, although 
this type of equipment is now being rapidly replaced by the 
electric machine. The hydraulic elevators may be either: 

(а) vertical geared hydraulic 

(б) horizontal geared hydraulic 
(r) direct lift plunger 

(d) inverted high pressure plunger. 

The fact that al>out nine-tenths of the elevators in service 
are electric seems to bear out the contention that speed can 
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be obtained with commensurate safety and that v *dectrio 
elevators are usually preferred because of th»ir flexibility in 
service. 

Of all of these, the electric gearless traction elevator with 
the direct one-to-one drive seems to be the most popular for 
general office building service. For purposes of simple com- 
parison, the usual type? of both electric and hydraulic elevators 
are shown in Fig. 518, in which (a) illustrates the double 
wrap, gearless traction, one-to-one roping; ( b ) the double 
wrap, gearless traction, two-to-one roping; (c) the geared 
electric overhead drive; (d) the geared electric basement 
drive; ( e ) the vertical plunger hydraulic; and (/) the direct- 
acting plunger. The difference between the electric geared 
and gearless machines lies in the fact that highspeed motors 
are more economical in first cost and operation than low- 
speed machines. In order to provide a slow moving car, 
gears are used to reduce the motor speed to a proper cable 
or car speed. Even the electric gearless traction equipment 
is much more economical of space, initial cost and operation 
than the hydraulic. Space is an important feature for con- 
sideration in buildings and the electric machine not only 
eliminates the necessity of pressure and discharge tanks, 
together with the pumping equipment, but is also a great 
improvement due to the increased siK'cds obtainable at a 
constant acceleration. The increased height of many modern 
buildings has also made the hydraulic plunger elevator an 
unsafe engineering problem for such cases. 

For the purpose of this discussion the electric elevator only 
will be considered and much of the information is based upon 
the advice of the Otis Elevator Company of New York. 
It is, however, interesting to designate the difference between 
the usual trade names. In general, electric elevators ure 
classed as gearless or geared. In the gear I ess type a slow- 
speed motor drives the sheave directly from the motor shaft 
with a double-wrap hook-up. In the geared machine a high- 
speed motor, with its speed reduced through a worm and gear, 
drives through a sheave fastened on the gear shaft. Where an 
elevator is so roped that it represents a direct suspension in 
which the rate of motion of the car is equal to that, of the 
supporting cable and the cable is attached directly to the 
car frame, it is called a one-to-one roping. If, however, the 
rate of motion of the car and counterweight is one-half that 
of the cable, and a secondary sheave is used on top of the 
bars and the counterweights, it is called a two-to-one roping. 
When a secondary sheave is used to effect a second wrapping 
of the driving sheave the mechanism is known as double-wrap. 
The ordinary elevator, however, is fitted only with a single- 
wrap machine. Figure 519 illustrates a typical layout^ of 
this kind. 

326. Horizontal Clearances.* 

With the size of car fixed in plan (sec p. 482), the 
clear dimensions of the hatchway are determined 
by adding clearances between the car platform and 
the floor threshold and counterweights. 

SPECIFICATION CLAUSES t 

Thresholds, (a) Strong and substantial beVeled metal or 
Projections wood plates shall be located under all thresholds, 
end Recesses beams and other fixed construction which pro- 
jects into shaftwaysone inch (1") or more lieyond 
the general line of the shaft ways of the elevator 
on sides where there are car openings. Metal 
plates, when not hacked with wood, shall be 
made of not. less than No. 12 B & S gauge metal. 
Recesses in shaftway enclosures on sides where 

* Vortical clearances arc considered in Art. 327. 
t Regulations of the State of Massachusetts. 



Fig. 517. Gearless Passenger Elevator — Double 
Wrap Traction t (Micro-Drive) 

1 to 1 Roping — Machine Above 

} Courtesy Otis Elevator Co. 
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(a) 


( b ) 



(a) 1 to 1 roping, double wrap, gearless traction, machine overhead 

(b) 2 to 1 roping, double wrap, gearless traction, machine overhead 

(c) 1 to 1 roping, single wrap, geared traction, machine overhead 

(d) 1 to 1 roping, single wrap, geared traction, machine below 

(c) vertical counterweight cylinder — hydraulic 

(/) direct acting car plunger — hydraulic 







ELEVATOR 

there are car openings shall be filled>i^h with 
the line of the shaftway or be beveled, y. 

(b) The beveled plates shall extend fron^he 
edge of the projection to the vertical wall, and 
the beveled surfaces shall make an angle of not 
less than sixty degrees with the horizontal. 
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the particular manufacturer, but Fig. 520 may be 
used as a general guide, (a) showing dimensions for 
gearless passenger elevators and ( b ) for freight 1 : 1 
elevators. Layouts will of course vary according 
to local conditions. In some cases when the en- 



1 to 1 Roping — Single Wrap Traction — Car Switch Operation — Counterweight at Rear 


Clearances («) There shall lx* a clearance of not less than 
Between Can, three-fourths of an inch (}") between cars and 
Counterweights^ s haftway enclosures and a clearance of not 
and Shaftways ^ than one inch (1") between cars and their 
counterweights. 

(6) The clearance between the sill of car and 
the threshold of landing shall not be less than 
three-fourths of an inch (}") nor more than one 
and one-half inches (l}"). 

(c) There shall be a clearance between the ele- 
vator counterweights and the shaftways of not 
lesB than three-fourths of an inch ($")• 

These requirements may vary somewhat in different 
states but are typical of the usual cases. 

In addition to the clearances, room must be pro- 
vided for the counterweights, their guides and the 
car guides. These of course vary somewhat with 



Fia. 520f 


* Courtesy of OtiH Elevator Co. __ ^ v „ 

t Standards of the Kacstnor and Hockt Co., Westiiwhouse - K 6 H 
Elevators. AH clearances are in accordance with the A.S.M.h. Code. 
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trance at the first floor is on a side adjacent to the 
side where the entrances at the upper floors occur, 
corner guides* arc used. This will affect counter- 
weight locations. Similar considerations must be 
made when doors occur on opposite sides of a hatch- 
way. Such variations affect the clearances. 

Passenger car sixes are fixed according to the 
number of stories in the building and the number 
of cars to be used, and the car speeds according to 
the number of stories. They are also based some- 
what on allowing 2°' for each passenger and 4°' 
for the operator. The following gives some average 
values: 


slightly'' greater than its depth. In Fig. 520, 0 
reny'Sents tfee width required for the operator. 
This is usually 2'-3". The distance G is the gate 
opening required for efficient service. The follow- 
ing represents average dimensions: 


Areas of Car Platforms 

25n' 

30D' 

400' 

Width 

6'-0" 

6'-3" 

7'-0" 

Depth 

4'-3" 

4'-9" 

5'-0" 

G = gate opening 

3'-9" 

4'-0" 

4-9" 


Stories 

Car Area 

Car Load 

Speed (Ft. per Min.) 

8 to 13 

25 

1700 

250 to 350 

14 to 22 

30 

2000 

350 to 600 

23 to 30 

40 

3000 

400 to 600 




*11 



Fig. 521 f w 

The car loads are more or less a function of the car 
area. The width of a car platform should be 

* Corner guides are not considered as efficient and should be avoided 
when possible, as side guides are stiffer. 


327. Vertical Clearances. 

In order to provide clearances between the top 
of the elevator car and the sheaves, elevator ma- 
chinery, governors and so on, vertical dimensions 
must be established above the top floor the elevator 
is to serve. These also allow for over-travelj or 
" over-run ” (running car above top floor). One di- 
mension given is from the top floor to the level at 
which the elevator machine is to be placed. This 
may be expressed as the distance to the bottom of the 
^ sheave beams (N), and then a dimension from 
^ > this point to the finished floor, allowing for the 
& ^ depth of the sheave beams and the thickness of 
K jjs the floor (K). These are shown in Fig. 521 
§ 1 for one type of manufacture, those in (a) for 
£ | gearless passenger elevators and those in (b) for 
§5^ freight 1 : 1 elevators. The value of N varies 

| with the capacity for freight elevators and 
% f with the speed for passenger elevators. In 
^ V. some types of installations, a secondary pit is 
^ used for the governor and secondary sheaves, 
as shown in Fig. 521 (a). If the secondary 
pit is omitted, l'-O" should be deducted from 
the values of N given. The dimension K is 
usually made a constant of lfl", including an 
allowance for a 4" concrete slab. 

With a value of N established, the relation 
of the machine room floor to the grade of the 
main roof may be determined by subtracting 
SX the top story height (top floor to finished roof 
| surface) . This will lead to what is required for 
S | access from the roof to the penthouse. Oe- 
casionally the elevator is extended to serve the 
V I roof (as for roof gardens, recreation spaces, etc.). 

This will raise the machine room floor ac- 
|| cordingly. 

5*^ Above the machine room floor, sufficient 
v5t head-room must be furnished for the elevator 
* machine, motor, controller, and so on. Such 

J dimensions are shown in Fig. 521. Another 

consideration is the feature of placing or 
repairing the mechanism. In many cases a 
tackle and trolley are made a part of the in- 

t Kaeetner and Heoht Co., Westinghouae — K. & H Elevators. 

X This allowance varies with different manufacturers and types of earn, 
and also with tho car speeds. In general, the over-travel at top m 6'-0" 
for ear speeds of 450-500 ft. per inin., 6'-6" for 500-600, and 6'-0" for 
600-700, the allowance being generally made only for high-speed oars. 
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stallstion. In such cases, 3'-0" 
should be added to the dimensions 
given. 

Two types of treatment are 
used at the sheave beams. One 
is to provide a solid fire-resisting 
platform (usually it concrete slab) 
surrounding the sheave beams 
and in which cable slots are pro- 
vided. The other is to leave the 
sheave beams exposed and to 
supply other beams to support 
the machinery. Below the whole, 
a grating is provided (see Art. 338). 

Another feature in connection 
with the hatchway is supplying 
the vertical depth of the pit. Fig- 
ure 521 shows one set of standards. 
The pit depth must allow for the 
placing of buffers or bumpers. The 
minimum depth should be 3'-0".* 
Where oil buffers or their equiv- 
alent are used the pits may be 
as deep as 15'-0". The ordinary 
bumpers are so arranged that there 
is a clearance of 20" between the 
floor of the pit and the car sling, 
when it rests upon the bumpers. 
The ordinary bumper is used for 
cars with a rated speed of less 
than 100 feet per minute, spring 
bumpers for speeds between 100 
and 400 feet per minute and oil 
buffers for cars with speeds larger 
than 400 feet per minute. For 
high-speed cars, an allowance in 
the depth of the pit is made for 
over-travel f (running car by lower 
floor). The pit walls and slab are 
usually made of concrete and are 
generally a part of the foundation 
work.t 

Occasionally elevators arc driven 
by machinery placed in the base- 
ment as illustrated in Fig. 522. 
This is often the case in altera- 
tions to existing buildings, and in 
structures where penthouses would 
interfere with the architectural 
treatment desired. Such construc- 
tion usually requires supporting 



* State regulations an well as city codes give 
various minimums. 

t This allowance varies with different manu- 
facturers and types of cars, and also with the car FlO. 522. 

spooda. In general, the over-travel at bottom 
is 3 '- 6 " for car speeds of 450-500 ft. per min. v 
4 '- 6 " for 500 - 000 , and 5 '- 6 " for 600 - 700 . 

$ Refer to a text on ooncretc foundation work. 


Geared Passenger Elevator — Single Wrap Traction { 
1 to 1 Roping — Machine Below 


ft Courtesy of Otis Elevator Co. 
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beams in the plane of the first floor to carry the de- 
flector sheave only (Fig. 522), the remaining machin- 
ery being carried on the soil or on a footing. Sheave 
beam supports are required overhead, their loads 
generally being somewhat lighter than when an over- 
head drive is used. Such an arrangement requires 
that the machine-room be of fireproof construction. 
A penthouse of much less height maj r be used, — 
one which will give headroom for the sheaves only. 
The enclosures should extend through and above 
the roof about 3'-0", where the elevator serves 
the upper floor of the building, except in cases 
where a solid fire-resisting platform is located under 
the machinery, which is completely blocked by the 
sheaves, except for the cable slots. Where solid 
slabs are not used at the top of the shaftway a 
skylight should be provided in the roof of the pent- 
house, or windows may be located in the side walls 
of the penthouse enclosure (Art. 330). 

328. Sources of Elevator Loads.* 

The standard office building elevator car in most of our 
large buildings is one of 2500 pounds capacity. These 
passenger cars should lx? alxmt 5 feet or a little less in depth 
and have a net area corresponding to about 80 pounds to 
the square foot. It has liecn found that large passenger 
cars, such us those used in the New York subways, are fre- 
quently loaded in service to 110 pounds to the square foot. 
It is desirable, and will txi made mandatory by the Elevator 
Safety Codes, to provide a capacity varying with the car 
area about as follows: 

25 sq. ft. — 75 lbs. per sq. ft. 

30 sq. ft. — 79 lbB. per sq. ft. 

35 sq. ft. 82 lbs. per sq. ft. 

50 sq. ft. — 89 lbs. per sq. ft. 

100 sq. ft. — and above — 100 lbs. per sq. ft. 

For purposes of general illustration, a L.L. on the area of the 
ear platform of a freight elevator will be taken as 75#/o'. 
If a platform is 7'-0" X 8'-0", the total live load is then 
7 X 8 X 75 * 4200#. 

The modem counterweigh ted car is built with a steel 
suspension frame designed upon a factor of safety of 8 and a 
load equal to the maximum rated carrying capacity plus the 
weight of the unloaded car. Based upon calculations similar 
to the above, the car is given a maximum rated carrying ca- 
pacity, or “ duty.” This will be called 4000# for this case. 
Cars are more or less standardized, such as 1500#, 2000#, 
2500#, 3000# and 3500# for passenger elevators, and 2000#, 
2500#, 3000#, 4000#, 6000#, 8000# and 10,000# for freight 
elevators. To the capacity of the car must be added its 
weight, including the safety frame, platform and cab (Fig. 
523). 

The car safety frame is made of structural steel securely 
Indted and riveted together, to which the hoisting ropes are 
attached by means of self-adjusting hitches, which provide 
means for equalizing the strains on the ropes and relieving 
them of undue twisting strains. Spring adjusting, self-align- 
ing guide shoes are mounted on the car frame to secure smooth 
running. The car platform should lie strongly built with a 

* The numerical calculations given in this article are not to be con- 
sidered as a definite procedure in obtaining elevator loads for any given 
case, and are given uh a means of illustrating the general idea only. The 
establishment of such figures is the province of the elevator companies, 
and none but experienced elevator engineers should make such calculations. 


steel securely braced to the safety frame, and should 

have)ff selected, well-seasoned wood floor fireproofed on the 
uhiuer side with sheet metal and the upper surface finished 
with tile or other floor covering. 

The counterweight should be suitably counterbalanced 
for smooth and economical operation. The counterweight 
usually consists of heavy cast-iron sub-sections, contained in 
a structural steel frame provided with rdjustable guide shoeB. 
The weights should be properly consolidated by means of 
tie-rods. 

The cab may be a standard of some manufacturer or may 
be specially designed by the architect, t It is usually made 
with panels of pressed steel (or bronze in special cases) with 
a baked enamel finish. It is usually fitted with ventilating 
grilles at the top, a folding gate, a suitable light fixture and 
operating device. The cal> is generally provided with side 
and top emergency exit panels. 

The weight of the car safety frame naturally varies con- 
siderably with the type of car. Here it will be assumed as 
1090#. The cab or enclosure weight will also vary for differ- 
ent cases. Elevator companies of course have data for esti- 
mating such quantities. As an average, a value of about 
16#/D' of platform area will approximate the weight for the 
ordinary height of cab. For purposes of illustration, this will 
be taken as 895#. The weight of car platform will vary 
with the size, kind of finish floor and so on, but a value of 
about 12#/ □' represents an average. For a platform of 
7'-0" X 8'-0", the weight is 7 X 8 X 12 = 672#, and allowing 
for fittings, it will t>e taken as 690#. This gives a total car 
weight of 1090 + 895 + 690 = 2675#. 

A counterweight of a value equal to the weight of the 
unloaded car plus 40% of the capacity is usually provided.^ 
For this case, the counterweight would be 2675# -f- 0.40 X 
4(XK) = 2675 + 1600 = 4275#. The counterweight pull, as 
well as that from the car is exerted at the machine. The 
total active force, or the “ live load,” as it is called by the 
elevator companies, is then the sum of the car weight, ca- 
pacity of the car, counterweight and weights of the cables 
(the guides being supported by the hatchway frame). If the 
cables weighed 155#, the total would be 2675 + 4000 + 4275 
-f 155 = 11,105#. The maximum “rope pull” would be 
the sum of the car weight, its capacity, and the weight of 
the cables, or 2675 4- 4000 4- 155 = 6830#. The size of 
the cables may he selected for this load. The “ live load ” 
could also l>e stated as the rope pull plus the counterweight, 
or 6830 4- 4275 - 11,105#. jus before. 

Because of sudden startings and stoppings, elevator sup- 
ports arc subjected to considerable impact. The usual 
practice is to allow 100 % for impact. § Then the value of 
11,105# should !>e doubled, or 2 X 11,105 - 22,210 #, is the 
load considered on the supports. To this must l>e added the 
weight of the machine. Such weights are known from the 
manufacturer and vary according to the loads and speeds. 
Assume that this is established as 3300#. The total load at 
the machine to be considered is 22,210 4~ 3300 = 25,510#. If 

The next step is subdividing the load with respect to the 
plan of the hatchway. The center-lines of the platform in 

t See yolume I. 

i It would of course be unreasonable to counterweight for the full live 
load in the car, as this would not give efficient operation. A value of 
40% is the result of experience. The counterweight should not be less 
than the weight of the unloaded car in order to descend, yet it must com- 
pensate the weight of the car ami an average load. 

§ Some engineers consider that the supporting beams should be designed 
for this allowance, but design the supporting columns only for the actusl 
loads. This variation is not recommended. 

H The total weight may then be expressed as 2 (car weight + 1.4 X 
load in car) + weight of machine for the ouse when the machine is overhead. 
For a case of the machine below, it is usually 4 X car weight + 2.8 X 
load in car + weight of machine, as the suspended weight must be added 
to the equivalent down-pull on the ropes, on the maohine tide of the over- 
head sheavee. 
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both directions are desigpated by X-X and Y-Y respectively, 
in Fig. 524 (a), or the center of the car is at L. The distance 
from the latter point to the center of the counterweight may 
lie determined, as LK, The diameter of the driving sheave 
is established by the design. This is usually 30" to 36". 
Since the rim of this sheave should be over the center of the 
car to pick up the cables, the center of the sheave is fixed 
with relation to the car center, ob point M . With KL known 
and the diameters of the driving sheave and deflector sheave 
fixed, the relation of the sheaves in a vertical direction may 
be established. In this case, the counterweight is placed in 
the rear of the hatchway and centered on 
the center line of the platform, — at point 
K on line Y-Y. This allows the sheave 
beams to be placed parallel to a side of 
the car. If the counterweight has to be 
placed to one Bide in the rear or on one 
side or the other of the car, due to the lay- 
out, then the sheave beams will have to be 
placed diagonally, as in Fig. 514. 

While the total load discussed alxive 
theoretically acts at Af in Fig. 524, the 
elevator machine, including the driving 
sheaves and motor, is usually built into a 
unit (Fig. 522) and distributes the load 
along the line W-W in a lateral direction. 

Klevator companies have tables which give 
the distances and proportions of loads to 
the seating points for their various types 
of machines, such os the loads at A , B, and 
C in Fig. 524. A and B are approximately 
l'-0" apart and C is approximately l'-9" 
from B. The point M (center of driving 
sheave) is usually about } the way between 
A and B. Assume the loads at A, B, and 
C are 13,350, 7810, and 3380 respectively, or 
13,950 -I- 8125 + 3435 - 25,5100, the value 
obtained above. The loads at A , B, and C 
are then transferred to the supports by the 
sheave beams on the lines li lt, S-S t and 
T T respectively. Figure 524 (b) shows a 
beam loading sketch in which P is the load 
at A , B , and C in each case. 

Koch sheave beam is designed in a typical 
manner. On the line H-Ii f the bending 
moment is 


[ (previously discussed) from the bottom of the sheave 
i to the inished machine-room floor. 

The proportions of load which are in turn brought teethe 
sheave beam supports may now be calculated. Online R-R, 
Ri in Fig. 524 (6), (the load at d) is 


3 79 

£75 * 13 » 960 


5 ^ 0 # 


plus one-half the beam weight, or $ X 9.75 X 31.8 ■» 155#. 
The load at d is then 5420 + 155 - 5575#. The load at a 


Me - 


1* a b 
L 


13,950 X 3.79 X 5.96 
9.75 


- 32,400'#. 


Assume beam weighs 31.8# per ft. 
moment due to its weight is 


The 


M I* 


31.8 X (9.75) 2 
8 


380'#. 



The total moment is *32,400 + 380 = 32,780'#. A working 
stress of 1 2,000#/ u" k generally recommended. Then using 


M 


: • 7 7 

— or 
r c 


M 

H ’ 


32,780 X 12 

12,000 

Use 12 I 31.8 (J c 


32.78"* 


■ 36.0"* 


The other sheave beams are designed similarly. They are 
generally kept to 12" or 15" depths (minimum weights if 
larger sizes are not required), in order to keep the 16" di- 


(* 72, in Fig. 524 (6)) is 
5 Qf> 

X 13,950 = 8530 4- 155 - 8685#. 

The loads at points e and b f and / and c may be calculated 
similarly. These loads, plus those from the penthouse 
framing, are the ones for which the sheave beam supports 
must be designed. 

The loads should be established by the elevator company, 
but for purposes of preliminary investigations the following 
data may be used as a guide. 
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TABLE 81 

iTE TOTAL LOADS ON SUPPORTS FQR PAt 
ELEVATORS 

OBARL8SS 1 : 1 ELEVATORS* 

These loads have been doubled for impact 




TABLE 88 

APPROXIMATE LOADS ON SUPPORTSf 
FREIGHT 1 : 1 ELEVATORS 
These loads have been doubled for impact 


Speed of 
ear 

(Ft. per 
min.) 



Electric Passenger E/erator 


Penttrouoo Pfart 


7/p/ca/ Layout -Do aot Scott 


Fig. 825. P\bsengkk Elevator! 

2 to 1 Hoping — Double Wrap Gearless Traction — Cur Switch 
Operation — Counterweight at Hear — Oil Buffers 
t Courtesy of Otis Elevator Co. 
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posed arrangement. This will require a reference to 
the typical plans for the hatchway, thp roof plan, 
penthouse roof plan and sections. 

The first step will be to decide what the nature 
of the supports is to be. The general architectural 
treatment will influence this. If the penthouse 
walls are to be of brick or concrete, the sheave beams 
may be supported directly on the walls, using the 


the \taave beams, then one method is to supply , 
tea&ng plates in the wall for them. Some engineap/ 
prefer to embed a grillage beam, usually a r?ecfc% 

8 BH 32, in the wall to seat the sheave beams, par- 
ticularly if there are quite a few of them. This 
allows the sheave beams to be placed in any position 
near that planned for, or in tin; case of diagonal . 
sheave beams, it allows them to be placed at a 



1 to 1 Roping — Single Wrap Traction — Push Button 
Operation — Counterweight at Side 


latter as bearing walls. These walls may be sup- 
ported by beams at the plane of the roof, or oc- 
casionally, in buildings of small height, particularly 
in manufacturing or warehouse types, the enclosure 
walls may be made bearing walls continuous to the 
pit and carried by their own footings. Usually, 
however, the plan size of the penthouse is larger 
than that of the hatchway, to provide access to the 
machines and to provide working space as in Fig. 
525. This necessitates a framing arrangement at 
the roof plane. If bearing walls are used to support 

* Courtesy Otis Elevator Co. 


different angle if it becomes necessary during the 
elevator installation. 

Penthouses arc more often made of 6" terra cotta 
blocks or other partition material of similar thick- 
ness, and flashed and counterflashed at the roof 
level and then copper covered. Such walls do not 
provide bearing for the sheave beams and it is 
necessary to use a structural frame for this purpose, 
strutting down at the corners to the roof frame, or 
if convenient, carrying up four columns of the main 
building to provide supports. 

When the type of supports is decided upon, the 
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^ designer refers to the elevator drawing, furnished 
bftth* elevator company. Plate 41 gftes a typicdl 
illustration of this kind for a freight elevator. 
Figure 526 shows a similar oondensed layout for a 
passenger elevator. The engineer should give it 
more than superficial study, in order to make sure 
• that he fully understands the data. There are a 
number of features which he should note, among 
which the most important are:* 

(1) Type of elevator. 

(2) Whether elevator machinery is to be lo- 

cated overhead or in basement. 

(3) Size of hatchway at roof plane. 

(4) Height of machine-room floor above roof. 

(5) Distance from finished machine-room floor 

to bottom of sheave beams. 

(6) Plan-size of penthouse. 

(7) Height of penthouse roof above machine- 

room floor. 

(8) Whether crane beams are to be provided or 

not. 

(9) Whether a solid machine-room floor is to be 

used, or simply open sheave beams and a 

grating beneath. 

(10) Whether a secondary pit below the sheave 

beams is shown or not. 

(11) The points of application of the loads from 

the sheave beams. 

(12) The. values of the loads from the sheave 

beams. 

(13) Whether the loads given on the elevator 

drawing include an allowance for im- 
pact or not. 

The last note (13) is a very important one. Some 
companies give the loads allowing for impact, 
while others give the loads due to direct weights and 
note that such loads should be doubled for impact, t 
The design of beams acting as sheave beam sup- 
ports involves no new features beyond those pre- 
viously discussed except the features of working 
stresses and lateral support. The following notes 
are commonly given on elevator drawings: 

The following fibre stresses are recommended: 

Steel 12,000# per sq. in. 

Yellow pine or oak 1,000# per sq. in. 

White pine or spruce 1,200# per sq. in. 

To insure proper stiffness for supporting beams, the 

span of any beam should not exceed 12 times its depth. 

Supports marked thus (identifying mark) are to be 

furnished by Owner.! 

* Considerations for the frame around the hatchway at the various 

floors must also be made (Art. 331). Data relative to the pit must also 
be noted in connection with the basement and foundation arrangements. 

t The latter method is not quite as satisfactory, as the loads include 
the proportional parts of the weight of the elevator machine, which theo- 
retically by itself does not need an impact allowance, as it is a static load. 
This method of doubling the loads given for impact gives slightly larger 
•***' values and requires a little more material in the supporting beams. 
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The general contractor is often required to sign 
the elevator drawing thus approving the arrange- 
ment and he must guarantee usually that the 
hatchway sizes will be within 1" of the figures shown. 

330. Penthouses and Machine-rooms. 

The plan size of the penthouse is generally larger 
than that of the hatchway, and is extended on one 
or two sides beyond the elevator shaft opening in 
order to provide access around the machinery. 
The size depends upon the size of the elevator 
machine and the counterweight. Space is thus 
provided for the accommodation of one or more 
controllers, and for installing or repairing the 
apparatus. 

If a solid machine-room floor is to be used, it is 
generally a concrete slab (6" common, — of course 
depending upon the span). It should be designed 
for a live load of 260#/c/, as such a load is often 
realized. Controllers weigh from 1000# to 2000# 
and occupy a relatively small area, and heavy ma- 
chines, if taken off the sheave beams for repair, 
would approach such a load on their bases. The 
structural engineer does not attempt to locate the 
slots for cables, but usually puts a note on the fram- 
ing plan that “ general contractor shall provide slots 
in slab as directed by the elevator contractor.” 
Openings for trap doors, w called for on the elevator 
drawing, should be detailed on the plan, with extra 
rods at the sides of the openings and diagonal, short 
rods at the corners, to act as “ hair pins.” Such 
openings sometimes occur in machine-room floors 
and also at roof planes (Fig. 525). If a grating is 
used below the overhead work as a working floor, 
instead of a slab at the sheave beam level, it should 
be strong enough to support a live load of at least 
75 #/d' (Art. 338). 

The roof of the penthouse is generally made of 
a concrete slab with suitable roof covering. Either 
a single slab or a series of slabs and beams may be 
used, depending upon the spans. If a tackle and 
hoist is to be provided for, a crane (trolley) beam 
(Art. 372) should be introduced. 

When a solid slab is not used at the top of the 
hatchway, a skylight or windows in the sidewalls 
of the enclosure should be employed. There arc 
State codes regulating such features. In general, 
the glass area of such skylights or windows should 
not be less than 50% of the cross-sectional area of 
the shafting nor less than 3 sq. ft. The glass in the 
skylight or windows should be plain glass instead of 
wired glass so that it may be broken in case of fire. 
If wired glass is used, the skylight or sash should 
be pivoted so that it may be opened to provide 

% The sheave beams themselves Are a pArt of the elevAtor contract, as 
well as the guides and their means of attachment. Supports for the 
guides must be provided. 
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100 ventilation. The plain glass of skyrfgths 
fiiould be protected by wire screens x>f about 1" 
and not less than No. 12 gauge wire, placed 
about 6" al>ove the skylight. The vertical panes 
of plain 'glass should be protected by gratings made 
of §"<*> rods about 10" o.c., and fastened into the 
masonry walls. Ay door opening should be provided 
hixne enclosure large enough to move the machines 
in or out. The door should be a fire-door conform- 
ing with the requirements of the Underwriters Lab- 
oratories, Inc. 

331. Hatchways at Floors. 

The enclosures of the hatchways at the various 
floors are of masonry or specially designed grilles 
and are a part of the architectural details. The 
walls may be made of brick, hollow tile, wire lath 
and cement plaster, wind glass set in metal frames, 
or open metal grilles.* The doors are usually of 
pressed steel with baked enamel or of bronze. They 
are made of two-speed type, or center-opening, and 
usually are self-closing. 

SPECIFICATION CLAUSES 
Elevator Entrances 

Quantity Six (6) plate bronze passenger enclosures re- 

quired, serving three ears at the first and second 
floors, each approximately 3'-6" wide X 7'-0" 
high and constructed in accordance with a set 
of two-sj)ced doors sliding behind a wall partition. 
Forty-two (42) typical steel passenger enclosures 
required, each approximately 3'-6" wide X 7'-0" 
high, serving three cars at the third to roof 
floors inclusive, and constructed in accordance 
with a set of two-speed doors .sliding behind a 
wall partition. Fifteen (15) steel service en- 
closures required, service elevator No. 2 at the 
first to fifteenth floors inclusive, each approxi- 
mately 4 , -0" wide X 7'-0" high and constructed 
in accordance with a set of two-speed doors 
sliding lichind a wall partition. Seventeen (17) 
Peelle doors required, each approximately 6'rf" 
wide X 7'-0" high and constructed in accord- 
ance with the following specifications. 

Contract for elevator entrances shall be let 
as a unit to one manufacturer, who will assume 
undivided responsibility for the complete in- 
stallation. 

Scope of The following specifications are intended to 

Work provide for a complete elevator entrance in- 

stallation, including all of the metal parts neces- 
sary, consisting of toe guards, sills, jambs, trim, 
header, hardware, cover plate «for hardware, 
door panels, also the glass, glazing, finish, and 
rubber bumpers; all as described below. 

Materials All of the materials shall lie the best of their 
respective kinds. All steel shall be 4-pass cold- 
rolled furniture stock of generally 12 gauge. 
Workman- The workmanship throughout shall be of the 
■Up very highest grade. All work shall lie done by 

mechanics and craftsmen who are experienced 
in the making of elevator entrances of the best 

* The local building code should be consulted in regard to such work. 
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type. All welds shall extend solidly clear 
through the steel, developing the full strength 
of the members welded, and the excess welding 
metal ground off smooth so that the weld can- 
not be seen. No brazing or soldering will lx> 
permitted. 

Sills Sills shall be thick of cast bronze for the 

bronze enclosures and of cast iron for the steel 
enclosures, with guide grooves for doors machine 
planed in the solid Histing; non-slip, fluted and 
stippled safety trends in doorways. The cast- 
iron sills for the seventeen Peelle doors shall be 
included. 

Sill Supporta Steed brackets or necessary angle supports 
shall be provided to maintain proper relation 
to the floor construction. 

Toe Guards Toe guards shall lie of 12 gauge formed bronze 
for the bronze enclosures and 12 gauge formed 
steel for the steel enclosures, as ]>er detail. 

Jambs and The jamb and header shall be of 12 gauge 

Header formed bronze for the bronze enclosures and 12 
gauge formed steel for the steed enclosures to 
suit the size of partition as indicated on archi- 
tect’s drawing and as per detail, with recesses 
and fHiekets where required. 

Supporting Supporting struts shall be provided to support 

Strata the entrances, trucks, and header independently 

of the surrounding walls. Struts shall extend 
from floor lieum to coiling )>cnm. 

Trim Marble trim shall Ihj supplied for the bronze 

enclosures, same to be furnished and set by 
marble contractor. For the steel passenger 
and service enclosures trim shull Ik* of No. 16 
gauge steel formed to detail with east-iron plinth 
blocks. Trim shall be attached to the jambs 
with concealed fastenings; no l>olts or screw 
heads l>eing visible. 

Hanger Houe- The hanger housing shall bo of steel plate 
entirely enclosing tracks and hangers; hinged 
and latched cover plate on shaft side lo provide 
easy access .o mechanism for oiling, etc. The 
finish of exposed parts shall be the same as 
remainder of entrances. 

Hardware Hangers shall lie of silent ball (tearing type as 
approved by the Architect, to suit typo of door 
layout indicated on drawings. Provide com- 
plete set of large size pure gum rubber bum iters. 
All locks and senii-uutornutic door closing de- 
vices shall be furnished and installed by the 
elevator contractor. This contractor, however, 
shall supply the necessary structural supports 
to receive same. 

Door Panola The door panels for the plate bronze entrances 
shall be made in strict accordance with the 
design indicated, constructed of seamless bronze 
stiles and head 1}" X 11", and 2" X l[" of 
closed rectangles. Doors shall lie made in solid 
welds throughout. Sash for mirrors shall con- 
sist of drawn bronze molding mil red and welded, 
with removable glass stops on shaft side. 

Buse panel shall l>e double-faced, asbestos 
filled, and solidly welded to door frame. Pro- 
vide on liottovYi of door panels rectangular 
guides pivoted to accurately fit machine planed 
grooves in sills. The door panels for the steel 
entrances except entrances having Peelle doors 
shall be made in strict accordance with the 
design indicated, constructed of seamless steel 
stiles and head 2J" X U", and 2" X U" of 
closed rectangles. Doors shall be made in solid 
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welds throughout. Sash shall consist of a steel 
molding mitred and welded. Panel Bhall be 
doubled faced, asbestos filled, and securely 
fastened to door frame. Provide on bottom of 
door panels rectangular guides pivoted to accu- 
rately fit machine planed grooves in sills. 

muon Mirrors for the bronze entrances shall be 

beveled and same shall be backed up with bronze 
plates. 

Flaiah The service enclosures shall have a gun metal 

Berlin black finish consisting of pickling, one coat 
filler baked and rublxjd; one coat size; one coat 
gloss; and one coat Berlin black baked and 
rubtad. All of the typical steel passenger en- 
closures shall have a solid color baked enamel 
finish equal to seven coat work, each coat shall 
be rubl>ed down smooth with powdered pumice. 
Color shall >>e selected by the Architect. The 
bronze entrances shall have a natural brushed 
bronze finish. 

Protection All work shall be carefully boxed and crated 
immediately after finish is dry and material is 
ready for shipment. Frame protection Nhall 
remain on until after plastering is finished and 
building is broom clean, and then shall t>e taken 
down by this contractor and removed from the 
building. 

Broctlon Erection preferably shall be started at the 

top of shaft and worked down. All sills shall 
1)0 firmly bolted and set absolutely level and 
plumb with the edge of the car platform so that 
there will be no variation in the distance be- 
tween the edge of all of the sills and the edge of 
the ear platform. Sill and jamb extension 
angles shall be bolted to the structural frame of 
the building. No bent clip fastenings will lx* 
permitted. The jambs and every part, of the 
front shall lx* set absolutely plumb in all direc- 
tions. The guide grooves in the sills shall he 
thoroughly cleaned of all dirt, and grit and lightly 
coated with pure flake graphite. The hangers 
and locks shall be properly adjusted so that doors 
hang |ierfeetly plumb with the jambs. All 
mechanism shall be carefully cleaned and greased. 
All metal work of enclosures shall be cleaned 
and the entire installation left in first class 
condition. 

Inspection About thirty days after building is opened for 
occupancy all work shall be thoroughly inspected 
and the mechanism oiled and adjusted, and the 
doors plumlx*d at any points found necessary, 
as a part, of this specification, and without extra 
compensation. 

Poolle Doors The contractor shall furnish and erect com- 
plete and in good working order, Peelle doors as 
hereinafter specified in openings in large service 
elevator shaft in the building. 

Total number of doors seventeen (17b Ap- 
proximate sizes O'-O" wide X 7'-0" high. These 
doors shall lx* the Peelle Patented Truckable 
Counterbalance Fireproof Doors, having stand- 
ard galvanize 1 panels set and bolted into rigid 
steel angle frames, to be equipped with the latest 
improved hangers, f" lurnbuckle rods, steel 
chains with large double radial ball bearing 
pulleys and operated in heavy steel anti-friction 
guides. 

Each door shall lx* equipped with the Peelle 
patented trucking sill, which when the door is 


^ open, rests upon solid adjustable stops Riveted 

* tq ,the guide rails. 

These doors shall be manually operated ^ar^ . 
provided with web strap closers within easy reach 
of the elevator operator. Each door 'shall be 
provided with a type B Peelle electric contact, 
contacts to he wired in series *and wires brought 
to the elevator control uboard, but physical 
connection to be made by The elevator comedy. 
There shall also be placed underneath the hanger 
bars at each side of the elevator car, bar latches 
operating from cams placed by the contractor 
on the elevator ear to permit the doors to be 
opened from the loft side only when the car is 
at the landing level. Each door shall have in 
the upper section a 12" X 12" vision panel 
glazed with clcur wire glass. 

All shall )>e completely erected in place and 
left in perfect running order and guaranteed 
for two years against defects. The contractor 
shall guarantee this installation to meet the 
requirements of all Boards having jurisdiction. 

Where there is a bank of two or more elevators, 
the space between adjacent cars is generally left 
open, that is, without a dividing partition. How- 
ever, a beam is provided at the plane of the floor 
frame, running between the hatchways. This is 
usually made an 8 I 18.4 and need not be fireproofed, 
as it will serve more easily as a point of attachment 
for the elevator guides.* Such supports should not 
be farther apart vertically than 12'-0", and in a large 
story height, it may be necessary to introduce an 
intermediate beam for this purpose. The car and 
the counterweight are guided by specially milled 
steel tees (furnished by the elevator contractor), 
which should be securely fastened to the framing of 
the hatchway by iron brackets. The guides should 
be of specially heavy sections with planed surfaces, 
and should have their ends tongued and grooved to 
form matched joints, thereby insuring perfect align- 
ment and smooth running. The shaft structural 
steel should be plumbed to a guaranteed vortical 
alignment of 1" in 20 stories and in more than 
20 stories in order to insure the efficiency of the 
guides and to maintain clearances. Where the 
counterweight is in the same shaft, it should be 
protected bv a screen. 

At the sill of the door to the elevator shaft, and 
at all beams and other fixed construction projecting 
into the shaftway on car opening sides, the beam 
underneath should be built out to form a toe-guard 
(sec PI. 41). This is sometimes done by forming 
a beveled, metal plate of No. 12 gauge, which is 
attached to the beam, as illustrated in Fig. 527 
(also see specification, Art. 326). If the beam in 
question is a concrete beam or a steel beam fire- 
proofed, the toe-guard may be formed in concrete. 
The structural beam at the door opening should be 

* Any beams serving as stiffeners or ties on oolumn center-lines should 
always be fireproofed, however. 
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so located that its flange or fireproofing wui not 
encroach on the clearance called for by the elevator 
^difflwing. A cadt-iron or bronze saddle usually 
forms the threshold, and the top of the beam should 
V 



Fig. 527 


be depressed enough to allow proper bedding of 
such sills. The enclosure openings are usually 
finished with channel or angle frames with mitred 
corners. Special angles may also be necessary for 


hanging the doors. Such angles and channels, 
together with the sills, should be a part of the ele- 
vator door contract (usually a separate contract 
with a door company and not with the elevator 
company). 

332. Dumbwaiters and Lifts. 

In various types of buildings, minor lifts such as 
dumbwaiters, book lifts (Art. 340) and ash lifts, 
are a part of the equipment. If not operated by 
hand, the machinery is usually located in the base- 
ment, and is ordinarily light enough to be carried 
by the basement slab. Similar data from companies 
specializing in such work and who hold the patent 
rights on their own type of equipment may be ob- 
tained as to sizes of cars, hatchways, clearances, and 
loads to be carried by the structural frame. 
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333. Miscellaneous Steel and Iron Work.* 

Viewing the construction of a building as a whole, 
there arc a number of instances in various types 
of structures where structural steel shapes and 
other related materials are used. These are com- 
monly grouped under a heading in the specifications 
as “ Miscellaneous Steel and Iron Work,” and in 
the trade, they are called “ light iron.” Some 
structural companies have an ornamental iron 
department and take on such work as a part of their 
contract. There are also separate companies which 
make a specialty of such details. 

The detail design of the “ light-iron work ” is 
generally not a part of the preparation of the struc- 
tural framing plans, but every structural engineer 
should be familiar with the general features of such 
details, and the way in which they affect the framing. 
The engineer may be called upon to consult with 
the architect in regard to such work, or to check 
shop drawings submitted by a contractor for ap- 
proval. The following is a partial list of possible 
instances of such work : 

(1) Anchors for stone work, terra cotta, brick work, 
block partitions, furring, and the like. 

(2) Angle comer guards, to protect concrete or con- 
crete fireproofed columns from abrasion, such as 
in boiler rooms, shipping rooms, coal rooms, auto 
shops, and the like. These are commonly 3} X 
3i X A. long, tied in with 1" X {" anchors, 
8" long, spaced 18" o.c., staggered. 

(3) Angle frames, for louvres, grilles, hose cabinets, or 
other miscellaneous supports. These are usually 
of 3 X 3 X I angles with mitred joints at the 
corners, anchored into the masonzy. 

(4) Ash hoists urid supports. 

(5) Awning box supports (Art. 334). 

(6) Bulkhead framing in storefronts. 

(7) Cast-iron cleanout doors and angle frames, in 
chimneys and Htacks. 

(8) Cast-iron cleanout boxes and frames, for traps, etc. 

(0) Cast-iron grilles. 

(10) Cast-iron pilasters, in storefronts. 

(11) Cast-iron sills, At elevator entrances, basement 
door entrances, and so on, usually j" thick with A” 
corrugations in surface, and 1}" grout holes at 
ends and middle. 

(12) Coal chutes and angle frames. 

(13) Coal holes, frames and covers. 


(14) Dampers for fireplaces. 

(15) Door bucks, for elevator enclosures and fire door 
openings, usually of steel channels, rolled or pressed 
sections. 

(16) Elevator pans. 

(17) Flagpoles (Art. 336). 

(18) Furring lintels, usually not a part of the regular 
structural lintels, — commonly 2X2X1 (Art. 
293). 

(19) Gratings, for areas, boiler rooms, and so on (Art. 
338). 

(20) Hose cabinets, usually #16 gauge with #12 gauge 
trim. 

(21) Ladders (Art. 311). 

(22) Louvres and angle frames. 

(24) Mantel lintels — fireplaces. 

(25) Marquises (Art. 335). 

(26) Pipe railings. 

(27) Porch rails (Art. 338). 

(28) Rolling or folding shutters, for boiler rooms or 
shipping openings. 

(29) Stacks, steel interior with hoods (Art. 343), either 
self-supporting, or with steel channel supports. 

(30) Stairs (Chap. 26), steel sub-tread and riser, and 
safety treads for concrete stairs. 

(31) Sidewalk vault framing (Art. 337). 

(32) Sky-signs (Art. 346). 

(33) Thimbles, in chimneys. 

(34) Throats, in fireplaces. 

(35) Trap doors and frames. 

(36) Trench covers and frames, usually checkered 
plates (Art. 339). 

(37) Wheel guards. 

(38) Wire grilles, at windows, usually No. 10 gauge wire, 
1J" diamond mesh, set in IJ" channel frames. 

334. Storefront Construction. 

The essentials of storefronts are similar, although 
the materials for the finish may vary. 

Since a store floor is usually only a few inches 
above the sidewalk grade, it first becomes necessary 
to provide light for the basement in the front of the 
store. This is solved by the use of a “ bulkhead ” 
or raised platform in the store window, which pro- 
vides headroom for a basement sash and a show- 
front of convenient height. The entrance to the 
store is usually a pitched slab of concrete, sloping 
from the door to the building line to shed water. 
The shape of such entrances may be variously de- 
signed but the most usual is trapezoidal in plan. 
The desirability of a maximum glass area has 
prompted the invention of various compact sash 


* Specifications, descriptions, and details of miscellaneous steol and iron 
Rrork are given in Volume I. 
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bars. This affects the column arrangement, espe- 
cially in long storefronts, and necessitates stiff and 
watertight rebates for the plate glass. 

A plan and a section through the bulkhead and 
spandrel girder of a typical storefront are shown in 
Fig. 528. A floor girder is usually carried across the 
store at about the line of the door. Upon this rests 
the entrance slab and the vertical inside wall of the 
bulkhead itself. The construction of the bulkhead 
is usually of 2 X 4’s with metal lath and cement 
plaster on the exposed basement faces, as a fire pro- 
tection, or concrete or terra cotta backing for the 
granite or marble finish. The store wall of the bulk- 
head, if plastered, should also have metal lath for a 


base. . The floor of the bulkhead, or show-window 
platform, is also constructed of scantlings of re- 
quired size, boarded over to receive the finish floor, 
and metal-lathed and plastered on the under side. 
This whole construction may, of course, be of con- 
crete or tile and steel, and is advised when funds 
allow. As store fires usually originate in basements, 
a concrete bulkhead with hollow metal or metal 
covered basement sash is frequently an efficient 
check to their upward spread (Fig. 528). 

In Chap. 21, Book 1, are given some of the more 
usual plans of entrance arrangement. These are 
devised to provide as much show space as possible, 

♦ 0M9 Conn Drawn Metals Co. 


the ismnd type being often used to accentuate^ 
feature. In the prevailing second-class store the, 
entrance is framed in wood and the concrete bapefoH 
the mosaic tile is cast upon this construction, as 
would be done with the ordinary bathroom t ; Ie floor. 
The better type of entrance is cast VifcH reinforced 
slab bases for the tile which incidentally furaisl^Jk 
bearing for the cheek walls of the entrance, Iwl 
door may be the ordinary hinged single or double 
door or it may be a revolving door, such as the Van 
Kannel. 

The details of the various sash bars, rails, mul- 
lions, transom bars, and the like, are given in Chap. 
21, Book 1. It must be remembered that these may 
be varied in many cases to suit other 
special needs, but they serve as a basis 
for such variation when desirable. 

Spandrel girders arc necessary over 
the storefront construction. These 
carry the walls above, so that a clear 
opening between the columns may be 
obtained below, in which the windows 
are placed. The weight of the latter 
construction is all carried at the side- 
walk and bulkhead level. 

It is usually necessary to provide a 
member between the columns to support 
the awning box, if an awning is used. 
Figure 529 shows one type of detail, 
which is an enlargement of a section 
similar to that shown in Fig. 528. In 
Fig. 529, the supporting member is hung 
from the spandrel girder. In other cases, 
the awning box may be somewhat lower, 
or it may be advisable and possible to 
erect its support after the main frame 
is considerably advanced, so that it 
could not be hung conveniently from 
the spandrel girder. In such instances, 
a steel supporting member (usually a 
channel) may be framed between the 
columns, independent of the spandrel 
girder, especially when concealed awn- 
ing boxes arc used. Such members should be made of 
ample size to carry the weight of the awning brackets, 
roll, and hood, the awning, and an assumed snow 
load in case the awning is down. The incident 
tendency to overturn the supporting member and 
an impact caused by sudden release of the awning 
should also be provided for. For usual cases, the 
member will be sufficiently strong if it is designed 
for a vertical load of 300# per linear foot. 

335. Marquises. 

In connection with hotel entrances, theatre 
lobbies, storefront construction, and so on, a mar- 
quise is often used. This consists of a framed 


Drainage & 
Ventilation 
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caiypy, either glazed’ 1 ' or opaque, which projects 
over the sidewalk and gives shelter at the entrance 
h&uthe building. Figure 530 illustrates one type 
in wmch lookout beams cantilever from the budd- 
ies frame and form a support for the marquise. 
Figure KMWhiws the other type, in which the out- 
fide portion of jthe marquise is supported by in- 
i ?ned rods or chains tied to a spandrel beam or to 
a column above, or by anchorage through the wall. 
The inside support of the marquise roof in the sus- 
^pewded type is a channel or angle anchored to the 
wall. The main structural support, however, is 
obtained by framing into a spandrel beam which 


gineer should be familiar with the general details of 
the work* as he may be called upon to cooperate 
with an architect in planning a marquise or to check 
shop drawings submitted for approval. 

The construction of a marquise usually consists 
of a frame of structural steel channels around the 
edges, and if the projection from the face of the 
building is too great, an intermediate channel is 
framed between the two side channels. Structural 
steel tees (commonly 2J" X 2}" or 3" X 3", de- 
pending upon the span) are framed between the 
channels, parallel to the edges of the marquise and 
usually 16" o.c. All joints should be rigidly bolted 



is a part of the structural frame, or in some? cases by 
framing directly into wall columns. The suspended 
type is more commonly used, as the main frame of 
the building is in reality a separate structure and 
where marquise work is made a later contract in- 
dependent of the general contract for the structure, 
this type lends itself admirably. 

The construction of a marquise is generally done 
by an ornamental iron company making a specialty 
of such work. In some instances, the structural 
steel framework is erected along with that of the 
building proper, and the marquise frame tempo- 
rarily shored up. In any case, the structural en- 

* (basing is now generally considered less satisfactory, and the tendency 
in better types of marquises is to use 3" cinder concrete slabs between the 
tees covered by a roofing material, with a paneled soffit of oolored cement 
plaster and brotise lighting fixtures. 


and the corner connections of the channels should 
be made with gusset plates to give added rigidity. 
The flanges of the tees may be covered with copper, 
either plain or paneled, as shown in Fig. 532. Be- 
tween the tees, J" rough-surface, wired, plate glass is 
I>cdded in putty specially prepared for the purpose, 
as shown.* When* the edges of the glass occur, small 
metal strips arc* inserted to make a tight joint. These 
are also puttied. The projecting stems of the tees 
are covered with 16 oz. copper capping, as shown in 
Fig. 532, held in place by bolts through the tees. 
The outside channels (or for short spans, angles may 
be used) are covered by a bronze or cast-iron facia, 
moulded, paneled, or with glazed serrations according 
to the detail desired. The whole marquise is in- 
clined toward the building with a pitch of about 
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per foot. In the rear, at the building line, a gutter buckles for adjustment are better, as less vibratif^i is 
is placed with goosenecks leading to conductors in* probable. The rods may be twisted or ornamented 
side the building. A §" mesh copper screen is some* as desired for*efifect, but a minimum section 




Fi«. ra 2 


times placed above the tees to protect the glass from 
falling objects. The ties in the suspended type 
may be either chains or rods. Rods with turn- 


should be maintained for practical reasons. Rings 
with strap attachments may be connected to the 
channels at the bottom and to the anchorage at the 
top, and the rods installed later, if preferred. 

Illustrative Prob. 335a. Chock the typical sizes of mem- 
bers shown in Fig. 531. 

L.L. - 40 Use T's 18" o.c. 

Glass and Ld./ft. on T * 50 X 1.5 — 75# 

Supports * 10 Span of T's «= l)'-7 f" » g.63' 

T.L. « *)#/□' 

* Courtesy of F. A. Norcroas, Architect, Boston, Maas. 
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> - 1.5 w-L* 

\ / ' 10,460 

9 «W»\l 6 ,O 06 

I 


■) 


- 0.66"* 


£>- 


1.5 X 75 X (9.63)* - 10,460"# 

Ua#2J X 3 X AT’a 

(£-0.72"*) 

2\" flange, 3" stem 
(75 X9.63) Xf9.63)*X(12)» 

384 E l 384 X 30,000,000 X 1.5 
l 9.63 X 12 


■ 0.32" actual 


0.33" allowable 


360 360 

ami Hear Channels 
Ld./ft. = 50 4^ - 241# 

Channel - 34 
Facia * 20 
T.L. = 295#/ft. 

M - 1.5 w • L* - 1.5 X 295 X (31.4)* 
/ _ 437,000 
C “ 16,000 


27.4"* 


L 

L 


2 d * 2 X 15 
31.4' actual 


30' allowable 


Deflection O.K. 
Span - 31'-5"=fc 


» 437,000"# 

Use 15 C 33.9 

C - 41 7 ■•) 


End reaction 


295 X 31.4 


Deflection O.K. 
(15" C not fully stressed) 


4630# 


Side channel, from roof 


95 X 9.63 


460#. Total 


50 X & 

- 37 

Channel 

- 34 

Angle 

— 4 

Facia 

* 20 

T.L. 

= 95#/ft. 

= 460 -f 

4630 = fi 


5090#. 


Length of chains — c.c. of attachments 
W.42)* = 89 V 184 = 13.6' 

(9.75)* - J15 
184 

Tension in chain — T 

13.6 V 


9.75 5090 


or T « 7100# 


Allowable tensile stress for wrought-iron — 12,000#/a". 

Area required - *• 0.59a" 

12,000 »- 

Use links of }"$ stock 
(2 X 0.44 = O.SSn") 
Use Std. turn buckles 

Connection plate. Assume 4" width and J" rivets. 

7100 

4" — I" — 3i" net width. Aren required « — = 0.45a". 

16,000 

Thickness required =* ~~ = 0.145". 


336. Flagpoles. 41 

The defeign of flagpoles in present practice has 
become the province of special manufacturers, but 
in special cases, when large poles are planned for 
buildings, the structural engineer should understand 
the important features and be able to check them up 
if necessary, and to make suitable arrangements in 
the framing for supports and braces. 

Wood poles are no longer commonly used, as spar 
lengths of timber are scarce in most localities, and 
transportation by rail from points where such 
material is available is costly. If floated by rafts, 




Use 4 X } Pis. for practical reasons. 

Conservative areas of metal should be provided on account 
of the positive chances for rusting. 

Use 3-J "0 rivets. 

Prob. 335b. Determine the sizes required for a marquise 
similar to the arrangement shown in Fig. 531 if the projection 
is to be 8'-0" and it is to lie 20'-0" long (parallel to the build- 
ing). Usi3 T’s 16" o.c. supjiorting a 2" concrete slab and a tar 
and gravel roofing, with plaster and metal lath applied under 
the tieB. Use single twisted square rod suspenders (allow for 
area at root of threads to tumbuckles). L.L. = 40#/u'. 


the wood becomes water-soaked and requires careful 
seasoning afterwards, or checks will result, which may 
lead to leaks around roof poles, or to rotting at the 
bases of ground poles. A wood pole splinters badly 
if struck by lightning and thus becomes a source of 
public danger. Poles of structural steel (such as 
latticed angles) are expensive, present a poor appear- 

* Some of the notes in thin article find all of the futures art* based (with 
permission) upon data given in a pamphlet issued by the Pole and Tube 
Works, Inc., Newark, N. J. 
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ance, and are inacceirible for field paint renewals 
near the top. The ideal would be a continuous steel 
tube of conical shape. This cannot be obtained by 
ordinary manufacture. It is generally agreed that 
the best approach to the ideal is a series of steel 
tubular pipe sections of varying diameters, well 
joined together, as illustrated in Fig. 533. 

The actual lengths of the sections have little effect 
upon the strength, although the butt section should 
not be too short. The important feature is to have 
sufficient section at each point to resist the stresses 
safely. Figure 533* illustrates typical shop and 
field joints. The following* describes their fabri- 
cation: 

Shop Joints. The larger pipe is cut to length and 
chamfered to a 30° angle with a Bharp edge. It is then 
heated and pushed through a bell die, thus “ swaging ” 
(reducing) its diameter to equal the outside diameter of 
the next lowor section. While it is hot, it is pushed with 
a 25 ton pressure 18" over the next section and allowed 
to shrink on. The chamfer is then caulked tight. 

Field Joints. The larger pipe is cut and chamfered 
in the same manner as for the shop joint and swaged over 
a cast-iron mandrel 24" long. Reheating the pipe 
loosens it from the mandrel. The pipe when hot then 
has a conical rest collar pressed into position. The 
lower section is then match finished to the collar. During 
erection, the joint is caulked. 

Undesirable Joints and Their 
Disadvantages. Figure 534 shows 
other methods of making joints. 

In (a), the threads reduce the 
bending resistance about 40%, so 
that excessively thick pi|>c would 
be required. In (6), the coupling 
must Iks quite heavy to equal the 
strength of the pipe. The result is 
clumsy, expensive, and difficult to 
assemble. The joint in (c) has merit, 
but is expensive, the same as in 
(d), — the latter giving an odd 
appearance to the pole. In (e), the 
shrinkage must lie made in a vertical 
position, or else considerable pres- 



stjLd- 


height of the pole. Flag sizes are quite well 
ardized by feet as follows: A 

2X3, 21'X4, 3X5, 4X6, 4X7, 5X8, f XVf; 

6 X 9, 6 X 10, 6 X 12, 8 X 12, 9 X45, 10 X/i, 10 X 
19, 12 X 18, 12 X 20, 15 X 25, 20 X 30, and,# X 3& 

The wind pressure must be calculated. Vr dm 
tests, t the horizontal pull of a dag is empiric 
established as: 


r « 0.0003 p 2 , in which ^ 

v = the velocity of the wind in miles per hiASf; 
and 

r = the pull per □' of flag surface. 

For a maximum wind velocity of 100 miles per hour, 
wliich is an average of the extreme amounts recorded 
(Art. 160), r = 3#/a'.§ Having the area of the flag 
and the unit pull, the force may be calculated, and 
assumed as applied at the center of the vertical 
height of the flag. 

The wind pressure upon the pole itself must be 
qualified in certain ways.f Referring to a common 
formula for the wind pressure on a flat surface per- 
pendicular to the direction of the wind, which is 

p = 0.004 v 2 , in which 

p = the pressure in #/□', and 

v = the velocity of the wind in miles per hour, 



sure for the lead must be used. 

Strains tend to compress the lead and water may be 
gradually admitted, with incipient rusting. In (/), the 
strength of the pins is weak compared with the pipe. 
Any movement of the pins induces the paint film to 
crack and rusting follows. The top lead caulking may 
also l>e inefficient. 

The design of a pole involves several factors. 
First, the height of the pole should be proportional 
to the height of the building, if a good appearance is 
to be had. f The size; of the flag should be propor- 
tional to the height of the pole, and some authorities 
make the horizontal width of the flag equal to J the 

* Based upon recommendations of the Pole and Tube WorkB, Inc., 
Newark. N. J. This type of joint is claimed to be as strong as the parts 
joined, and “ drop " tests, pulling or pushing tests, atid bending tests have 
been made to verify the results. 

t This will depend upon the proportion of the building but a ratio of 
pole to building, height is often made 3 to 7. 


the pressure for a 100-mile velocity is 
p = 0.004(100) 2 = 40#/ 

On a cylinder, the wind slides off of the surface, and 
the unit pressure is only about \ that on a flat sur- 
face.|| Referring to the above, a conservative unit 
pressure of 25#/ □' on the vertical projection of the 
pole is recommended. The diameter of the pole 
will vary, and on the basis of an average diameter 

t Tests in 1016 by Bureau of Yards and Docks, U. S Navy. 

$ Also recommended by Mr. R. Fleming. 

K Precautions should be taken to avoid having the flag wrap around the 
pole or foul the halyards, as the flog becomes torn. Patented hulyard 
tope which adjust themselves to the wind are helpful. 

|| Theoretically, the coefficient of v* in a formula for wind pressure should 
be constant for geometrically similar bodies, presented in the same manner 
to the wind, regardless of sice, but the coefficients do not remain constant 
according to tests. Above 3" diameters, the variation is less and according 
to tests described in Scientific Paper #304, U. 8. Bureau of Standards, 
Washington, D.C., by H. L. Dryden, the coefficient is about 0.43. 
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of for all lengths, a pressure of 15#/ft. of height 
i is recommended. Any pole should beystrong enough 
a&bgpsist not onjy the commonly occurring but also 
thh exceptionally" Violent local storms. The bending 
momei^at any point in the height may then be 
cplcu}ateu J '£?r-&'*cantilever with a uniform load over 
its length and a concentrated load at the free end. 
T'dl resisting moment is 


-.5 

D 

d 


«•/ a • v(D* — d 4 ) . ... 

“ 640 * m whlch 

the outside diameter in ins., and 
the inside diameter in ins. 


Table 84 gives properties for hollow pipe which are 
useful in this work. The difference between the 


TABLE 84 

DATA FOR STEEL TUBULAR PIPE 


Nominal Niso 
(Ins.) 

Thickness 

(Ins.) 

Weight per Foot 
(!) 

I 

(I OH. 4 ) 

21 


5.8 

1.53 

3 


7.6 

3.02 

4 

.237 


7.23 

5 

.258 


15.16 

6 

.280 


28.14 

7 

.301 

23.5 

46.51 

8 

.322 

28.6 


9 

.342 

33.9 


10 

.365 



11 

.375 

45.6 i 


12 

.375 


279.3 

13 

.375 

54.6 

372.8 


Extra Strong 


24 

0.276 

7.7 

1.92 

3 

.300 

10.3 


4 

.337 

15.0 

9.61 

5 

.375 

20.8 

20.67 

6 

.432 

28.6 

40.49 

7 

.500 

38.0 

71.37 

8 

.500 

43.4 

105.7 

9 

.500 

48.7 

149.6 

10 

.500 

54.7 

211.9 

11 

.500 

60.1 

280.1 

12 

.500 

65.4 

361 .5 

13 

.500 

72.1 

483.8 


good appearance will result. Table 85* may serve 
as a guide to diameters, and to jointing. Lengths 
of 20'-0" for the pipe are readily available, and 
shipping lengths of 40'-0" are common, but it is 
usually more economical to make the joints closer 
than this and to connect every other joint in the 
field. 

TABLE 85 


GENERAL PROPORTIONS FOR POLES 


Height 

(Ft.) 

Diameter 

(Ins.) 

Setting Length 
(For Ground PoIcm) 
(Ft.) 

20 

4 

3 

25 

44 

34 

30 

5 

34 

40 

54 

4 

50 

64 

5 

60 

71 

6 

70 

8} 

7 

80 

11 

8 

90 

12 

9 


13 

10 


The pole must be properly seated and connected 
with the structural frame. The member supporting 
it should be designed to carry the weight (refer to 



ZK/orJMAwea IIUMtfZ 2 U/orJ/V drvcts 

7c /won Ancccj 

FurmsMmM flash Co/brj /f drvces pene/nate Hb/cnmo/tna 
of Booffc) (6) (c) 


<2HZ 


_ ^ Xkhc/ynrj forkmponn'y use /// fnec/m 


Te/c scope Srace / 2"<Bf/j["ft.I P/pc /hr /b/cs To Jo'-O^A/eA 

•' ” " 70-0 * 

S GJK CD) 

Jard frvee: 2 0 M/, P/pc w/A ryft/ Of fcf/ /t/Au/cr- 
j/cc/ 7‘vr/?AucA/e 
(*) 


Tewon * Pois/rf S/ee/ ftzpfaycj 

J/cc/ 7vrrr6^J^t 

Fin. 535 


outside diameter of the inserted pipe and the inside 
diameter of the larger pipe should be kept a reason- 
able amount in order to avoid heavy swaging. The 
same strength may be obtained by the use of thinner 
pipe of a larger diameter, although minimum thick- 
nesses should be fixed on account of probable cor- 
rosion. The diameters should be so selected that a 


Tabic 84 for unit weights). In addition, good 
anchorage should be provided for the braces. Figure 
535 (a), (b), and (c) shows typical arrangements of 

* The pipe should be proportioned to have its weakest (yet safe) point 
at about the middle of the pole length. Thus, when a pole is accidentally 
overloaded, it will bend near the middle rather than falling the full length. 
The base section should be excessively stroog. The strength of the pole as 
a column is generally very ample. 
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braces! while (d), (e), and (f) illustrate different types 
of braces. Figure 53 5 (a), (b), and (c) shQws details 
for an installation where the pole socket is cast into 
the slab. For a socket placed later, (d) shows the 
detail. Figure 536 (e) and (/) shows connections 
for wood-framed roofs, and (g) an adaptation to 
steel roof beams. Some engineers prefer to have 
the pole carried down through the roof, as illustrated 
in Fig. 537, and omit the braces. This may be done 


lAill on flag * 3#/a' X 47.5 - 142.5, say 150#. 
Load per ft^ wind pressure ** 15#. 

For wind pressure, 

L* 15 X (50)* 


M 

For flag pull, 

M -P L 


iPfT 



Orr*fL OrSr'o Poie Soccer 
IY/r/f flAMoee fxroaro 

(4 


18, 750'#. 


150 X 47.5 « 7£25 


810,500 
' 16,000 


Total U - 25,876'# 310,500"# 

19.9"*. Requires 6" 4 section. 

liefer to Table 85 for diameters at 
other points of height. 

Horizontal reaction at base «* 150 + 15(50) «■ 900#. 
Use type of bracing in Fig. 535 (c) and (e). 


Force in brace 


^ + 0.707 


640#. 


Approximate weight of pole: 

Top-20' - 20' ® 4"0 - 20 X 10.6#/ft. - 212 
20-25' — 5'® 4* * 5X11.5 * 58 

25-30' - 5' ® 5 * 5 X 12.8 = 64 

30-40' - 10' ®5J - 10 X 19.0 - 190 

40-50' *■ 10' ® 6 = 10 X 23.6 - 235 

759, say 800#. 

Design supporting beam for a vertical load of 800# 
and anchoring beam for two inclined forces of 640# 
each. 

Ground poles require proper footings. Table 
85 gives minimum lengths of embedment, which 
should approximate 10% of the pole height 
above the ground. The depth of the footing 



Fig. 536 


Fig. 537 


if the pole does not interfere with the space. If 
a suspended plastered ceiling exists under an attic 
space, it is better to support the pole on a roof beam 
to avoid plaster cracks. 

Illustrative Prob. 836a. Design a steel tubular pole for 
a 50'-0" length. 

Width of flag « ^ X 50 * S.O'. Assume 5' X 9}' flag. 

Area *5X9.5* 47.5D'. 


should be influenced by soil conditions and frost lines. 
Figure 538 gives recommendations for a typical case. 
Stock pattern, or specially designed, pedestals of 
bronze, gray or galvanized iron may also be used. 
The ring moulding at the top of the base should bo 
cast separately so that the pedestal may be filled 
with grout to prevent rusting of the pole inside. 
Without pedestals, ground protectors (dog guards) 
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... be used. These consist of a larger and 

^bicker piece of pipe 2'-0" long, slid ever the butt 
" pole s^ii swaged on to extend 16" above 

the gix\md surface. Window poles are sometimes 


' ftr* 

noaffl^ | 

A? to 



3*/ do* o»S Bncc. 

Pour Corcru/o 

. . Orw*i out Bo* urttr# Poors. 
0) Mr 3 Soy*. famrPo/o-p/oml 

ft// Sport mM j woj. 
it) Apply A/moA coo/ 


Fig. 538 


used, as shown in Fig. 539. These may be equipped 
with stock fittings, and should be well anchored to 
the wall, unless insignificant in weight. 

Prob. 336b. Design a roof pole to be 60'-0" high, and 
make typical sketches if it is to be installed on a concrete 
framed roof. 



Fig. 539 


337. Sidewalk Vault Lights and Floor Lights. 

SPECIFICATION CLAUSES* 

Vaults Under Where a vault is built under the sidewalk a 
Sidewalks wall shall be constructed to retain the adjacent 
banks. 

* Building Code of the National Board of Fire Underwriters, New 
York City. 


The roofs of all vaults shall lie of approved 
incombustible material. Glass, when UBed in 
the roofs of the vaults, shall measure not more 
than 16 square inches in one light. 

All vaults shall be thoroughly ventilated. 

For sidewalks between the curb and building 
lines, live loads Bhall lie taken at 300 pounds 
per square foot or a concentrated load of 5 tons 
at any point. 

Floor lights shall luive metal or reinforced 
concrete frames, and shall be of the same strength 
as the floors in which they are placed. The 
glass in floor lights shall tie not less than J inch 
in thickness, and if any glass measures more than 
16 square inches, there shall tie a wire mesh, 
either in the glass or under it. 

City buildings are often required to be set back 
from the curb lines and large areas of basement 
floor may be made more useful by introducing 
prismatic glass in the sidewalk to refract daylight 
and thus partially eliminate the use of artificial light. 
Figure 540 gives typical details. In general, the 
panels consist of a body of concrete reinforced with 
steel bars set between rows of glass and around the 
outer edges. The glass in the 3-way system is of 
4" square tiles with a scries of prisms on their 
faces. The glass in other types is usually of 3}" 
square plain or multiprism lens, 3 ]"0 plain lens, 2\" 
square plain or multiprism lens, or 4" square target 
lens. 

In planning the lights, the rectangular areas which 
are to be used for lighting should be indicated on the 
ground floor plan and the framing to support the 
panels clearly shown. Steel or concrete beams are 
commonly used for this purpose, one parallel to the 
building at the wall with cross beams at the butting 
edges of the panels, as shown in Fig. 540. The cross 
beams and the outside edge of the sidewalk lights are 
supported by the retaining wall terminating the 
basement. The layout is often worked out in con- 
junction with the advice of the company that is to 
furnish the type of vault light specified. The area 
provided with lights should not be less than 20% of 
the sidewalk area affected. 

The local building code should always be con- 
sulted relative to the live load requirements in the 
design of the framing of this work. Code require- 
ments usually make it necessary to investigate the 
sidewalk slab or its incident frame for both a uniform 
load of from 250# to 300# per square foot and a concen- 
trated load of 8000# or more, considered separately. 
From these calculations the member is designed for 
the controlling condition of both moment and shear. 
The dead load of sidewalk light construction aver- 
ages 30#/n', exclusive of an allowance for the weight 
of the supporting members. The design of the 
beams is straightforward enough, if their location 
in plan and elevation is definitely known to conform 
with the details. 


Sidewalk 


Floor 
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Cast-iron sidewalk lights are also occasionally used which 
are constructed of cast-ifOn panels glazed with various sizes 
of glass set in concrete, of in panels with projecti&g iron knobs 
and glass set with elastic cement. These may be furnished 
with panels only or with panels and cast-iron outer frame- 
work.* 

In certain installations, sidewalk doors are used in con- 
nection with tjiis work. These are manufactured in flush 
or raised types, with either checkered steel or plain steel 
surfaces. They may also be made with various sizes of glass 
set in cast-iron construction. These doors are fitted with 
brass hinges, flush lift-rings, devices to hold them in place 
while open, and a slide-bolt lock underneath. Flush door 
frames are cast with a gutter to cany off water which may 


the building line. If gratings be ueedgthqy 
shgll have a wire screen of not more than i-inok 


mesh securely attached to the under side, 
2. No open areaways, filings, steps/ 


portion of a building or structure sfa 
beyond the building line at any pojp 
10 feet above the curb level? * ** 00 ^ 


for may 
f project 
less than 


Gratings are used for covering areaways, *for 
balconies, grids and pit floors in boiler rooms, and so 
on. These are generally made up of small steel bars, 
usually 1" deep and of the required thickaaflSj 
extending in the transverse direction, through which 



Stcr/ON 3-3 


Fici. 540. Sidewalk Vault Lights § 


seep through the joints of the doors. Some installations 
include automatic self-opening and self-closing doors with a 
spring guard gate and a telescopic hoist operated by a motor, t 
In all cases, (teams are usually framed around the door open- 
ings to provide the necessary supports. 

Prismatic lights may also be used in connection with in- 
terior floor construction in special cases, if desired. This is 
quite common in the main floors of libraries and in other public 
buildings. 


338. Gratings. 


Areaways, 
Projections 
Beyond the 
Building Line 


SPECIFICATION CLAUSES! 

1. Areaways or openings covered with iron 
gratings or with iron doors not more than 3 feet 
in width, with rough surface set flush with side- 
walk, may project not more than 4 feet beyond 


* Richards and Kelley Mfg. Co., Chicago, 111. 
t Cillis anti tieoghegan Hoists. 

t The Building Code of the National Board of Fire Underwriters, New 
York City. 


l"<t> rods run at a spacing of about The bars 

are kept the proper distance apart, commonly 
1^" c.c., by cast-iron spool or pipe separators, as 
shown in Fig. 541. Other patented types If have 
small cross-bars instead of the separators, which are 
fastened by lock joints made by pressure. The 
gratings are supported by curb angles, as shown in 
the figure. Table 86 is useful in determining safe 
loads. 

339. Checkered Plates. 

Checkered plates, such as illustrated in Fig. 542, 
are sometimes used for treads and landings of service 
stairs, covers for pipe trenches and pits, floors of 

{ Courtesy American 3-Way System. 

1 There ore several types, such as Mitco, Tri-Lok, Retiouline, Irving 
Subway, eto. 
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Bearing bars Cross bars Span in feet 

Weight 



•* Mitco " Ahmororids (tor Armoring CoNrRKTK Platforms and Floorh) 


1 1 x A 2j i X i 2| 5.5 416 266 186 136 104 



* Baaed upon a similar table prepared by the Hendrick Mfg. Co., Carbondale, Pa. ” Miteo M gratings are a patented type and are made of bom 
in both directions connected together. The grating shown in Fig. 541 is not a “ Mitco,” but is simply a f<»rge shop type. 
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balconies in boiler rooms, and so on. In planning 
such details, the engineer is often interested in pro- 
viding sufficient thickness for a given span and load, 
or a certain spacing of supports for a given thickness. 



Fkj. 542 


Tabic 87 gives the common sizes and the net safe 
loads for various spans, when the plates are sup- 
ported on two sides only. Widths up to 12" are 
available in lO'-O" maximum lengths and larger 
widths are available in 20'-0" maximum lengths. 
The load values may be checked by the usual pro- 
cedure. 


TABLE 87 

SATE LOADS FOR CHECKERED PLATES #/□' 
■ - 16,000 #/□" supported on 1 sides only 


s r 

Feet 

Thicknew (”) 

1 

ft 

1 

A 

1 

ft 

h 

1 

21 4 

18.0 

10 3 

13 8 

11.2 

0 13 

8 7 

- — tfUH.) 3 
r 

0 A0 

0 38 

0 28 

0 10 

0.07 

1 

Minimum widths 12" 
Maximum widths 60" 
(except for A" PI. 
which is 48".) 

5310 

4000 

20X5 

735 

2065 

1320 

740 

2 

1310 

1000 

505 

320 

ISO 

3 

4 

570 

435 

315 

215 

140 

75 

310 

235 

175 

115 

70 

40 

5 

190 

140 

105 

65 

40 


6 

130 

90 

65 

45 

45 



7 

90 

60 





Illustrative Prob. 330a. 

J" plate on a 5'-0" span. 

Test a strip 12" wide. - 
M — 1.5 w • & 

c 


( 'heck the safe load per □' for a 
b fP 12 X (0.37)* 


0 6 
1.5 w( 5)* - 16,000 X 0.28. 


0.28"* 


w = mt/u' total. 

Weight of plate = 

105 # /□' * net safe load. 


When plates are supported on four sides, the design 
should theoretically be made by the method of flat 
plates,* but this is rather involved for practical 

* See Filler and Johnson*B "Applied Mechanics ” — John Wiley and 
Sona, Inc., Publishers. 


work, and the formula which is used in two-wav dab 
design may used, namely, * ^ 

/8w! 7) 


l 


— 0.5, in which 




the ratio of the load ca rried iadme trans- 
verse direction, s 


l = the span in the longitudinal direction, ‘and 
b = the span in the transverse direction. 


340. Library Stacks. 



In libraries, universities, court houses, and so on, 
provision must be made for the storage of many 
books. In modem buildings, this is done by the 
use of standard steel bookstacks, as shown in 
Fig. 543. These consist of sheet-steel shelves sup- 
ported by winged brackets, which are carried by 
2 "e central uprights of steel tubing. For heights 
exceeding 3 tiers, the latter are reinforced with 
heavy H sections inside of the tubing. The shelf 
spaces are made 8", 10", or 12" deep, 8" being 
common. Double-faced shelf spaces are 16" wide 
(for 8" shelves) and wall-shelf spaces are 10" deep. 
The uprights are spaced 3'-0" o.c., and a tier is 7'-6" 
high overall, or 7'-0" floor to floor, as a common 
standard. One such grouping of shelves is called 
a section, and a number of sections in a row (usually 
4) is called a range. The ranges are spaced 4'-6" o.c. 
in a lateral direction, although 4'-0" o.c. may be 
used when the stacks are only accessible by the 
library staff. This gives about a 3-1" clear range 
aisle (Fig. 544). The main stack aisle should pref- 
erably be 3'-6" wide and not less than 3'-0" wide 
if book trucks are to be used. The end aisles should 
not be less than 2'-6" wide, and 3'-0" is better if 
available. When wall ranges are used, the distance 
from the face; of the wall to the center of the first 
interior range may be established with the above 
data. 

With the surrounding walls of the room or rooms 
located, and the available height fixed, the architect 
makes a stack room layout, similar to Fig. 545. 
The available space, fixtures, and conveniences arc 
studied to make them correspond with the number 
of books which arc to be housed, viewing present 
and future needs. The number of volumes which 
may be accommodated may be approximated from 
the following tabulation: 


Type of Book 

Volume* per 

Ft. ol Shelf 

Volumes por 3 Ft. 
Section 
(double-faced) 

Fiction 

9 

378 

General Literature 

8 

336 

Reference Books . . . 

7 

294 

Law Books 

5 

210 



inmm 
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In the usual case! stack rooms are 
contain more than oge tier in height. 


shvi C 



Z f °(//>ry/rt 
Fig. 546* 


mediate floors (7 apart) are carried 
construction, as illustrated in Fig. 546. 
mediate floors arc generally of J" glass, 
sand blasted to prevent slippage, al- 
though 1 1 " marble is occasionally used. 
Structural steel floor and curb angles 
support the floor and transfer the loads 
to the stack uprights. 

The features of principal interest to 
the structural engineer in stack room 
work are the amounts and distribution 
of the loads at the lower floor, — the 
stacks above, with any intermediate 
floors, being self-supporting. For the 
floor construction, the following rep- 
resents the usual allowance per square 

foot: L.L. - 50 

J" glass (based on net areas) — 10 
Floor framing (based on gross 

areas) - J> 

T.L. « 05#/a' 
or 

L.L. = 50 

1}" marble (based on net areas) = 17 
Floor framing (based on gross 
areas) - _6_ 

T.L. * 73#/d' 

The weight of books averages 22§#/c.f. 
and for the shelves supporting them, 
7j-#/c.f., or the total is 30#/c.f. A 3'-0" 
section with double 8" shelves occupies 
30 c.f., or the total weight is 900#. 
Table 88 gives estimated loads for 12 
tiers of 8" double stack, standard 
bracket type construction. The loads 
for other types will not vary enough to 


planned to warrant any changes. The total load signifies the 
The inter- value at the fease of each upright on the basis of } 

floor glass and a reduction of livyUoftd 
of* 5% for eacte’tfbor' 'from t/e top 
down. The usual number of-*tiers in 
small libraries is 3. Th* relativ^loca- 
tion of the end, inner, and wall uprights 
is shown in Fig. 544.' 

In a steel-framed floor which carries 
the loads, the beams are usually ar-^ 
ranged 4'-6" o.c., to run paralleMo 
the stacks and to carry the concentra- 
tions from the uprights. These may 
_ be framed into cross girders which 
conform to the general framing. In 
certain cases, such as in stone concrete 
Blab or joist construction, the loads, if 
not too heavy, may be transferred by 
the structural floor to teams spaced in 
conformance with the typical framing 
of the building. The loads from the 
end and side aisles of each intermediate 
by the stack floor arc usually carried by a wall bar, expansion 
The inter- bolted to the wall. In designing structural wall 

TABLE 88 

LOADS FOR LIBRARY STACKS* 
l' glass floors, L.L. reduced 8% for each floor from the top down 


END UPSlCHT 

A 


INNER UPRIGHT 

B 


TlOOR 

LOAD 


6 SAUL 

leeptL. 

OI 0 


stp tier ■ 


5f S.L.L. 


4te TIER ■ 


S6IL.L. 


5* TIER - 


5 35 L.U 

m 0L 


90SL L. 

m OLj 


AO 3 L.L 
LAflOL 

7ta TIER « 


ASSLL 

m DL 


a Sol l. 
lao O.L. 


4 I 4 L.L. 

k«r- ! 


MU TIER • 


399 L.L. 


STILL 

W OL, 


o;J« total 
-SS 


floor 

LOAD 


462 L L 
l 4QD L 
•02 


4J9L.L 

r?,° L 


41 7 L L 

S? OL 


396LL 

m 0L 


37 S L L. 

4fS 0L 


357LL. 


399 L.L. | 


eeei ua 


-iO»l7LI» 


• 11049 L9» 


32 2 L.L 

at OL 


906L.L. 

I4Q DL 

440 


091 LL 


076 L.L 
iiftDL. 
416 




TOTAL 

LOAD 


WALL UPRIGHT 

C 

O 


? k OOR 

LOAD 


031 LL 
-£ 0L 


21 9LL 
069 1 


- 36B 1 LU 


0O6L L. 


I 96l L. 
7 O P L. 

2«6 


'SOL.L.j 

„JEfiD.L. 

090 


I79L.L. 


70l L 
TO OL 
040 


- 10966 L»J 


I60L.L 
70 0 L 
030 


If «L L 
7 O P L 

004 


I4«L L 
TOO L 
01 6 


1 39 L .L 

tS dl 


■ 'til', kil 


~ - 6 TOfTAL 

$ * S LOAD 


- 5463L99 


6959 L99 


flltliJ* 


* Courtesy of the Library Bureau, Boston, Masa. 
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beams, a designer strictly should allow for this contract. A typical stair run weighs about 300# 
^ in the wall load. In special cases^ such as at and one-half of this must be supported at the foot 
hoEa^ block .partitions,* the “ de end 818168 fa y the structural frame. This load generally is 
may oe cantilevered back to the uprights of the easily provided for by a beam which is typical for 
stack construction, although this is not usual, the remaining frame. 

In making the structural plans, the engineer should 

provide for the yiecessary openings for stairs and Framing for Fireplace Details. 

lifts. In many eases, a book lift (Fig. 545) is used. In types of buildings where a series of fireplaces 

The clear opening for a standard lift is 22 J" X 29". are to be built, such as m large apartment houses 



Ficj. 547 


The lift itself is a part of the stack contract but 
the openings must often occur down through to 
the basement to provide for the machinery which 
operates the lift. Stairways arc required to con- 
nect the various tiers. These arc of steel sut>-tread 
construction (Art. 307) with slate treads when glass 
floors are used and with marble treads when marble 
floors arc employed, and are a part of the stack 

+ It is not domrable to expansion bolt the wall bars to hollow block walls. 
There may be other special circumstances when the wall treatment should 
be kept free 


and some hotels, it is necessary to provide secondary 
framing of small beams and slabs in many cases, to 
support the flues, hearths and surrounding brick- 
work. Figure 547 shows typical details of this 
kind. 

The? walls of a chimney should not be less than 3j" thick of 
solid brick, and usually, where several flues are involved, the 
walls should be of 8" brick. The fireplace walls should be 
at least 8" thick. None of the work should l>e carried on 
wooden floors, beams or brackets, and iron brackets or stir- 
rups attached to wooden beams must not he used. The 
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flues should be as nearly vertical as possible, and in no case 
should the angle of their dope be greater than 45° from the 
vertical. Only one connection to a flue should bC allowed. 

Not more than two floes should occur in the same flue 
space, separated by brick withes, and liner joints should be 
split offsets. If more than two flues are involved, each third 
flue should be separated from the others by a smoke-tight 
withe or division wall not less than 3J" thick, bonded into 
the side walls. All flues for fireplaces should preferably be 
so separated. Concrete slabs may be used to carry fireplace 
hearths instead of the usual trimmer arch, provided a fill is 
used between the slab and the hearth. 

342. Steel Water-Tanks. 

As a part of the equipment, water-tanks are often 
installed in buildings. These may be tanks used 
in conjunction with sprinkler systems,* house re- 
serve supply tanks, or hot water tanks, and so on. 
In connection with sprinkler systems, two types of 
tanks are usually provided, namely pressure tanks 
and gravity tanks. The best service includes tanks 
of both kinds. A pressure tank is generally a hori- 
zontal steel cylinder with segmental ends. Figure 
548 shows tanks of this kind ready for installation. 



Fig. 548 


A gravity tank is usually a steel cylindrical shape, 
placed vertically with a flat or conical top, and with 
a flat, hemispherical, or elliptical bottom, depending 
upon the type of support used. A gravity tank is 
set at an elevation to give the desired water pressure 
at the sprinkler heads in the top story. This means 
that the tank should be placed on the roof of the 
building, or else that it be made independent of tho 
building and placed on its own tower. The latter 
is desirable if several buildings arc to be served by 
the tank, and in any case, if ground space is available. 

* Whether sprinkler systems are to be used or not depends upon the 
type of building, class of construction, funds available, and so on. Tn 
first-class buildings of public nature, thoy are often omitted. Where 
fire hazards are great, such us in manufacturing of some types, they are 
an investment, and usually the cost may be made up in a few years by de- 
creased insurance rates. Sprinklers are usually required by law in second- 
and third-class buildings within the flro limits, especially in certain portions 
of the building. For a typical examplo of requirements, refer to 1 Regula- 
tions for the Installation of Gravity and Pressure Tanks ” and “ The 
Building Code " issued by the National Board of Fire Underwriters, New 
York City. 


However, appearances may govern this decision, 
and except foe* manufacturing buildings and struo- i 
turcs in outlying districts, the tan^^usually p faracd 
on the roof. It is located at ar'pomt'tihere It will 
not interfere with penthouses, chimneys^ and so on. 
Pressure tanks arc sometimes located* in the *&ise- 
ment, or occasionally underground outside of\he 
building, but if convenient, they fhould be placed 
under the gravity tank, as less plumbing is required. 

The pressure tank serves the purpose of providing 
a high pressure at the start of a fire,f and the gravity 
tank serves as a reserve supply. Pressure tanks 
may be installed in two or more units. When the 
pressure in the pressure tank reduces to a certain 
amount, the water from the gravity tank flows into 
the pressure tank and continues the supply of water. 
The pressure tank must be airtight. Gravity tanks 
are sometimes used alone without pressure tanks, 
but the efficiency of the sprinkler system is dimin- 
ished. Occasionally house tanks are used, which 
are made of excessive size, so that sprinkler service 
and house service may be had at the same time. 

SPECIFICATION CLAUSES £ 

Two independent water supplies shall be 
provided, at. least one of which shall he auto- 
matic. Provided that, where sprinklers are 
required only in cellars, basements, and first 
stories, a connection to street main will be deemed 
sufficient. 

Note. — Supply from street mains is not 
sufficient for automatic supply unless giving, in 
highest lino of sprinklers, at least 25 pounds 
static pressure, and able to maintain 10 pounds 
pressure with tho water flowing through the 
number of sprinklers judged liable to be opened 
by fire at any one time. 

Pressure tanks, if used, shall have a total 
capacity of not less than 4500 gallons (3000 
gallons of water), and in any event the tank or 
tanks shall contain sufficient water to supply 
12} per cent of the greatest number of sprinklers 
within a fire area on any one floor for 20 minutes 
with an average discharge of 20 gallons per 
minute per sprinkler. 

Gravity tanks, if used, shall contain an avail- 
able quantity of water sufficient to supply 25 
per cent of the greutest numl>cr of sprinklers in 
a fire area on any floor to which it gives protec- 
tion, for 20 minutes with an average discharge 
per sprinkler of 20 gallons per minute, but tank 
shall be not less than 5000 gallons available 
capacity. 

Elevation of bottom of tank above the highest 
line of sprinklers on the system which it supplies 
shull be not less than 20 feet. 

The support of gravity tanks on roofs may be 
provided in a number of ways. If masonry walls 
are used around a stair or elevator shaft, these may 
be employed, and if desired, the walls may be ex- 

t The sprinklers are usually planned to release at 100° F. 

t The Building Code of the National Board of Fire Underwrite!!, New 
York City 
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tended to form a tower for the tank, and in special 
cases, continued to house it. On a lagge roof it may 
be J^ore expedient to use four interior columns and 
design them accordingly, counting the weight of the 
water as dead load, a & well as the other actual dead 
load* Such columns should be of steel, encased in 
fir proofing materials, or of reinforced concrete. An 
outside wall mclr be employed to support a beam 
frame or a truss At one side, and two interior columns 
at the other. For narrow buildings,* trusses may 
be used to support the tank, spanning from one 
wall to the other. Figure 549 shows typical tank 
installations. 



SPECIFICATION CLAUSESf 

Tanks of more than .100 gallons capacity 
placed within any building, or on or above the 
roof of any building, shall Ijc supported by steel 
or masonry of sufficient, strength to carry the 
same safely. Beams shall rest tit both ends on 
steel girders, iron or steel columns, or walls or 
piers of masonry. 

The supporting I beams shall either have the 
ends built into masonry work, or shall lie securely 
framed together in a manner to prevent possi- 
bility of overturning or buckling due to oscilla- 
tion of the tank in a wind storm. * 

Note. — Some bad tank disasters have oc- 
curred due to neglect of this requirement. 

In or near the bottom of each tank there shall 
be a pipe or outlet not less than 4 inches in 
diameter, fitted with a suitable gate valve, to 
permit ready drainage of the tank in case of 
necessity. 

Wooden covers of tanks on roofs shall l>e 
covered with metal. Hoops of wooden tanks 
shall be of metal round in section. 

Tanks having a capacity exceeding 1000 
gallons and placed on or within non-fireproof 
buildings, shall have the supporting steel frame- 
work thoroughly encased in fireproofing material. 

As far as gravity tanks themselves arc concerned, 
special standard designs have been established by 

• An economical limit for such a case would probably be about flO'-O". 

t The Building Code of the National Board of Fire Underwriters. New 
Fork City. 


the manufacturers up to 1,000,000 gallons capacity, 
and in some cases, for larger capacities. Table 89 
gives one* set of such standard sizes. 


TABLE 89t 

STANDARD SIZES - CYLINDRICAL VERTICAL STORAGE TANKS 


Cap., 

gals. 

Diitin., 
ft. in. 

1ft.. 
ft. in. 

Cap., 

guls. 

I>iam., 
ft in. 

lit., 
ft. in. 

Cap., 

gals. 

Diiiiri., 
ft. in. 

IK., 
ft. in. 

10,000 

12 

3 

11 

0 

75,000 

23 

0 

23 

3 

225,000 

30 

6 

20 0 

15, IKK) 

15 

0 

11 

0 

00,000 

26 

0 

23 

3 

250,000 

38 

(i 

20 0 

20,000 

17 

4 

11 

0 

100,000 

27 

4 

23 

3 

300, (XX) 

42 

0 

20 0 

25,000 

10 

0 

17 

0 

120, (NX) 

30 

0 

23 

3 

400.0(H) 

40 

0 

20 0 

30,000 

17 

4 

17 

6 

125,000 

27 

6 

20 

0 

500,000 

54 

3 

20 0 

40,000 

20 

0 

17 

ft 

150,000 

30 

0 

20 

0 

600,000 

60 

0 

20 0 

50,000 

22 

4 

17 

0 

175,000 

82 

3 

20 

0 

750,000 

66 

3 

20 0 

00,000 

21 

3 

23 

3 

200,000 

34 

n 

20 

0 

1,000, (XX) 

77 

0 

20 0 


Of course those may bo varied to suit special require- 
ments where limited space is imperative^ 

The structural engineer is principally concerned 
in providing an adequate support for the tanks. 
The capacity and 
corresponding diam- 
eter and height must 
be determined by a 
mechanical engineer. 

The heights of tanks 
are generally kept 
less than the diam- 
eters, in order to 
maintain a small 
variation in head. 

The size may be 
established from the 
relation that 1 cu. ft. 
equals 1 \ gallons. If 
The weight of water 
is approximately 
02.5# per cu. ft., so 
that the weight of 
the water, plus an 
allowance for the 
tank, may be es- 
tablished by the 
engineer. As a guide 



Fig. 5501 


to the weight of tanks, Fig. 550 may be used to 
obtain average thicknesses of metal close enough for 
estimating weights. The following describes its use : 


“ For designing flat bottomed tanks or stand-pipes, find 
point of intersection of depth and diameter lines. This point 
will usually lie in space lietween two curves. Follow space 
upward and to the right and read thickness of metal and typo 
of riveted joint to be used at lowest ring of shell. Follow 


t Chicago Bridge and Iron Works, Chicago, III. 

§ For the theory, specifications, and examples of the design of a feel 
stand-pipes and elevated tanks on towera, refer to Chapter XI. “ Structural 
Knginccrs’ Handbook ” by M. S. Kctchum, — McGraw-Hill Hook Co., 

f One gallon of water - 231 cu. ins.. 1728 + 231 - 7.48 gallons/cu. ft., 
or (12.42 -*• 7.48 - 8.34#, the weight of 1 gallon of water. 

|| Pittaburgh-Des Moines Steel Tonka. 
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diameter line up and change thickness of metal each time 
said line crosses curves above. 

“ For metal of hemisphirioal bottoms, use oriiy half the 
thickness given in table. A minimum thickness of is 
assumed, and governs all area to the left and above top 
curve.”* 

The immediate support of a tank on a roof is 
usually formed by a “ crib ” or grillage of steel 
beams, or a heavy concrete slab. This in turn is 
transferred by girders to the columns, walls or 
trusses on the four corners surrounding the tank. 
Careful study should be made of the layout of the 
beams, and the top layer of beams may be canti- 
levered small distances from the layer underneath, 
to support the tank. Figure 551 shows a study of 
this kind. 




£L. 


_£J_ 






The tanks arc usually elevated above the roof to 
obtain the proper head, and generally supported 
above the roof plane by towers. In special cases 
the “ crib ” may be supported by the columns in 
the upper story of the structure, but it is generally 
better to use a tower, even of small height, as there 
are fewer indeterminate factors of resistance. The 
tower legs are usually sloped to give a greater spread 
at the bottom and a better graphical analysis. With 
the height of the roof and the bottom of the tank 
established, the difference between the two eleva- 
tions will determine how much of a tower, if any, is 
needed. 

* Pittaburgh-Des Moines Steel Tanks. 


In addition to carrying the vertical loads, pro- 
vision must fete made against overturning due to 
wind when the tank is empty. The momentanay 
be calculated from 


M 




in which 


p the wind pressure in #/□'& 

D the diameter of the tank La ft., 

H the height of the tank (and roof of tank 
if any) in ft. m • 


The value of p is customarily taken as 30#/o' over 
six-tenths of the projected area, or, in other words, 
30 X 0.6 * 18#/a' of projected area.f The uplift 
per linear foot of circumference of the tank, u, may 
be calculated from 


4 M p 
/>* D' 


(S- 89) 


The total uplift may be obtained by multiplying u 
by the circumference of the tank. If a definite 
number of anchor bolts is fixed, the Btress in each 
may then bo calculated, and the size determined. 
The members carrying the anchor bolts must be 
designed for the upward bending induced and the 
leeward beams investigated for consequent increases 
in loads. Figure 552 shows a typical anchor bolt 
detail. 



When a tower is used, the legs should be tied 
together with diagonal sway bracing. P'igure 553 
shows some typical stress diagrams for theoretical 
loads. In actual cases, the main wind thrust is at 
the bottom of the tank, represented by force AB in 
Fig. 553. Both diagonals are used in an actual case, 
each being assumed to carry only the tensile stress 
obtained in the diagram. In a design of this kind, 
some engineers prefer that only the usual stresses 
should be used, with no allowance for combined 
stresses. However, many codes allow a longer com- 
bined stress, as discussed later. In addition, the 
wind pressure on each tower column is usually 
assumed as 50# per vertical foot. 

t A conservative unit wind load should be used, as wind pressures on 
small surfaces are more nearly realised than on larger surfaces. The 
effective force on a cylinder is of course decreased from that on a normal 
surface. 
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Illustrative Prob. 342a. Design an arrangement to support 
a steel tank of 50,000 gallons capacity. Height of bottom 
of tank above roof 20'-0". 

From Table 89, standard size 22'-4" diameter, ]7'-6" 
height. 


Circumference of tank = *-(22.33) 

= 70.25' 

Area of cylinder — 70.25 X 17.5 

= 12300' 

*-(22.33) 2 

Area of base — . 

4 

= 392 

*-(22.33) a 

Area of top 

- 392 

Total area 

= 20140' 


From Fig. 550, thickness of metal 
Weight of i" PI. — I MV' square - 10.20# 

Weight of tank - 2014 X 10.20 =* 20,500 

Rivets and connections, say = 500 

Total * 21,000# 

Weight of water - 50,000 X 8.34 = 417,000 

Total - 438,000# 

438 000 

Load per sq. ft. on support = — ~~ - *= 1120#/n'. 

The arrangement of the vertical supports under the tank 
should be the result of some study to obtain an economical 
layout. Usually supports at the corners of a square, the 
side of which is less than the diameter of the tank, are ad- 
vantageous. This gains the advantage of allowing the top 
supports to cantilever small distances from the girders under- 
neath. Columns lS'-O" o.c. will be used v 

The immediate support for the tunk should be more or less 
uniform. Hence a series of small beams, spaced close to- 
gether, or a “ grillage,” will be used. A 2'-fl" spacing of 
beams between columns will be used, with a beam 2 / -5 // 
outside of each column at the edge of the tank, as shown in 
Fig. 551. 

, , „ „ 1120 X 2.42 

Load on B-l = *= 1360# /ft. 

Beam *= 10 

1370 


M - 1.5 X 1370 X (G) 1 - 74,000"# 
/ ^ 74,000 
c ™ 


4.63"* 


Use 7 C 9.8. 


16,000 

Load on supported span of interior beams 
1120 X 2.5 - 2800#/ft. 

Beam * 20 

2820 

M - 1.5 X 2820 X (6)* - 152,000"# 

I 152,000 

c “ Imoo = 9 5 * Use 7 1 15.3. 

Cantilever portion ■** 2'-0" maximum (scaled) 
w ■ U 2820 X (2)* 


M 


2 


5640'# 


Concentration on (7-1 

2820 X 6 « 16,920#. 


- 67,700"# 

7 1 15.3 ample. 


With the spacings and loads, the bending moment and the 
required size for (7—1 may l>e calculated in the usual way. 
The influence of the load on the projection licyond G T -3 
should lie included, of course. Similarly, the loads on (7-2 
may be calculated and the size determined, and when the 
reactions from (7-1 are known, the size required for (7-3 may 
be calculated. With the values of the reactions of (7-2 and 
(7-3 established, the vertical load on a column may bo com- 
puted. 

In addition, there is a vertical force exerted on the columns 
due to wind action. 

Pressure on tank — 18 X 22.33 X 17.5 * 7630# 
Overturning moment 7030 X ~~ — 61, 500'#. 


The worst effect is when the wind is blowing in a direction at 
45° with the column center-lines. Assume that in such a 
case one column receives all the uplift. 

Diagonal distance = 1.414 X 18.0 = 25.4' 

V\> lift = = 2120#. 


This force must be provided against by anchorage at the 
top of the column to hold the tank on, through connection 
of the tank to the beams and of the beams to the columns. 
On the corner opposite to where the uplift is exerted, a down- 
ward force of 2420# is exerted on the column. This should 
theoretically lie added to the column load. If such a value 
is less than 50% of the load on a column due to the weight of 
the tank and water, it may lie neglected, and the columns 
proportioned for the direct load with the usual allowable 
streRB. In other words, combined stresses due to wind action 
may lie increased 50% alxive the usual allowable in accord- 
ance with many specifications. 

At the bottom of the columns, a greater uplift occurs, due 
to the greater leverage of the wind. 


Pressure on tank (as above) = 7030#. 

17.5 

Arm to foot of column 20 -j- * 28.75'. 

Moment - 7030 X 28.75 « 202,000'#. 

Wind on column assumed os 60# /ft. 

Wind force on column - 50 X 20 = 1000#. 

Arm to foot of column = 10'. 

Moment = 1000 X 10 « 10,000'#. 

Total moment * 202,000 + 10,000 - 212,000'#. 


Uplift 


212.000 


25.4 


8340#. 




514 


MISCELLANEOUS FRAMING 


The connection at the fopt of each column should be strong 
enough to resist such a force and such a value should also be 
added into the column load to design the support under it 
for compression. 

The stresses in the diagonal sway bracing and bottom 
struts may be determined in a manner similar to that illus- 
trated in Fig. 553. For the sake of stiffness, it is better to 
frame the members (7-2 into the column rather than run 
them over the top. 

The tank columns may be supported by columns of the 
building directly under them or, in the case of an isolated tank, 
on footings. The columns are sometimes made of four angles 
laced in order to obtain stiff sections. They should prefer- 
ably l>e given an outward slope, as a better spread is obtained 
at the bottom. 

In special cases, free-standing, elevated, water- 
tanks are used, where there is available space on 
the lot, and the appearance is not objectionable, 
such as in some mill building projects. Figure 554 
shows typical characteristics and Fig. 555 a stress 
diagram for such types. These tanks may have 
either hemispherical or elliptical bottoms. The 
former is more common and has the greater capacity 
for a given amount of metal. The wind pressure on 
the tower is usually taken as 200# per vertical ft., or 
50# on each tower column. The maximum column 


TABLE 90* 

ELLIPTICAL AND HEMISPHERICAL BOTTOM ELEVATED 
TANKS 


Capacity, 

gala. 

Kllipticul bottom, 
ft., in. 

Ilcminphorical bottom, 
ft., in. 

D 

u 

K 

D 

u 

K 

1 5.000 

15 

0 

9 

0 

12 

9 

12 

0 

14 

0 

18 

6 

Bif IxiH 

10 

0 

11 

0 

15 

0 

12 

El 

17 

3 

22 

u 

wEvf PolSi 

17 

0 

11 

0 

15 

4 

14 

1 

17 

3 

22 

9i 

M Wllif 

IS 

0 

12 

0 

10 

7 

15 

3 

17 

3 

23 

41 

IHtrr tlTfB! 

19 

0 

13 

4 

18 

1 

Hi 

4 

17 

3 

23 

11 

m IxIHH 

MM 

El 

13 

9 

18 

9 

17 

4 

17 

3 

24 

5 

50,000 

22 

0 

14 

0 

19 

0 

19 


17 

6 

25 

0 

iMirniH 

24 

0 

IQ 

El 

20 

0 

19 


22 

3 

30 

3 


25 


m 

0 

21 

3 

21 


El 

3 

29 

3 


20 


15 

0 

21 

0 

22 


19 

4 

28 

10 

80,000 

26 


BO 

El 

22 

0 

22 


21 

1 

30 

7 

100,000 

28 

8 

10 

0 

23 

2 

22 


28 

0 

37 

0 

125,000 

28 

8 

21 

2 

28 

4 

24 

0 

29 

0 

39 

0 

150,000 

34 

0 

10 

0 

25 

0 

20 


29 

3 

40 

9 

200,000 

38 

0 

17 

0 

27 

o 

28 


34 

6 

47 

0 

250,000 

40 

0 

20 

0 

30 

0 

MM 


37 

2 

50 

8 

300,000 

41 

0 

23 

9 

34 

0 

m 


40 

El 

54 

6 

400,000 

47 

0 

23 

2 

34 

11 

m 


44 

0 

00 

0 

500,000 

51 

0 

24 

3 

37 

0 

38 

0 

46 

6 

64 

H 


Dimensions of Standard Tanks: 


Elliptical. Depth of bottom R « -j 

Square of base — .71 D + .118 (7* B) 
Hemispherical. Depth of bottom B * ^ 

Square of base = .7177 4* -162 (T -f B) 


* Chicago Bridge and Iron Work*, 
f Pittsburgh-Dee Moines Steel Tanka. 


Wind load is obtained by multiplying the values in 
the stress diagram by \/2. The column is designed 
for one-quarter of the weight of the tower, tank^and 



Fig. 554* 


Tower design 



Fig. 555f 


water, plus that portion of the maximum wind loads 
in excess of one-quarter of the dead load. Table 90 
shows some standard sizes. 

The size of the space required for the footings 
should be about 5'-0" greater than the square of the 
base on each side in each direction. The structural 
engineer is usually only involved in providing proper 
foundations. The design of the balance is usually 
a standard one made by the manufacturer. 


TABLE 91 
DATA FOR TANKS 


Axis Horizontal 
Contents pkh Ft. or Length 


Dinmotcr 
of Tank 
(Ins.) 

Two-Thirds Full 

Full 

Gullonn 

Cu. Ft. 

(itiUonM 

Cu. Ft. 

30 

37 4 

5 01 

52 9 

7 07 

42 


6.81 

71 9 

9 62 

48 

66 6 

8 90 

94 0 

12 57 

54 

80 5 

11.95 

119 0 

15 90 

60 


13 90 

146.9 

19 62 

66 

125 0 

16 82 

177 7 

23 75 

72 

149 8 

20 02 

211.5 

28 27 

78 

175 8 

23 50 

248 2 

33 18 

81 

195 5 

26 14 

287.9 

38 48 


Axis Vertical 

Contents per Foot op Depth 


Din. 

Ft. 

Gul. 

Cu. 

Ft. 

Din. 

Ft. 

Gal. 

Cu. 

Ft. 

Din. 

Ft. 

Gal. 



Gal. 

Cu. 

Ft. 

3 

52 

88 

7 

B 

1 

587.5 

78 

54 

23 

3108 


m 

8041 

1075 

31 

71 

97 

9 

im 

m 

I’r 

86 

W 

24 

3384 

452.4 

38 

8482 

1134 

4 

94 


12 

57 

Knl 


95 

03 

25 

E5£l 

490.9 

39 

8939 

1195 

4* 

119 


[jl 

m 

19 

li. .iVil 

113 


Kl 

3971 

530.9 

40 

Kiwi 

Wmm 

5 

146 


itij 

iSsl 

13 

992.6 

132 


mm 

4283 

572.0 

41 

9873 

1320 

61 

177 


m 

m 

14 

1151 

153 


Kl 

KMiM 

615.8 

42 

10360 

1385 

6 

211 


28 

27 

15 

1322 

170 


El 

mu 

660.5 

43 

mail 

■mi 

61 

248 


33 

18 

16 

1504 

Kill 


30 

5287 


44 

11377 

1521 

7 

287 


RT1 

m 

17 

1698 

mk 


31 

5640 


45 

11893 

■EH 

71 

330 


m 

m 

18 

1903 

254 


32 

6015 

l/i i kl 

46 

12432 

1662 

8 

376 


tg 

27 

PS 

mm 

ESI 


33 

6398 

855.3 

47 

12078 

17.15 

81 

424 

5 

56 

|Z3 


EBB 

an 


Kl 


907.9 

48 

13539 

1810 

9 

475 

8 




2591 

346 


Ml 


062.1 

40 

14107 

1886 


gjj 

a 

1 

gl 





fia 



m 


1963 
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Pressure tanks are designed according to the the- 
ory of hoop tension * They arc generally planned 
to boused l full of water so that when the required 
capacity of the tank is known, it should be multiplied 
by 1$ to establish the volume of the tank. Table 91 
givevfiata for tanks. 

Usually the thickness of metal is (minimum) 
so that, with thevize known, the weight of the tank 
and the water inay be calculated (see Illustrative 
Prob. 342a). The thicknesses of shell required for 
the cylinder and its ends are usually determined by 
the mechanical engineer. The necessary riveting 
to develop the plates is determined by the tank 
fabricator. The tank is generally supported by 
cast-iron saddles placed under the quarter-points of 
the length of the tank. • The saddles may be sup- 
ported by a pair of beams. 

“ House ” tanks are used as reserve supplies, 
especially in hotels and large apartment houses. 
These arc usually of 20(X) gallon units, and cylin- 
drical in shape, placed horizontally. They arc used 
to give a water supply if the public service is cut off, 
or in cases where the public supply lacks sufficient 
pressure to reach the upper floors. These are some- 
times located in elevator penthouses. The weights 
may be calculated in a manner similar to that for 
other tanks, and a method of support, planned 
accordingly. The strength of the tank is made 
sufficient to span between saddles. 

Prob. 342b. Design an arrangement similar to Fig. 5.51 for 
a steel tank of 40,000 gallons capacity. Height of bot tom of 
tank above roof 14'-0". Use HV-0" spacing of columns at top 
and attach to building columns 18 # -0" o.c. tit liottom. (live 
sizes of diagonal bracing and struts as well as other members. 

Prob. 342c. Design a free-standing steel lank of the type 
shown in Fig. 5.54, hemispherical bottom, 60, (KK) gallons 
capacity. Use concrete bases under columns and give size of 
anchor bolts. Tower OO'-O" high. 

343. Interior, Steel Smokestacks. v 

SPECIFICATION CLAUSESf 

The smoke flue of every high pressure steam 
boiler and every appliance producing a corre- 
sponding temperature in the smoke flue shall, 
if built, of brick, stone, reinforced concrete or 
other approved masonry, lie lined on all Hides 
with not less than 4 inehes of fire brick laid in 
fire mortar for a distance of at least 25 feet, from 
the point where the smoke connection of the 
Ijoilcr enters the flue. 

* The thirkncHB of the plates in the shell may be calculated from 
P m , nml the tliicknowi of tho plates in tho heads may be calcu- 

ji • f 

luted from /», - - , in whirh r- the radius of the cylinder in ins., 

0.6 8 

t - the thickness of the plate in ins., F - the factor of safety, a - the 
iiltiiiiute strength of the sti»el in #/□", and E «■ the efficiency of the 
longitudinal scams. The radius of the dished howl is usually assumed 
fK|iittl to the diameter of the tank cylinder. 

f The Building Code of the National Board- of Fire Underwriters, New 
York City. 


Interior vertical smokestacks or flues for steam 
^boilers or other furnaces, and similar heating 
devices producing a corresponding tempera- 
ture, may be of metal not less than No. 10 
U. S. gauge, projjerly riveted, jointed, aud 
braced at intervals of at least 20 feet. Such 
stacks shall either he enclosed by approved 
masonry walls not less than 8 inches thick with 
an air space of at least 4 inches between lining 
and wall; or if such stacks or flues are not. en- 
closed with masonry they shall have a clearance 
from all combustible material of not less than 
one-half the diameter of the stack, hut not less 
than 24 inches, unless the combustible material 
be properly guarded by loose fitting metal 
shields, in which case the distance shall Ire not 
less than 12 inches. Where such a stack images 
through a wooden, framed roof, it shall be guarded 
by a galvanized iron ventilating thimble extend- 
ing from at least 9 inches below the underside 
of the ceiling or roof beams to at least I) inches 
above the roof, and the ventilating thimble shall 
have a clearance of not. less than 18 inches, 
except that for stacks for low grade furnaces 
such ns hot air, hot wutcr, and low pressure 
steam heating furnaces, coffee roasting ovens, 
candy furnaces, etc., the clearance may l>e 
reduced to 12 inehes. Metal smokestacks shall 
not be permitted to pass through floors. Smoko 
flues shall not l>e permitted inside of vent flues 
for ranges. 

In office buildings and the like, the boilers are 
usually connected to steel stacks. These vary from 
12 to 50 square feet in area, and are circular, ellip- 
tical or rectangular (with rounded corners) in shape, 
depending upon the size of the heating plant, and the 
general location respectively. They are made lip of 
steel plate material with riveted joints and connect- 
ing angles. The stack may be placed outside of the 
building in certain instances, but more usually it is 
located inside the structure, principally for archi- 
tectural reasons, but also to eliminate the high cost 
of maintenance. 

Stacks may be built as self-supporting for their 
full height and carried on a grillage or a cast base, 
placed on a separate concrete footing, or the stack 
may be supported at intervals of its height by the 
structural frame. For the second type, the stack is 
shipped to the job in two-story lengths and joined 
by field riveting the flange angles which are attached 
to the ends. The* stack is braced at alternate floors 
by abutting angles which are? connected to the floor 
beams. These bracing anglers arc not connected to 
the stack so that tho latter may expand or contract 
without throwing stress into the angles. When the 
stack is te> be supported by the structural frame, it 
is usually carried at every seconel floor. Angle 
brackets which rest on the floor beams are riveted 
to the stack, as shown in Fig. 55G. The stack is 
more commonly supported by the structural frame 
than made self-sustaining. More steel is required 
for the self-sustaining stack, and the erection of the 
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supported stack may start at any logical floor. 
Field riveting is thus reduced to a minimum. 

Stacks are generally designed by tnc heating 
engineer, and fabricated and erected by a contractor 
making a specialty of such work. A hood is placed 
on the stack above the roof line to prevent the 
entrance of rain and snow, and the usual clean-out 
door is provided in the basement, as well as the 
opening for the connection of the breeching from the 
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boilers. In some cases, the stack in the basement 
is built of brick with a brick fire-lining and air-space. 
This requires a special cast-iron ring under the first 
floor to support the steel stack above. The support 
of the brick walls in such a case is involved in the 
planning of the foundations. In some instances, 
the lower portion of the stack is provided with a 
grating and used as an incinerator. 

When an interior stack is planned for a building, 
the structural engineer is interested in only certain 
features in connection with it. The first point is to 
determine whether the stack must be supported by 
the structural frame or whether it is to be self- 
supporting. In the latter cake, the stack footing 


may affect the arrangement of the other founda- 
tions. If thetfstack is to be supported by the frame, 
the structural engineer is interested to obtain the 
loads which are to be brought on to the beams and 
to arrange supporting channels framed between or 
on top of the beams, such as shown in Fig. 556. 
The weight of the various sections of the stack ^ay 
usually be obtained from the Leating engineer. 
Stacks supported at alternate floors are usually of 
A" plate. If the diameter is known, the approximate 
weight to be carried may be determined on this basis. 
Stacks arc often lined* for a portion or the full ex- 
tent of their height, depending upon conditions. 


Illustrative Prob. 343a. Determine the load to be applied 
to a given beam, due to a steel Btack, if the stack is to be 
supported at four points. Stack 6'-0" diameter, A" plate. 
Story height 10'-6". What will be the load at a supporting 
point in the lower stories if the stack is to be lined in the lower 
portion of its length? 


Circumference of stack 


Length supported = 2 X 10.5 =* 21.0. 

Surface - 21.0 X 28.27 - 504D'. 

Steel plate = 12.75#/u'. 

Weight = 12.75 X 594 = 7580 f. 

75S0 

Load at one supporting point = — — = 1880#. 

Lower portion: 

Volume asbestos = 28.27 X , 2 2 X 21.0 = 90 cu. ft. 
Asliestos lining (say 30#/cu. ft ) = 30 X 99 * 3000#. 

-Y- = 7 shelf angles. Wt./ft. of 2.J X 1J X i L « 2.98# 
7 X 28.27 X 2.98 = 590#. 

7580 + 3000 -f 590 - 9170#. 

Load at one supporting point of lower portion 


9170 


2300#. 


344. Exterior Steel Stacks. 

In certain types of structures, exterior stacks are 
used. These may be built of steel, radial brick or 
concrete, f Steel stacks are used principally when 
economy is the motive, or when the stack is to bo 
carried on the boiler breeching. They are from 
30% to 50% cheaper than masonry chimneys, 
although their appearance is not as good. The 
design of steel stacks is quite well standardized by 
companies making a specialty of such work. How- 
ever, it is sometimes convenient for a structural 
engineer to understand the basic principles of such 
design, either in checking work or in making up 
preliminary estimates. 

* A common lining consists of 2" asbestos sheeting supported by internal 
rings of 21 X 11 X 1 angles (with 11" leg horizontal) 3 >0" apart, riveted 
to the Btack. Open holes through which dowels are inserted to hold the 
asbestos in place arc punched in the outstanding logs, and all joints arc 
pointed up with a cement plaster. 

t For a discussion of radial brick and concrete chimneys, refer to " A 
Treatise on Masonry Construction " by Ira O. Baker, and " Principles of 
Reinforced Concrete Construction ” by F. £. Turneaure and E. R. Maurer, 
— John Wiloy and Sons, Inc., Publishers. 
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Steel stacks may be of two types, — either the 
guyed or the self-sustaining. The firsfcmay be used 
for small installations, in cases where the stack is to 
be supported on the breeching and the boiler setting 
is used as the chimney foundation, or where it is not 
feasible to use a separate base as large as would be 
required for sufficient anchorage and stability in 
itself. Self-sustaining steel stacks arc more com- 
monly employed, j&s they are more sightly, and no 
guy wires need to be extended to points perhaps not 
altogether convenient. Less space is required, they 
are easier to construct and to erect, they weigh less, 
and less area is exposed to wind action. Larger 
sizes (greater than 4'-0" diameter) are generally 
made self-sustaining. 

Steel stacks are preferably lined to $ their height 
with 4" fire brick, with a 1" space between it and the 
stack filled with sand. This provides for expansion, 
protects the inside from corrosion, prevents radia- 
tion, and provides a better draft. The lining is not 
counted upon for strength. 

The thickness of the shell inay be determined from 
the following relations: 

_ t I 

P . h = 8 •- 
C 



P = the total wind pressure above any given 
plane, in lbs., 

h = the height to the center of the wind 
pressure above the given plane, in ins., 

D = the outside diameter of the stack in ins., 
and 

d — the inside diameter of the stack in ins. 

# D-d. 
t ■ m ms. 


The tendency toward failure would be by flattening 
and bending rather than by rupture, so that a low 
working stress should be used. The value of s is 
usually taken as 6000 #/d" for single riveted joints, 
and as 8000#/n" for double riveted joints. The 
thickness should not be made less than minimum 
requirements as given by codes. For very large 
stacks, a }" minimum should be used. 

SPECIFICATION CLAUSE* 

Exterior metal smoke flues for boilers, large 
cooking ranges, and similar heating devices, 
shall be of approved construction and supported 
on approved masonry foundations, and shall 
have a clearance of at leust 4 inches from the 
outside wall. Such flues having an area not 
exceeding 255 square inches shall be constructed 
of not less than No. 16 IT. 8. gauge metal; if the 
area exceeds 255 square inches the thickness of 
the metal shall be not less tlum No. 10 U. S. 
gauge. 

* The Building Code of the National Board of Fire Underwriters, New 
York City. 


Illustrative Prob. 844a. Determine the thiokness of stack 
required for a section 150'-0" down from the top, if the out- 
side diametef is 12'-0". 

In circular chimneys, the area subjected to wind pressure 
may be assumed as 60% of the diametral area. 

30 X 0.6 - 18#/d'. 

Wind load « 150 X 12 X 18 32,400#. 

4 150 

Arm « — X 12 ** 900". 


d = 143.42". 

t - 144.00 - 143.42 - 0.29" Use A". 
An approximate solution may he had by the use of p () ^ ^ 

in which p the stress per linear inch. For the above data, 


V 

i 


32. 400 X 900 
0.S X (144)* 
1770 

8000 “ a23 " 


1770#, 


In guyed stacks, either one or two sets of guys 
may be used. Usually one set is sufficient, placed 
at § the height, with 4 guys in the set equipped with 
tumbuckles. Figure 557 gives a typical illustration 



Fig. 557 

of a small stack. An approximate solution for the 
size of the guy ropes is based on the assumption 
that one guy takes all the horizontal force of the 
wind on an assumed tributary area. This area is 
assumed as that above the point of attachment plus 
0.6 of the area below. The guys are usually placed 
at 45° inclinations. Then H (the horizontal wind 
force calculated as above) divided by sin 45° is the 
stress in the guy rope. An initial tension of 2500# 
to 4500# should be assumed according to the size 
of the rope. 

Illustrative Prob. 844b. What size of guy ropo should be 
used for a 4'-0" diameter stack, 150'-0" high? 


518 


MISCELLANEOUS FRAMING 


Guys attached at 1 f* lOO'-O". 160 - 100 60'. 

60 + 0.6 X 100 - UO' .tributary height. 

1 10 X 4 - 44()n' tributary area. • 

440 X 18 - 7900# wind force. 

7QOO 

Use 45° slope. « 11,200#. 

Initial tension 4300 

15,500#. Use 1" wire rope. 

Strengths of wire rope may lie obtained from manufacturers’ 
catalogues. 

The guy ropes arc attached to a steel band which 
is clamped to the stack. The lower ends must be 
anchored at convenient points and with sufficient 
embedment to resist the tension. 

Steel stacks arc riveted together in sections, and 
for small lengths (up to say S0'-0", two-car lengths) 
may be shop riveted. The usual rules for riveting 
arc generally followed as to pitches, edge distances 
and so on, and rivets are the minimum size 
used. 

The base is usually belled out to a diameter of 
1J to 2 times the diameter of the stack and the 
height of the bell is usually the same as the bottom 
diameter. It should have a straight slope, as a cone 
possesses the greatest strength. This bell is at- 
tached to a heavy east-iron base plate, usually made 
in six sections bolted together. The size of the base 
plate is determined from the allowable pressure 
under it. Anchor bolts are connected to the base 
plate and embedded in the foundation. The anchor 
bolts must be of sufficient size to resist the uplift 
due to wind moment (Art. 343). 

Prob. 344c. Check the thickness of metal for the following 
conditions for a self-sustaining steel stack. 

Inside diameter at top — O'-IO". Height 104 '-0". 

Fire-brick lining first lOO'-O" of height. 

Top section (45'), i" plate; next 45' below, A" plate; next 
45' l>elow, j" plate; remaining 29', A" plate. Smoke con- 
nection, 12'-0" ellipse, 20'-0" alx>ve ground. Flare at base, 
14'-9" outside diameter. Footing 22'-0" square at top, 
20'-0" square at bottom, 9'-0" deep. Determine size of 
anchor bolts, if 12 are used, assuming one-half of them 
resist uplift at any one time. What size of cast-iron base 
is required if the allowed pressure on the concrete is 
500 #/g"? 

Prob. 344d. Design a guyed steel stack to have a diameter 
of 6'-0" and to be IGO'-O" high. 

345. Openings for Mail Chutes. 

Where mail chutes are to be installed, a flat, 
vertical, continuous opening through the various 
stories is required. This means that openings must 
be left in the floor construction, as the chute must 
be left open and exposed. An opening 6" wide and 
12" long in which iron thimbles are set must be 
provided. In fire-resisting construction, a pair of 
2X2Xi angles are set at the back of the opening, 
one in each rear comer. 


346. Sky-signs. 

• SPECIFICATION CLAUSES* # 

All other signs or hilllxjards within 8ie fire 
limits shall be entirely constructed of incom- 
bustible materials, including all supports and 
braces for same. • 

Any letter, word, model, sign, device or repre- 
sentation in the nature if an advertisement, 
announcement or directum, supported or at- 
tached wholly or in part o^r or above any wall, 
building or structure, shall lie deemed to be a 
sky-sign. Except as herein specified sky-signs 
shall be constructed entirely of metal, including 
the supports and braces for Bame, and no sky- 
sign shall project beyond the building line. 

Within the fire limits no sky-sign shall be 
supported, anchored or braced to the wooden 
beams or other framework of a building which 
is over three stories high. 

No sign attached to the side of a building or 
structure fronting upon a public thoroughfare, 
shall project more than 5 feet outside the build- 
ing line. 

Sky-signs shall he set back at least 8 feet from 
the cornice or wall oil a street front, shall not 
project more than 25 feet above the roof of a 
building, and shall have a space at least 6 fee t 
in height between the bottom of the sign and 
the roof. 

All such signs shall be designed to withstand 
a wind pressure of at least 30 pounds per square 
foot of surface. 

No sign or billboard shall lie so constructed as 
to obstruct any door, window or fire-escape, on 
any building. 

Before the erection of any sign or billboard 
shall have Ixjcn commenced, a permit for the 
erection of the same shall be obtained from the 
Superintendent. Each application for the erec- 
tion of any sign or billboard shall be accompanied 
by a written consent of the owner or owners, or 
the lessee or lessees of the property on which it 
is to Ixj erected. 

This section shall apply to all signs hereafter 
erected whether placed upon new or existing 
buildings. 

The design of the frames for sky-signs generally involves 
only the principles of small steel truss design (('hap. 16). 
It should be remembered that the stresses must be deter- 
mined on the basis of the wind blowing in either direction. 
The wind pressure of 30#/ □' usually specified is considered 
as being applied over the whole area of the sign, regardless 
of openings. The details for any particular case will of course 
depend upon the type of sign and the surrounding conditions. 
It is very important in such cases to check the roof frame for 
reverse bending due to brace reactions. 

347. Truck Loads. 

In planning loading platforms, shipping spaces, 
coal pockets, and the like, it is wise to check up the 
framing for the most unfavorable conditions result- 
ing from auto trucks. The following represents 
good practice for such loads: 

* The Building Code of the National Board of Fire Underwriters. 
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SPECIFICATION CLAUSES* 

Members shall be proportioned to carry a 
20-ton auto truck having 6 tons on one axle and 
14 tons on the other axle, the axles being 12 feet 
apart and the distance between wheels 6 feet. 
This truck is assumed to occupy a floor space 
32 feet in length and 10 feet in breadth, over- 
hanging all wheels an equal amount. 

Wher| plank floors or floors resting on planks 
are usecl each wheel load of the auto truck may 
be compered to be distributed over a width of 
floor equal in feet to the thickness in inches of 
the supporting layer of planking. The width 
over which the load is distributed shall never, 
however, be taken as more than 0 feet. 

Where solid floors are used, each wheel load 
may be assumed to be distributed over a width 
of 6 feet. 

For flooring no impact need be considered. 

For stringers or floor beams, 50% for impact 
shall be added. 

The use of the above would apply to special 
isolated cases. For garages a uniform live load of 
150#/o' is generally used (Art. 89). Referring to 
the above, 20 tons = 40,000#, divided by 32' X 
10' - 320', is only 125#/ a '. 


loads. These correspond to two consolidation 
locomotive}*, followed by a uniform train load repre- 
senting the weight of the heaviest cars, t Figure 558 
shows the loads for Cooper’s £’-50, in which the 
values are axle loads. The E - 50 is classed as 
standard, and /?- 45, £.’-40 and /?-30 combinations 
are called light traffic, and the E - 55 and £-60, 
heavy traffic. ’ All loadings are based on the same 
wheel spacing, and the loads are proportional to the 
ratio of the index number to 50. Thus for £’-40 
loading, the wheel loads arc £ of those for £- 50, and 
so on. The tendency of the railroads is toward the 
use of heavier locomotives, so that usually £’-50 or 
£-60 loadings are used, depending upon the prob- 
able type of service that will be employed. 

The use of the above loads involves employing 
several criteria for maximum moments and shears! 
and the tendency, particularly in recent practice, 
even for the smaller railroad structures, is to use 
equivalent uniform loads. The latter values arc suf- 
ficiently accurate for the usual cases. For instance, 
the moment is computed from the criterion for maxi- 
mum bending for a given span for the actual loads 
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Heights of doors to accommodate all kinds of 
trucks should be t4'-0". However, all except the 
very largest are 11 '-0" high, so that 12'-0" doors are 
often sufficient. A width of O'-O" should be the 


minimum for doors. The 
average data for automobiles: 

following 

represents 

Trucks 

Touring Cars 

Length 

24'-6" 

17-3" 

Width 

8'-4" 

5 / -10" 

Front Overhang 

3'-0" 

r-ii" 

Wheel Base 

14 '-6" 

ir-io" 

Rear Overhang 

7'-0" 

3'-G" 

Tread — Front wheels 

5'-0" 

4'-8" 

Tread — Hear wheels 

5'-6" 

4'-8" 

Radius of Clearance Circle 

30'-6" 

30'-3" 


348. Track Loads. 

Occasionally in the planning of industrial build- 
ings, it is necessary to provide sidings from railroad 
tracks. In some cases, these may not be on the 
ground, and they may have to be supported by 
framing. The weights of actual rolling stock of 
railroads are so variable that typical loads are used. 
The most common of these are the so-called Cooper's 

* Department of Public Utilities of Massachusetts. These specifica- 
tions are given for highway bridges but may be used for special oases in 
buildings in the absence of other recommendations. 


and from this, the *oad per foot which will produce 
the same maximum moment at mid-span is calcu- 
lated. Similar computations are made for the maxi- 
mum shear. Table 92 gives such values. It should 
be noted that the equivalent uniform load for a given 
span is not the same for maximum moment as for 
maximum shear. 

Values for Cooper's £’-50 loading may be obtained 
by multiplying the tabulated values by 1J, for £’-60, 
by 1J, and so on. 

Impact should be included in addition to the lQads. 
The following formula is quite common for railroad 
work: 

/_p (rTW>)’ ,n which <s -“> 

I = the impact stress, 

P = the stress due to the loads tabulated, and 

L = the length of the loaded span, in feet. 

For cases of sidings, and the like, trains will not be 
nm at high speeds probably, so that an impact 
allowable of 50% is generally sufficient. 

t A Pennsylvania R. R. coal car has a capacity of 140,000# and a total 
weight of 158,200#. 

t See any standard text book on mechanics. 
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In planning arrangements for the accommodation 
of tracks, clearances must be maintained- Figure 

TABLE 92* 


MAXIMUM MOMENTS, SHEARS, FLOOR BEAM REACTIONS 
AND EQUIVALENT UNIFORM LOADS FOR COOPER’S 
CLASS B-40 FOR ONE TRACK 



^ ma *. 

Pt.-lbs. 

Mas . 

End Shear 
i 

Mas . 

F.B. React. 

Equlv. Unit. Ld. 

#/ft. 

# 

For M 

For V 

For R 

10 

112,500 

60,000 

80,000 

9000 

12,000 

8000 

11 

131,400 

65,500 

87,300 

8690 

11,910 

7940 

12 

160,000 

70,000 

93,300 

8890 

11,670 

7770 

13 

190,000 

73,800 

98,500 

9000 

11,350 

7580 

14 

220,000 

77,200 

104,300 

8980 

11,030 

7450 

15 

250,000 

80,000 

109,300 

8890 

10,670 

7290 

16 

280,000 

85,000 

113,700 

8750 

10,620 

7110 

17 

310,000 

80,500 

117,600 

8580 

10,530 

6920 

1 ft 

340,000 

93,400 

121,300 

8470 

10,380 

6740 

10 

373,200 

96,800 

125,800 

8270 

10,190 

6620 

20 

412,500 

100,000 

131,100 

8250 

10,000 

6560 

25 

610,000 

113,600 

151,300 

7840 

9090 

6050 

30 

821,000 

126,100 

172,500 

7300 

8410 

5750 

35 

1,046,000 

138,400 

195,200 

6840 

7910 

5570 

40 

1,311,000 

150,800 


6560 

7540 


50 

1,902,000 

174,200 


6090 

6970 


00 

2,599,000 

195,200 


5780 

6510 


70 

3,415,000 

221,000 


5580 

6310 


80 

4,321,000 

248, *100 


5400 

6210 


90 

5,341.000 

274,500 


5280 

6100 


100 

6,440.000 

300.000 


5150 

6000 


125 

9,993,000 

350, 800 


5120 

5740 



* Merri man's Civil Engineer’ll Pocketbook, John Wiley and Sons, Ino., 
Publishers, New York City. 


559 shows some standard clearances, although these 
vary somewhat with different railroads. If the track 
is on a curve* additional clearance must of vourse 
be provided. 
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CHAPTER 30 


MILL BUILDINGS* 


349. General Considerations. 

A distinctive type of structure which is built for 
a definite use is the mill building. As the name 
implies, it is employed for mill work, or heavy man- 
ufacture, such as foundries, forge shops, rolling mills, 
machine shops, textile mills and the like, and in- 
cludes a large variety of factory designs. In general, 
such a structure is not a manufacturing building in 
its broad sense, but is designed more as a part of the 
equipment of a definite process of manufacture. 
The architectural features are 
often secondary, although the rrfff f iT V n 

appearance deserves considera- JfiffiHHHIHHf 

tion, and there is a tendency in 

modem practice to improve — __ 

such buildings in this respect, MlBgHu 

as well as their surroundings. | [H j ^ 

Figure 560 shows a perspective 

view of a typical building. The ^ ^ 

term “mill building ” should 

not be confused with “ mill 

construction ” (Book 1). 

Such structures must be care- 
fully planned for the industrial 
work they house, so that pro- 
duction may be carried on at a minimum cost. 
Some of the important considerations are: 

(1) The selection of the site, 

(«) the area required for immediate use 
and that for future extensions. 

(b) the location with respect to sources of 
power and raw materials, available labor, and 
facilities for shipping by rail or water. 

(2) Height as opposed to area (Art. 350), 
which is largely influenced by the cost of land, 
and handling of materials. 

(3) The machinery arrangement as affecting 
column locations, the styles of cranes, hoists, 
ducts, belt spaces, machinery foundations and 
the like. 

(4) Heating, lighting, power, and ventilation. 

* It is not tlie intention to Rive nn exhaustive treatise on the subject of 
mill buildings here, but only to discuss the main general features, aa there 
are several excellent textbooks on this subject. Two of these are: “The 
Design of Steel Mill Buildings and the Calculation of Stresses in Framed 
Structures,*' by M. S. Ketchum, — McGraw-Hill Book Co., Inc., and "A 
Treatise on the Design and Construction ot Mill Buildings and Other In- 
dustrial Plants, ” by II. (1. Tyrrell, — M. C. Clark Publishing Co. 


350. Multi-story vs. Single Story Buildings. • 

The above considerations are usually studied by 
a mechanical engineer except possibly those of height 
compared with increased area. The majority of 
mill buildings in modem practice are one story in 
height, with as few dividing walls as possible. This 
feature is limited by building codes and fire insurance 
rates. Figure 561 shows a comparison of these 
types. The sizes and weights of the products to 
be manufactured, as well as the machinery to do the 



Fig. 560 

work, arc important considerations. The relative 
costs of the two types of buildings per square foot 
arc also factors. The cost of a single story building 
of the same gross area as a multi-story structure is 
usually considerably less. Gross area, however, is 
not the real objective, and the maximum unob- 
structed usable floor space is the vital considera- 
tion. 

Some of the advantages in favor of a single story 
building are: 

(1) The operating costs arc usually less. 
The labor charges are from 5 to 10% less be- 
cause supervision is more direct. Fixed charges 
are smaller, as better ventilation, light, and 
heat may be obtained. 

(2) The floor construction is cheaper as it 
is on the ground, and machinery foundations 
are more easily provided. Heavy live load 
requirements make superstructure floors ex- 
pensive. 

(3) The cost of handling materials is less, as 
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ho elevator shafts and their enclosure walls are 
required. No stairways enclosed»by fire walls, 
•r fire escapes are necessary in a one-story 
building. Efficient routing systems may be 
employed, as the materials may be shipped 
from, or delivered to, any department with 
relative ease. 


(4) Future extension is possible in any direc- 
tion on the lot with less expense. The time 
required for erection is also less. 

(5) Less fire risk is usually involved. 


“ If a multi-story building of smaller dimensions and a 
greater number of stories had been used, a greater advantage 
in favor of the single story type would have resulted. Or if a 
single story building with longer spans had been seleeted an 
even greater advantage for this type would have been oIh 
tained. After several trials it was found that these two 
examples give a basis of comfiarisou fair to both types. 

“ The specifications for both buildings include fire-resisting 
materials of standard quality which meet the 
requirements of present-day building codes. 
Similarly they meet requirements of insurance 
companies for reasonably low insurance rates. 
The same unit prices were used in both cases 
in so far as they applied. Heating, lighting 
and plumbing costs, as well as the cost of 
elevators, were included. 

“ It should be understood that either of 
these buildings could be cmtollishccl archi- 
tecturally at increased cost. The prices 
given here ore submitted only as a basis for 
comparison, because variations in local con- 
ditions, as well as changing material prices 
and labor rates, prevent doing otherwise. 

“ Notwithstanding the fact that Multi-story buildings are 
usually built on more expensive land than Single Story build- 
ings, the same price for land has l>ccn used for this item in 
each case. This is shown in the charts.”* 



The following* tabulation shows a comparison of the rela- 
tive costs of the two distinct types, one of 0 Btories, 60'-0" X 
200'-0", the other a single story structure 150'-0" X 480'-0": 


MULTI-STORY BUILDING 


Stairs 2,160 sq.ft. 

Elevators 1,512 sq. ft. 

Approaches 3, GOO sq. ft. 

Outside Walls .3, 120 sq. ft. 

Columns 2,076 sq. ft. 

Total 13,368 sq. ft. 

Total Area 72,000 sq. ft. 

Area Lost 13,368 sq. ft. 

Usable Area 58,632 sq. ft. 

Per Cent of Usable Area 82% 

Land Required i acre 


SINGLE STORY BUILDING 


OutRide Walls 1,260 sq. ft. 

Columns 1 , 1 68 sq» f t. 

Total 2,428 sq.ft. 

Total Area 72,000 sq. ft. 

Area Lost 2,428 sq. ft. 

Usable Area 69,572 sq. ft. 

Per Cent of Usable Area 96% 

Land Required 2 acres 


MULTI-STORY 

Building Complete $164,000.00 

Land, $6000 per acre 3,000.00 

Total Price 167,000.00 

Price per sq. ft. building, in- 
cluding heating, lighting, 
plumbing and elevators . . . 2.27 

Price per Usable sq. ft. of 

building 2.77 

frice per Usable sq. ft., land 
and building 2.85 


SINGLE STORY 

$ 122 , 000.00 
. 12 , 000.00 
134,000.00 


1.70 

1.76 

1.93 


361. Types of Enclosures for Single Story Build- 
ings.! 

Since less fire risk is involved in a single story 
building than in a multi-story structure, the typical 
building of the former type is usually made with a 
structural Htccl frame, clothed with a covering. 
Wliile unprotected steel is lacking in fire resistance*, 
the cost to enclose it is higher than the usual invest- 
ment will warrant. Precautionary measures should 
of course be taken. Some of the materials used in 
the walls and roof are fire-resistant, but the trusses 
and other framing are commonly exposed. Fire 
curtains, as shown in Fig. 562, are sometimes used 
to separate the sections of the building. These are 
made of asbestos, or sheathing of various materials. 
Wood framing and trusses have been used in the 
past, but steel is now more economical and desirable, 
generally. Concrete framing, especially in saw- 
tooth types of buildings, is being used more lately. 
It offers better fire protection and logins to approach 
structural steel in cost, although it is not as adapt- 
able to shock and impact stresses unless heavily 
massed. 

The roof is generally formed with some light 
material such as corrugated sheeting (Arts. 164 and 
358), asbestos protected metal (Art. 356), cement 
tiles, and so on. The walls may be any of three 
general types (although there are others), namely, 

(L) Masonry hearing walls, upon which the 
roof trusses rest, strengthened by pilasters. 
The trusses are slightly lighter than in other 
typers as they are subjected to less wind action. 


* Developed by the engineering department of the Austin Company, 
Engineer* and Builders, Cleveland, Ohio. 


t Enclosure* for multi-story buildings are discussed in Parts IT and III. 
Tho characteristics of dosign are similar to any building of this kind. 
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(2) Masonry curtain walls, -which are com* 
moidy 8" thick between the columns supporting 
the roof trusses. These are cheaper for wall 
construction than those in (1) but offer less re- 
sistance to vibration. 

(3) A self-supporting frame with a light wall 
covering, such as corrugated sheeting or 2" 
concrete and expanded metal. Ribbed lath 
iB sometimes used with the latter to eliminate 
furring channels. 


columns of light buildingB are often made of a single 
angle, not leaf than a 6 X 6 X J. The intermediate 
supports in the end frames are commonly i beam 
columns if the loads arc light. The side columns are 
usually made of four angles laced. These are 
subjected to wind pressure and it is desirable to 
obtain as large a radius of gyration as possible in the 
direction of the bending, which is commonly per* 
pendicular to the wall. 

There are a number of names ctommonly applied 
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The relative values of ventilation, lighting, heat- 
ing, and condensation must be considered in the 
selection of a type of wall. In many cases, how- 
ever, the light covering (3) is used. 

352. Features of a Typical Mill Building. 

Figure 563 shows the important features of a 
single story mill building, in which the wall covering 
is of a light material. Each roof truss and the 
columns that support it are called a transverse bent, 
as illustrated in (d). A bay is defined as including 
all the construction between two bents. The con- 
struction corresponding to a bent at the ends of the 
building is called the end frame. The comer 

* Courtesy of the Boston Manufacturer*’ Mutual Fire Inauranoe Com- 
pany. 


to the parts of the frame. In the end frame the 
member which conforms to the roof slope is called 
the end rafter. This is usually a channel section. 
The horizontal member at the low point of the roof 
is the end strut. The corresponding members in 
the side elevation are called the eave struts. These 
are commonly made of two angles starred or a pair 
of channels (Art. 363). The intermediate members 
which carry the siding are defined as girts, and are 
made of angles or light channels. These beams are 
attached to the columns, either to carry the covering 
directly or the sheathing upon which the siding is 
placed. 

Many buildings have a monitor in the roof, in 
which louvres or adjustable sash are placed to pro- 
vide ventilation and to remove obnoxious gases 
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which would otherwise collect under the roof.* 
The vertical height of the monitor ie called the 
clerestory. 

The trusses are usually stiffened by kneebraces 
at their juncture with the columns. The roofing is 
earned ‘by the usual system of purlins (Art. 169), 
or for special types of roofing, by a series of sub- 
purlins. The typical building commonly has a set 
of diagonal bracing rods in the plane of the top 
chord, as in (c), a set of bracing angles in the plane 


In some structures, balcony levels are provided for 
light manufacturing. The monitor frames may also 
be varied, as illustrated in Fig. 565, but they are 
most commonly made as in (a). The usual type is 
a longitudinal monitor, although cross monitors or 
box skylights arc occasionally employed. 

Cranes are used in many mill buildings. Inas- 
much as the crane girders are generally supported 
by the columns and are not a part of the roof design, 
they and their columns are discussed later (Arts. 





of the bottom chord, as in ( b ), and diagonal rods in 
the ends and sides, as in (e) and (a). These serve to 
resist the action of the wind, and the vibration of 
machinery, and to aid in erection. Sag rods (sus- 
penders) are often used to stiffen the purlins and 
girts against weight-deflection. 

There are a great number of types of transverse 
bents. Figure 564 shows the more common sections 
employed. The Fink truss (with a | pitch) is most 
commonly used because of its many advantages 
(Art. 201). In some bents, wing trusses are used 
to provide side sheds or “ lean-to’s,” as in ( g ), so that 
small operations may be carried on in these spaces. 
It is desirable to apply the loads from these side 
sheds as far down the main columns as possible. 

• If no smoke or obnoxious gases are to be encountered, a patented 
ventilator at the ridge may be used instead. 


369-371). Skylights are sometimes introduced in 
the plane of the roof, as shown in Fig. 564 (d). 
They are generally used when the buildings are over 
80'-0" wide and vary in size from to J of the floor 
area covered. 

353. Ground Floors. 

The type of floor which is placed on the soil to 
serve as a basement, or ground floor, depends upon 
the nature of the building. These may be classified 
as: 

(1) rigid, such as brick or concrete, 

(2) semi-elastic, such as mastic sheet as- 
phalt, or wood blocks. 

(3) “ elastic,” which are usually dirt floors. 
For types of buildings in which the basement floor 
is used for storage or trucking, a concrete paving, 
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as in Fie. 566 (a), is most common; This is 4" or work is to be done, yellow pine plank floors may be 

™ ' *' .... 1 WVTl 1 . 1 1 ■ J 1 1 11 1 ■ i 


5" thick and usually of 1 : 2J : 5 concrete with the 
finish floated integrally. It may generally be placed 
directly upon the soil if the latter is dry, although a 


used. When hot metal is to be handled, as in foun- 
dries and forge shops, a dirt floor is the common 
type. A floor of vitrified brick laid on a plank 
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Fig. 566 


cinder fill is sometimes used under the paving. For foundation, waterproofed on the underside and im- 
floors where there is to be considerable human bedded in sand, may also be used. Various sub- 
occupancy a wood finish floor is best, although a floors are employed, according to requirements, as 
mastic or wood block floor is good. Where rough indicated in Fig. 506. 
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851. Types of Roofing. 

Tlje most common type of roofing material which 
has been used in the past, particularly, for small mill 
buildings, is corrugated steel sheets (Art. 164). 
Other, roofings have been more or less employed, 
according to the special requirements of a given 
project (Chap. 13). In addition to those previously 
discussed, comparatively new types of roofing have 
also come into use in recent practice. 

These have advantages especially 
adaptable to mill buildings, and for 
that reason, they are discussed in the 
following articles. 

355. “ Steel Deck ” Roofs. 

A recent type of roof supporting 
material is the “ steel deck ” roof.* 

It is particularly adaptable when the 
roof is not of complicated design, that 
is, not cut up by gables, dormers, 
gutters, and the like. Figure 567 
shows the characteristics of the con- 
struction. In general, #18 gauge 
copper alloy steel plates arc used, 
supported by a system of subpurlins 
and stiffening angles. The latter arc 
firmly attached to the plates by 
patented bent locking plates. The 
size of the sub-purlins is varied accord- 
ing to the spans. Some of the advan- 
tages claimed are: 

(1) Quick erection, as it may 
be covered immediately with any 
standard built-up roofing, regard- 
less of weather conditions, 

(2) There are no ridges, open spaces, bolts, 
rivets, or projections involved. 

(3) It is light weight and non-combustible. 

% 

The weight averages 3.1#/o' and the construc- 
tion is designed to carry a live load of 40#/a\ 
Standard 8'-0" lengths are furnished. 

356. Asbestos Protected Metal, f 

A form of roofing which is made of steel sheeting 
and usually corrugated, is asbestos protected metal. 
This material is also used for siding and the incident 
joint coverings. It is made rust and corrosion-proof 
by encasing both surfaces and edges of the sheets by 
three impervious protective coatings, namely, 

(1) asphalt, 

(2) non-perishable asbestos felt, and 

(3) a heavy waterproofing envelope, the ma- 
terial of which is specially refined. 

* Manufactured by the Truacon Steel Go., Youngstown, Ohio. 


The four materials are bonded together by special 
machinery* The sizes of the sheets and spacing of 
the supporting purlins are similar to those of plain 
corrugated sheets (Art. 164). 

357. Patented Slabs. 

Besides the patented types of roof slabs which 
have already been discussed,}: there arc several other 


Fig. 567 

kinds upon the market. These in general are used 
in a manner similar to the ordinary concrete slabs, 
as far as the arrangement with respect to the purlins 
and other supports is concerned. The materials 
used for the slabs, however, arc varied according 
to the patented combinations. Each has features 
which arc claimed to be an advantage in one respect 
or another. Among such types of slabs are Porcfce, 
Structolite, and Flcxnercretc. 

Other patented preparations which are used in 
connection with providing a carrying surface for 
some types of roofing, such as slate, shingles, and 
certain types of tile, an 1 2 3 on the market to replace 
the use of cinder concrete fill and screeds. These 
are also used for floor construction when a wood 
finished floor is desired. The materials are par- 
ticularly useful for steep roof slopes, dormer 
window construction, and so on. Some of the 
common materials of this type are Nalecodc, and 
Flexocrete. 

t Manufactured by the H. H. Robertson Co., Building Products, Pitts- 
burgh, Pa. 

t Refer to Arts. 100 and 167. 







530 


MILL BUILDINGS 


358. Corrugated Siding, 

The characteristics and typical feature! of corru- 
gated sheets have been discussed in Art. 164 as 
applied to roofing. Similar details apply when this 
material Is used for siding. It is sometimes referred 
to in the trade as “ corrugated iron/’ but it is in 
reality steel. The #20 and #22 gauges are usually 
employed for siding with 2£", 2", or corruga- 
tions, the last being most common. Where warmth 
is particularly desired, the inside of the building is 
sometimes lined with #26 gauge, 1J" corrugated 
material. Cross pieces are usually placed in 
between the girts 2'-0" to 3'-0" o.c. Some engineers 
prefer to use wood blocks bolted to the girts and 
nail the sheeting to these. The material is 


If no sheathing or paper is placed under the purlins in a roof 
covered with ccgrugated sheeting, moisture will collect, due 
to the difference iq temperatures outside and inside thejwof. 
For this reason, antfcondensation lining is often specified. 
This is fastened to one eave purlin, over the ridge, and down 
to the other eave. It consists of a series of layers. The first 
is a #19 gauge galvanised wire netting of 2" mesh (ehicken 
wire) placed transversely to the purlins, with the edges 1J" 
apart and laced together with #20 brass wire. When the 
purlins are more than 4'-0" o.c., a #9 galvanized wire is 
stretched in l>etween, to hold up the noting. The second 
layer consists of asbestos paper weighing about 14#/100 d', 
which is about A" thick. All holes are patched with 6# 
paper. This covering is lapped 3" and joints broken every 
12". Two layers of tar building paper are then placed over 
the asbestos paper. Sometimes saturated felt is used instead. 
The corrugated sheets are then laid. Tin washers 1" X i" 
X 4" and stove bolts are used to fasten the sheets where 
there is danger of tearing the lining. 



Prob. 358a. Find the total allow- 
able uniform load for 2J" corrugated 
sheets, #20 gauge, if the purlins are 
8 C 1 J i spaced 4'-0" back to hack 
(see Art. 164). What load is this 
in #/□'? 

Prob. 358b. What gauge corru- 
gated sheet should be used for a 
load of 30#/ □' if the purlins are 
7 C 9f, spaced 4'-6" back to back? 
Use 2 J" corrugated sheets. 

359. Design of Purlins. 

The typical design of purlins 
has already been discussed in 
Art. 169. Tie-rods arc often 
used to stiffen the purlins, as 
indicated in Fig. 268 and in- 
duce a variation in their de- 


fastened by nails in the troughs of each alternate sign. These are called “ sag rods ” also, as they 
corrugation, 2" above the lower end of the sheet prevent the tendency of the purlins to sag toward 
(1" above top end of the under sheet). This allows 


a sheet to slide 1" in 32 ,; in settlement before the 
nail strikes the upper end of the lower sheet. The 
laps on the sides and bottom are made one corruga- 
tion and the Nidc laps should not be nailed. Care 
should be taken to have the projecting edges of the 
sheets at the caves and gable ends of the roof 
securely fastened, otherwise the wind will loosen 
them. Figure 668 shows typical details for attach- 
ing the sheets to the girts (see also Fig. 259 for the 
attachment to the purlins). The material is often 
furnished as a subcontract. Shop drawings must 
be made to show the sizes, locations and details for 
the sheets. 

Standard pieces are manufactured which provide 
for gable cornices, ridge rolls (to cover the joints at 
the ridge), liip and valley flashings, corner capping, 
chimney and wall flashings, door and window cas- 



Fig. 569 


ings, roof and valley gutters and downspouts, ven- 
tilators, and so on (sec M. S. Ketchum’s Structural the eaves at their centers. They should extend in 
Engineers’ Handbook *). a line from cave to eave over the ridge. The 

* MoGraw-Hiii Book Co., inc. design of the tie-rods is discussed in Art. 170. 
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These are usually f" <t> or f" 0, f" being the mini- 
mum, while f " is generally used °to maintain 
common punching of the rolled sections. Rods are 
preferred to bars as they supply the minimum sur- 
face to corrosion for a given cross-section. 

The* stress in a tie-rod may be graphically repre- 
sented as in Fig. 569 (a). That in a connecting rod 
at the ridge is shown in (b). Tie rods are usually 
attached by employing beveled washers, although 
angle clips may be used, as illustrated in Fig. 569 
(c).* Minor rods are often bent in order that flat 
washers may be used. One rod is commonly used 
at the center-line of the bay. If a selected size of 
rod figures out as overstressed, two lines of rods 
should be employed, one at each third-point of the 
purlin span, or a larger tie-rod should be used. 
Some specifications limit the spacing to 30 times the 
flange width of the purlin. (See Art. 11.) 

Illustrative Prob. 359a. If the slant length of a roof is 
36'-0", and the trusses are 16'-0" o.c., and the maximum 
wind load component parallel to the roof is 10.2#/a', what 
size of tie rod should be used? 

Assume line of rods at center-line of panel 

Tributary area = 36 X V = 288a' 

Force - 288 X 10.2 = 2940# 

2940 

Area required = J^qqq “ 0.184a" 

Use 4 Tie-rods. 

Prob. 369b. If the span of a truss is 60'-0", the inclination 
30° with the horizontal, the maximum wind load against a 
vertical plane 30#/n', and the trusses are 14'-0" o.c., what 
size of tie rods should be theoretically used? 


360. Design of Girts. 

The girts must support the weight of the siding 
materials which they carry, as well as their own 
weight, and they must resist the wind pressure 
against the side of the building. Usually, the effect 
of the weight of the siding is small compared *{jth 
the stresses resulting from wind pressure. The 
weight of the girts varies from 1}# to 3#/a' of the 
net surface carried. The weight of corrugated 
sheeting is from 1# to 4#/a' according to the gauge 
of the metal. The girts should be capable of safely 
resisting 10# to 20#/o' of wind pressure, depending 
upon the exposure. 

The spacing of the girts depends to some extent 
upon the arrangement of the doors and windows. 
They should be planned so that certain girts will 
coincide with the heads of doors and windows and 
with the sills of windows. The spacing also de- 
pends upon the safe limits of the corrugated sheets 
if the latter are used (Art. 358). The following 
represents average spacings for girts for ordinary 
loads: 

* The use of clevises for such work has gone out of practice. 


Gauge of Sheets 

Walls 

Roofs 

#28 

3'-6" 

2'-6" 

24 

4'-0" 

3'-0" 

22 

4'-8" 

4'-0" 

20 

5'-0" 

4'-6" 

18 

6'-0" 

5'-0" 

16 

7'-0" 

6'-U" 


It is preferable to have the sheets span over two 
purlin spacings. Since the maximum length of the 
sheets is 10'-0", a lap of 6" allows a usual maximum 
spacing of 4'-9". From a study of the previous safe 
spacings, it may be seen that there are certain 
gauges which are most economical to use. The 
#22 and #24 gauge sheets are commonly used for 
siding, and the #18 and #20 gauges for roofing. 

The sizes of the girts are usually proportioned by 
experience and practical considerations and not by 
calculations. The following represents typical mini- 
mum sizes for varying conditions: 


Bays 

10 # - 0 " & 12 '- 0 " 
14'-0" & 16'-0" 
18'-0" 


Angles Channels 

3 X 21 X 1 4 u 5} 

31 X 21 X A 5 U «1 

4 X 3 X A 6 u 8 


Calculated sizes may in some cases he smaller, but 
the above minimums should be used in all eases. 
For extreme conditions, larger calculated sizes may 
result, but the above sizes have been safely used on 
many jobs. It is seldom that a full wind pressure 
is developed. 

Illustrative Prob. 360a. Calculate the required size of 
channel girt for a 14'-0" bay if the spacing of girts is 3'-6". 
Design for a wind pressure of 20#/d\ 

Load per linear ft. = 3.5 X 20 = 70# 

Assume effective span - 14'-0" - U'-0") - 13'-0" 

M = 1.5 w • V * 1 • 5 X 70 X (13)* * 17,700"# 

7 17 700 

L =7^= 11"’ about 1-1 axis 
c 16,000 

3 u 4.0 theoretically required. 

Use 5 u 61 for practical reasons. 
Vertical load per foot -- 3.5 X 4 * 14# 

Af * 1.5 X 14 X (13) 2 - 3140"# 

- (1-1) for 5 u «i - 3.0"’ - (2-2) - 0.38"* 

C c 

3140 

Stress (2-2 axis) = = 8,260#/d" 

Stress (1-1 axis) = « 5,900#/ □" 

Total * lt,100#/d" O.K. 


Sag rods (suspenders) are used to stiffen the 
channels in their weaker direction at their mid- 
points for spans 14'-0" or more. These are |" or 
<t> rods staggered back and forth 3", to make a 
tie to the eave or end struts. 
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Figure 570 shows some common details for gii 
connections to the columns. • 



(c) M 

Kiii. 5 70 


Prob. 360b. If the NpacinR of Kirl.8 is .V-0" vertically 
ami their span I.T-C", what, nixe is t heoretieally required 
for a wind pressure of 2.V/u' for (a) ehannel girts (b) 
angle girts? 


Their stiffness may be counted upon as so much 
additional protection. 

The knee braces are used primarily to brace the 
bents against the wind pressure exerted against the 
sides of the building. Since they are attached to 
the bottom chords of the trusses at their upper ends, 
and to the columns at the feet of the knee braces, 
they induce stresses in the trusses and bending in 
the columns. This action requires a separate in- 
vestigation and will be discussed later. 

If brick walls are used instead, no permtfhcnt 
bracing in the side and end walls is necessary. 
Temporary bracing, however, should be employed, 
to aid in the erection and to resist wind stresses 
caused by pressure on the frame before the brick is 
laid. 


362. Stresses in the End Frame. 

The end frame resists the wind pressure on the 
side of the building for a length of one-half a bay. 
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361. Types of Bracing.* 

The effects of the wind on a mill building are 
resisted by a series of members, namely, 

(1) the end st ruts, 

(2) the lateral rods in the end frame, 

(3) the cave struts, 

(4) the lateral rods in the side framing, 

(5) the top chord bracing, 

(0) the bottom chord bracing, and the angle 
struts between the trusses in the plane of the 
bottom chords, 

(7) the bracing between the monitor frames, 
and 

(8) the knee braces in each bent. 

The purlins in the roof become a part of the top 
chord bracing system. Some stiffness is also sup- 
plied by the intermediate girts in the side and end 
frames, but the amount is indeterminate, and 
usually its value is neglected in investigations, 
especially when a light covering for the walls is used. 

* For purptwra of denign and estimating, bracing in the side and end 
frames, as well as m the planes of the chords, averages !#/□' in weight. 


Figure 571 shows an exaggerated case of the 
tendency towards failure in the side and end framing. 
This is all that must be provided for, since each 
interior bent is designed to resist the pressure on a 
length of one bay. A portion of the pressure is 
transmitted to the foot of each column in the end 
frame by virtue of the strength of the latter. It is 
reasonable to assume that the pressure for a height 
one-half way to the eaves is so disposed of. The 
compression in the end struts is then the pressure 
on the remaining tributary area. Thus for the 
following data: 

Length of bays 10'-0", height to eaves 20'-()", 
rise of roof 15'-0", wind pressure 20#/n', 

the area tributary to the end struts is (\°- + 15) ■/ = 
200a'. The compression is then 200 X 20 = 4000#. 
The selection of the sizes for the member then be- 
comes that of designing a strut to resist this load 
(Art. 206). The length is the distance between the 
columns in the end frame (usually one-quarter of 
the width of the building). Ratio of slenderness is 
often a controlling feature. Two angles starred, or 
a pair of channels, as illustrated in Fig. 572, arc 
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/ 

commonly used. For light buildings, 2 li 3£ X 
2J X it or 2-6 C 8.2, are often su©cient. These 
members must be strong enough to resist the local 
wind pressure exerted against them and to carry 
their proportion of the siding, the same as any of the 
intermediate girts (Art. 360). 
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(Art. 205). Usually 2\ X 2 X J angles or f " 4 rods 
are sufficient and such sizes should be used as a 
minimum. Care must In? used in planning the 
details so that a minimum interference with the 
windows is obtained. 

The portion of wind load tributary to the bases 
of the columns for the data previously discussed is 

i (height to eaves) X | (width of bay) X 
pressure, or Y X V X 20 * 1600#. 

The forces on other columns may be calculated in a 
similar manner. These may be readily resisted by 
the stiffness of the base connections and anchorage, 
if properly designed for other requirements. The 
diagonal bracing rods produce some bending in the 
columns at their bases unless some horizontal 
resistance is provided. A bottom strut, similar to 
an end or cave strut, is sometimes used in large 
mill buildings, but in usual cases, the horizontal 
components of the stresses in the diagonal rods are 
small, and typical girts, placed at or near the points of 
the rod connections, are sufficient for this purpose. 


Two bays of diagonal bracing are usually suffi- 
cient in the end frame, as shown in Fig. 563. They 
must, resist the horizontal effect of the wind on the 
half bay of the side elevation, as previously dis- 
cussed, or in other words, offset the compression in 
the end strut. This means that the diagonals must 
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supply tensile resistance. Since two sets of diag- 
onals are to be used, each set is designed to resist 
in tension, one-half of the compression in the end 
strut. If the wind is blowing from the left, as in- 
dicated in Fig. 573, only the diagonal BC in the 
panel AB is in tension. If a is the angle between 
the diagonal and the horizontal, (hen the tension 
in BC is 


T = 


\ compression in end strut 
cos a 


OS-91) 


Single angles are used for these members in the 
better classes of work, although rods may be used 
for the sake of economy. The size must be sufficient 
to provide enough net section at the allowable stress 


363. Stresses in the Side Framing. 

The compression in the eave struts is developed 
by the wind pressure acting upon a portion of the 
end of the building. As before, the pressure on the 
area up to one-half the height to the end struts is 
transferred to the bases of the columns by the 
strength of the latter. The pressure on the remnin- 
ing area is brought to the eave by the end rafter 
and by the girts partially, but principally by the 
top and bottom chord bracing. In Fig. 574, the 
tributary area is 

30 X 15 

30 X 10 + — ■ - 52 5u\ 



[» *| 


Fig. 574 

If 20#/n' wind pressure is used, the compression in 
the eave struts is 525 X 20 = 10,500#. The eave 
struts are commonly made of the Hame section as 
the end struts (Art. 362). 

The diagonal bracing in the side framing must 
supply tensile resistance to oppose the compression 
in the eave struts, in a manner similar to that in the 
end frame. Bracing in the two end bays is usually 
sufficient for buildings up to 120'-0" in length. If 
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the locations of entrance doors so requite, it may be 
placed in the bays adjacent to the end oges. For 
long buildings, bracing should be placed in every 
fifth or sixth bay. Some stiffness is supplied by 
the bracing between the top chords of the roof 
trusses. This is not sufficient in itself and its chief 
value is in the erection of the frame. The amount 
of stiffness of the top chord bracing, in aiding the 
side framing, is indeterminate, and the usual pro- 
cedure is to neglect its value and to develop the 
wind pressure by the lateral rods. Common 
practice is to assume that only two bays of diag- 
onals resist the pressure. This is true for short 
buildings in which only two bays are used, and in 
long buildings the braced bays at each end are too 
far apart, so that only two bays should be con- 
sidered as effective. Of course only one diagonal 
in a given panel offers tensile resistance at a time, 
depending upon the direction in which the wind is 
blowing. If P is the compressive force in the cave 
struts, and 0 is the angle between the diagonals and 
the horizontal, the tensile stress in one diagonal, 
based upon the above assumption, is 


T 


- 1 


compression in cave strut 
cos & 


(S- 92) 


The same sizes of bracing material are generally 
used as in the end frames (Art. 362). 


364. Top Chord Bracing. 

The bracing in the planes of the top chords is used 
principally as an aid in erection and to relieve the 
roofing material of excessive strain. Diagonals arc 
introduced in the end and other braced bays, as 
shown in Fig. f>G3 (c). With the wind blowing on 
one end of the building, only one set of diagonals is 
in tension. If these are considered only, an im- 
aginary Pratt 11 truss ” is formed, as illustrated in 
Fig. 575. The top chord of the first roof truss forms 
one chord of the bracing truss, and the end rafters 
form the other chord of the bracing truss. The 
purlins at the panel points form the web compression 
members, and the diagonal bracing rods the web 
tension members. This “ truss ” is in reality in two 
planes because of the two roof slopes. The panel 
point loads on this “ truss ” may be found by refer- 
ring to the end frame, calculating the tributary areas, 
and multiplying these by the specified intensity of 
wind pressure. The tributary areas arc illustrated 
in Fig. 575. The stresses may then be determined 
in the usual way, by calculation (Art. 190), or by a 
graphical stress diagram (Art. 189). The maximum 
tension in the diagonals is thus obtained and the size 
of rods determined. In mill buildings of average 
size, }" 0 or 4> rods are usually sufficient. The 
size is of course kept constant for all diagonals for 
simplicity of details. 


366. Bottom Chord Bracing. 


The bracingta the plane of the bottom ohords of 
the roof trusses al&o becomes an imaginary “ truSs,” 
as shown in Fig. 575. The bottom chord of the first 



roof truss forms one chord of the bracing truss, and 
the end struts form the other chord. A series of 
“ web members ” are supplied by the bracing angles. 
These prevent undue deflection of the columns in 
the end frame and of course stiffen the bottom chords 
of the roof trusses. The stresses may be obtained 
as before by calculating the tributary areas of wind 
pressure on the end frame, determining the ' * panel 
loads,” and proceeding as in any truss solution. 
Instead of using this procedure, some engineers 
proportion these angles by ‘ ‘ experience. * * Minimum 
sized angles of 2\ X 2 X 1 should he used in any 
instance and these may be increased according to 
the lengths of the bays. 

Angle struts are usually employed in the plane 
of the bottom chords of the roof trusses along the 
length of the building between the panels of bracing, 
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as shown in Fig. 563. These do not receive stress, 
theoretically, but aid in stiffening the frame in a 
practical way. Single angles of a nominal size, 
often 2 \ X 2 X £ minimum, are used, but a limiting 
ratio of slenderness will often govern. They should 
be sufficient in sections so that their deflections under 
their own dead weight do not exceed of their 
span lengths. The connections should be designed 
to develop the net sections of the angles by rivets. 

Bracing in the monitor frame is often omitted 
because the areas subjected to wind pressure are 
relatively small. When used, it is principally an 
aid in erection. A ridge strut is sometimes used 
between the monitor trusses to stiffen the frame 
(Art. 212). 

366. Stresses in a Transverse Bent. 

The dead load and snow load stresses in the roof 
trusses of a transverse bent may be obtained by the 
usual methods, either graphical (Art. 189), or 
analytical (Art. 191). There are no stresses caused 
in the knee braces by dead and snow loads, except 
those due to the deflection of the truss. The latter 
are very small, and only involved investigations will 
determine their approximate values, and conse- 
quently they are neglected in ordinary practice. 

For average mill buildings, some designers deter- 
mine the wind stresses with the wind loads normal 
to the roof in the customary way (Art. 101) and 
obtain the maximum stresses in the roof truss ac- 
cordingly. They arbitrarily make the knee brace a 
pair of angles (back to back) of the same size as 
those in the bottom chord of the truss. The effect 



of the stresses in the knee braces upon the stresses 
in the members of the truss proper is then neglected. 
Larger sized angles in the truss arc seldom required 
for the extra stresses induced by the knee braces. 
The effect of the wind prcssurc^^inst the side 
of the building upon the co«^s cannot be as 
simply neglected unless their size is arbitrarily made 
larger. The stress in the knee brace also produces 
some bending in the column. Knee braces may be 
omitted when the truss is attached to the columns 
at two points (Fig. 334), as these connections in 
themselves are sufficient to stiffen the frame against 
the action of the wind. 


Many designers prefer to make a more careful analysis of 
the stresses in a transverse l>ent, however. Figure 576 shows 
the effect off the wind on a bent, that in (a) illustrating over- 
turning, and that in (6), buckling of the leeward knee brace, 
inducing failure in the roof truss. Overturning is a remote 
cause of failure, but the tendency must be considered. Before 
any analysis can l>e made, it is necessary to assume a condi- 
tion as to the degree of fixity at the l)ases of the columns and 
at their tops, and as to the type of knee brace connections. 
There are a numberof assumptions possible, the more common 
of which are: 

( 1 ) columns hinged at the top, and fixed at the bottom, 

(2) hinged at the top and at the bottom, and 

(3) fixed at the top and at the bottom. 

For many practical reasons, the usual assumption made 
is the last named alx>ve, (3). Riveted connections fix tho 
tops of the columns to some extent. The degree of fixity 
developed is not a positive amount, and depends upon the 
details used, but it is definite enough so that pin ends could 
not l>e a reasonable assumption. The bottoms of the columns 
are more or less fixed by heavy buses and anchorage to tho 
footings, as well as by the dead loads on the columns, and 
a “ free end ” condition is not a probable assumption. < )ther 
factors which complicate any theory are the stiffness of tho 
knee brace connections, that of the roof framing and covering, 
and the variations between theoretical and actual wind 
pressures on large vertical and inclined surfaces (Art. 160). 

( >ne of the effects of the wind is to produce direct stresses 
in the columns. Tension is induced in the windward and 
compression in the leeward column. The first instance does 
not affect the design, as the tension tends to neutralize some 
of the compression due to dead load and would not ordinarily 
be large enough to exceed it. Obviously, the compression 
developed in the leeward column by the wind action must l» 
added to that due to the vertical ioads, to obtain the maxi- 
mum value. Figure 577 shows the wind acting horizontally 
on all surfaces. Other theories assume the wind to act per- 
pendicularly to all surfaces, but the former assumption is 
more common. The analysis of the effects of the wind is 
similar to that for portals in bridge design. 

Let W ~ the total wind pressure, acting horizontally on 
the side of the building over one bay in 
length, 

Hi and H% ~ tho horizontal reactions at the bases of the 
two respective columns, 

V i — the vertical reaction, acting downward, on the 
windward column, 

Vi *= the vertical reaction, acting upward, on the 
leeward column, 

L = the distance l>otwecn the center-lines of the 
columns, and 

H = the total height of the building. 

One-half of the horizontal pressure, \V t is resisted at each 
base, or ur 

Hi = H, ( 2 // - 0 ). 


These values represent the tendency to shear off the anchor 
bolts of the columns, or to slide the Iwnt sidewise. The 
resultant wind pressure is assumed to act at a point half-way 

jj 

up the height of the building, ~ , assuming the I wise of the 

column as the bottom of the building. Taking momenta 
about 

V, L - W • Y (2A/ - 0), or 


V t 


W • H 
2 ~L~ 


V, - V t CSV - 0) 
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The above value is the direct compression' induced in the 
columns by the wind. The tension may be thought of as the 
uplift the anchor bolts must resist. # 

The knee brace tends to produce bending in the column.* 
The maximum moment occurs at the foot of the knee brace, 
and the worse condition is in the leeward column. If fixed 



concentrated force at its point of maximum moment. Figure 
577 (e) shows thj loading, and (d) and (c) the corresponding 
shear and moment diagrams. The first step is to calcgilate 
Rt and Wc- It is" 1 known that Wc 38 Rt + #*• Taking 
moments about D in (e), 

Rx(h — d) * Ht • d, or 
Hf d 

Rt ■ (i ~) • (S ^ 3) 

When Rt is known, Wc * H 3 4- Rt- The 
maximum bending moment is then 

X ( w ^ en reduced for continuity), 
Wc • h 

or — « — . 




Kl 


Wj E | 

lull 

(') M 


Pur/t/r* v 


7r/6u?*r v /4r*a 

itt*^ 


Fin. 577 

ends, as previously discussed, are assumed for the column, 
the point of inflection is located at a [joint, half-way up the 
height of the column from the Imse to the knee brace. The 
force, Hi t may be assumed as acting at this point. The 
bending moment in the windward column is then ( Hi — Wji)d, 
and in the leeward column is • <i, when Wb is the portion 
of wind load carried at the foot of the windward column. 
Since H x = H 2 , the latter condition of bending is greater, 
so that it will usually control the design. The column may 
he considered as a beam fixed at the ends and supporting a 

* The girts, in resisting wind pressure, also induce bending in the col- 
umns. Those located below the knee brace connection are effective. 
For buildings of ordinary heights, this nmy be neglected. For heights 
exceeding HO'-O" to the eave, the amount of bonding may be approximated 
by considering the column as a fixed-end beam with a series of concentrated 
loads. 


When Wc is known, the stress in the 
knee brace may be calculated from 

Wc 

stress K « (Fig. 577 (6)). (S- 94) 

sm p 

A pair of angles may then be propor- 
tioned for this stress by the usual methods 
(Art. 206). Ah previously stated, these 
angles are commonly made the same size as 
those in the truss web member opposite the 
knee brace, unless larger ones arc necessary. 

The action of the knee brace also causes 
induced stresses in the roof truss. Refer- 
ring further to Fig. 577 (/>), the horizontal 
and vertical comjHJiicnts of the stress K 
are Wc and Vk respectively. The net 
vertical effect at the point E is then equal 
to S = Vt - Vk • The value of Vk is H’c + 
cos (i. From the value of the vertical force 
at point E, the stress induced in the top 
chord, T , may lx* obtained, or 


1 ' When T is established, the stress induced 

in the bottom chord of the roof truss, B, is 

H — Rt — T • cos a, (S -1)6) 

in which a is the inclination of the top 
chord with the horizontal (Rt iH a previ- 
ously established value). When K, T, and 
B are known, the remainder of the stresses 
in the roof truss may l>e obtained by draw- 
ing a stress diagram in the usual manner. 
The whole investigation is laborious and 
very often is omitted in practice. As 
previously stated, the sizes of the truss metnliers, if con- 
servatively projjortioned, are seldom increased beyond those 
resulting from the usual truss design. 

367. Typical Design Example. 

In order to summarize the foregoing notes on the 
design of typical mill buildings, an illustrative 
problem will be worked out for the following data: 

Length of building = 150'-0" center to center of end 
frames = 10 bays at 15'-0" each. Width of building - 
60'-0" cen ter to ccn ter of outside columns. Height to eaves * 
18'-0". One-quarter pitch roof. Monitor 7'-6" high, 15'-0" 
wide, to be in inside 8 bays. Roof and sides covered with 
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"corrugated sheeting. Windows in each side, 7'-3" X 10'-6". In Fig. 578 (6), sparing of truss panels - 7'-6" horizontally. 

Windows in ends, G'-3" X 10'-6". One door in each end, Panel load « 7.5 X 15.0 X 40 « 4500#. 

3MJ" X 7'-0". Two doors in each side? 7'-6" X 10'-0" Figure 579 (a) shows the truss diagram and (6) shows a graph- 

(located in third bay from each end). Columns to be supported ical solution for the stresses. Figure 579 (c) and (rf) shows 
by reinforced concrete footings. Knee braces connected to the resulting stresses in the monitor frame. Figure 580 
columns 3'-9" below trusses. Total combined load on roof = gives the kinds and the values of the stresses in a transverse 


% 



Fig. 578 Fig. 579 


40#/n' (dead -f live), all considered to act vertically (Art. 
1(H), — this includes local action of wind on roof. Wind 
pressure (for design of bracing, etc.) » 25#/n'. Use type 
of truss shown in Fig. 578 (6). Draw typical line diagrams 
of transverse l>ent, side framing, end frame, top chord bracing, 
and bottom chord bracing, showing all the members and their 
sizes. * 

Distanc e between pane l points of truss 

* \/(7.5) 2 + (3.75)* - 8.2 V in plane of top chord. 

This is too great a distance for corrugated sheeting to span. 
Use intermediate purlins as shown in Fig. 578 (6). 

From Art. 1(14, use #18 gauge corrugated sheeting. 

From Fig. 578 (a), load on purlin = 3.75 X 40 » 150#/ft. 



/ - 13.0"« 


5 W l* 5(150 X 15) XI5 X 15 X 15 X 12 X 12 X 12 
D ~ 384 E - 1 " 384 X 29,000,000 X 13.0 

- 0.45" 


J_ _ 16 X 12 
300 ” 300 


0.5" O.K. 

Use 6 C 8.2 purlins. 


bent. The design of the truss mcml>crB will bo considered 
after other factors are established. 

Although the sizes of the bracing niemljors are often estab- 
lished arbitrarily, the theoretical values will Imj developed. 


£ m 



Fig. 580 


figure 581 (a) shows a partial elevation of the end frame, 
and the assumed areas tributary to the “ panel points ” of 
the top and bottom chord bracing, and at the foot of each 
column. 


D (allowable) 
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Force at o 
b 


9.0 + 10.02 


*7-«X25#/d' 


10.92 + 14.02 
2 


X 15.0 X 25 


1870# 

« 

4780 


c « 15.58 (ave.) X 15.0 X 25 
d - 7.5 X 9.0 X25 
e - 15.0 X 9.0 X 26 
/ - 15.0 X 9.0 X 25 


9 


7.5 X 1.02 
2 


X 25 


h 


1.92 -f 5.62 
2 X 


15.0 X 25 


i - 6.58 (ave.) X 15.0 X 25 


- 5840 

* 1690 

- 8380 

* 3380 

- 180 


- 1420 

- 2470 


Figure 581 (b), (c) and (d) shows these loads. 






Or CoLi/rfNS 

M 

Fio. 581 


1 3340 " 


Figure 582 illustrates the stress solution for the bottom chord 
bracing “ truss.” That in (a) is for the wind on the outside 
of the building at one end, and (b), for the loads brought to 
the same “ truss ” through the frame, when the wind is blow- 
ing in the opposite direction. The stress diagram for the 

latter would las similar to that shown in (a). The diagonals 
are assumed to carry tension only. 

Maximum tension (in member 1-2) =* 10,900# 

. , 10,900 

Net area required * ~ 9.680” 

Gross area of 1 L 2J X 2 X } * 1.06O” 

1 hole out * 1 X l = 0.22 


Net area * 0.840” O.K. 

Use 21 X 2 X } L diagonals for 
bottom chord bracing. 


Maximum compression (in member 4-5) — 5840# 

L - 15'-0". (Max. - - 200. Min. r - - 0.9" 

1 r » 
From Table 78, Try 2 £ 3 X 2 X 1 long legs vertical. 

r(min.) - 0.95" p - 16,000 - ~ - X p ^ r * 12 - 2700#/d" 



Fia. 582 




Area required =* = 2.160” 

Area of2t!3X2Xl - 2.38D” O.K. 

Use 2 |£ 3 X 2 X i for struts in 
bottom chord bracing. 

Figure 583 shows the resulting stresses in the top chord 
bracing. This bracing is planned to be in 4 transverse panels 
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'as ah 6 wn, running between adjacent top chords. When the 
purlins are farther apart, the bracing is often framed between 
purlins instead. The stresses may be obtairfed by drawing a 
diagAm similar to Fig. 582 (a), or by direct computations, as 
follows: 

21 25 

Stress 1-2 - (2840 - 180) X - 3770# 

21.25 

Stress 3-4 - 1420 X ~ - 2010# 

Maximum tension (in member 1 - 2 ) = 3770# 

1 3770 

Net area required « Jqqqq * 0.24Q" 

Net area of J" £ rod = 0.302n" O.K. 

Use J" 4> rods for diagonals 
in top chord bracing. 

The next step is to investigate the bracing in the side and 
end frames. Figure 584 illustrates the tributary areas in 
these cases. 



Amt Clcva noN-JS/ee PHAMe 


Pamt f ion- £no PtAhte 


Fig. 584 


V = 10,000 — 5400#/d" 

Area required = gjgjj = 0.83CJ" » 

Area available * 2 . 120 " O.K. 

Use 2 11 2 $ X 2 X J starred for end struts. 
Diagonal bracing in end frame (2 panels). 

i of force in end strut * - 7 -- = 2250# 


sec. Z a (Fig. 584 (i b )) - ^ - 1.56 

Stress in 1 diagonal, assuming any diagonal takes tension 
only, - 2250 X 1.56 - 3520#. 

Use J" 4> rods for diagonals in end frame. 
Pressure on Eave Strut *= wind load on area “ B ” in Fig. 

684 ( 6 ) ■ ( 15 '° * 30 0 + 30.0 X X 25#/d' - 12,380# 

12 380 

Similar to end strut. Area required * « 2.29D" 

Use 2 £ 2 J X 2 X A starred for eave struts. 


2.29D" 


Diagonal bracing in side frame. Assume wind force re- 
sisted by only 2 bays of diagonals, on account of possible 
expansion joints. 

12 380 

J of force in eave strut » — Jr — » 6100# 


sec l $ (Fig. 584 (a)) - - 1.56 

Stress in 1 diagonal -> 6100 X 1.56 - 0660# 

xr x . \ D660 

Net area required - - 0.1500" 

Use I” <t> rods for diagonals in side frame. 

The horizontal components of the stresses in the diagonal 
bracing in the Bide and ond frames are provided for by the 
shearing resistance of t.he anchor l»oltH of the column hose. 

Horizontal component, of 9660# (max. diagonal stress) 

_ 15.0 

- 9660 X— * 6200# 

6200 

i 0 0 00 ~ 0, ^ a ” arca required. 

2 -j" <f> anchor l)olts are ample for shear resistance (see later 
computations). 

The anchor bolts provide shear resistance, but local tending 
is induced in the columns. Theoretically, a bottom strut is 
required to offset, this, located at C and 1) in Fig. 584, but 
in practice a girt placed near these points will lie sufficient 
for all ordinary cases. 


Pressure on End Strut = wind load on area “A” in Fig. 
684 (a) = ^ x (l5 0 + X 25#/a' - 4500# 

I IP. y 12 

L - 15'-0". Max. - = 200 . Min. r - — - 0.9" 
r zuu 

Try 2 \1 2 j X 2 X i starred (Art. 271) r = 2 X 0.59 - 1.18" 
: - . _ 70 X 15 X 12 



«sbr ~ r 


Fig. 585 

The next step is to study the effect of the wind on a trans- 
verse bent. Figure 585 shows the general action. The 
total height = 18'-0" + 15'-0" * 33'-0". Let W « the total 
wind force on one bent. 'Phis is the area “ E " in Fig. 
584 (a) times the unit wind pressure, or IF =* 33.0 X 15.0 X 
25#/tT = 12,4(K)#. The direct stress in the side columns 
due to the overturning action may now be computed. Taking 
moments about B in Fig. 585, 

60 ft, = 12,400 X , or ft, = 3410# 

By 2 // « 0 , ft, = ft, - 3410# 

The leeward column is the critical one (ft), since extra, 
compression is added to that caused by the superimposed load. 
R i induces tension in the windward column, which relieves 
the compression otherwise induced. The maximum uplift on a 
column is thus 3410# (neglecting the dead load on the column). 

Net area required for anchor Iwlts =* = 6*21 

Use 2-1 anchor bolts for each column 
(see previous calculations). 

The minimum number of anchor bolts should be two, and 
the minimum diameter 1 ". They should be placed os far 
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apart as possible in the plant of the wind. Some engineers 
provide a size which will safety resist one and one-half times 
the bending moment at the base of the columns.* 

Direct bending is caused in the windward column by the 
wind load. The load per ft. of height * 15 X 25 — 375#. 
Consider the jjortion of the oolumn below the knee brace, 
or L * 18.0 — 3.75 14.25 ft. The wind load will be 

assumed as uniformly distributed.* The ends of this vertical 
“ beam ” will be assumed as fixed. 


M 


wjJ? 375 X ( 14.25)* 
12 " 12 


6350'#. 


This value does not control, however, and the bending 
moment induced in the column by the action of the knee brace 
is larger. This occurs at the foot of the knee brace at the 
leeward column. 

If W (as calculated above) * 12,400#, then by ZH « 0, 
Hi = Ih - 0200#, in Fig. 585. 

The point of contraflcxure will be assumed as half-way 
1)ctween the foot of the knee brace and the base of the column 
(fixed end column). For purposes of computing the bending 
moment, //* may be assumed as acting at the point of contra- 
flexure. (Fig. 585 ( h )). Its arm with respect to the foot of 
the knee brace is then { (18.0 — 3.75) * 7.13'. On this basis, 

M = // 2 X arm - 0200 X 7.13 - 44,200'# 

The side columns must l>e proportioned for this bending, 
in addition to the direct compression induced by the super- 
imposed loads (see later computations). 

The next step is to determine the stress in the knee brace, 
induced by the wind. Considering the leeward column as a 
free body, as in Fig. 585 (5), assuming Ih to be at the 
point of contraflexurc, and taking moments about A”, 

lh X 7.13 - Ih X 3.75 
0200 X 7.13 = /e 3 X 3.75, or ft* « 11,750# 

By 2 If -0, Ih = Ih + lh 

«= 11,750 + 0200 - 17,950# 

Ih is the horizontal component- of the stress in the knee 
brace. 

■ , y w //-« ... #3 

sin Z at A = . : , or stress m knee brace — 

knee brace sin Z 

7.5 

stress = 17,950 + — = 20,100# 

8.4 


A theoretical investigation may lie made to determine the 
stresses in the truss induced by the stress in the knee brace. 
The first step iH to find the stresses in the members T-l and 
/M (Fig. 580) due to such action (independent of the regular 
roof load). 

By 2 V ~ 0, the vertical component of the stress in B~1 
= /f 2 — the vertical component of the stress in the knee 
brace. . 

/ nt K - /. tan- 1 - = 2.0, or 63° 30' 

cos fi3° 30' = 0.440. 


Vertical com ponent of B-l « 3410 — 20,100 X0.440 = 55 70#. 

Stress in B- 1 =■ vertical component 4- sine of the angle of 
inclination of the top chord, or = vertical component 4- sine 
20° 34' (1 pitch roof) « 5570 4- 0.447 = 12,500#. 

The Btress in F-l - R 3 - the horizontal component of 
the stress in B-l = Ih — stress in B-l X cos 20° 34' ® 
11,750 - 12,500 X 0.894 * 580#. 

With these two values established, and the stress in the 

* In reality, the wind load id a aeries of concentrations brought in by 
the girts. However, uniform load distribution is sufficiently accurate for 
this investigation and, in some eases, gives a larger bending moment which 
would be on the safe side. 


• 1 

knee brace as a force, the stresses in the remaining members 
may be found, usually by a graphical solution, t 
The above investigation is not usually made in practice, 
as it is laborious, and many of the sizes of the truss meAben 
would not change, particularly when practical, minimum 
members are considered. However, some engineers prefer to 
arbitrarily increase the stresses in the truss members, say 20%, 
to make an allowance for the action of the knee brace. This 
will be done here. The following stresses will then result 
(refer to Fig. 580) : 


B-l, 0-2, />-5, B-6 
Y - 1 
Y - 3 
Y 7 

1— 2, 4 5, 5-6, D-E 

2— 3 

3- 4 

E-E\ E'~E" 

4- 7 
6-7 

Refer to Fig. 586. 


35,100 X L2 * 42,200# 
31,500 XL2 = 37,800 
27,200 X 1.2 * 32,600 • 
18,400 X 1.2 - 22,100 
4,500 X 1.2 * 5,400 
6,700 X 1.2 - 8,050 
9,000 X 1.2 » 10,800 
4,900 X 1.2 - 5,880 
12,600 X 1.2 - 15,100 
19,300 X 1.2 * 23,200 



Design of truss members. The top chord will be made in 
l length each side. Maximum stress = 42,200#. L = 
8'-3" dh between joints. 

Min. r = — - — 0.825". Assume gusset plates j|" 


thick, average. Try 2 11 4 X 3, min. r ~ 1.27" (ave.) 


p - 16,000 - 
Area required 


70 X 8.25 X 12 


1.27 
42,200 
10, .540 = 


= 10,540#/n" 


4.00n" 


This requires 2 II 4 X 3 X ft 

However, the meml>er is subjected to indirect stress, 
caused by the bending due to an intermediate purlin load of 
150 X 15 - 22,50#. 

P L 

Assuming fixed ends, M = ■ 




Ity 2 £ 4 X 3 X I, “ - 2 X 1.5 - 3.0"*, A - 4.960" 


t Such a type of solution is discussed in M. S. Ketch urn's “ Mill Build- 
ings,” — McGraw-Hill Book Co. 
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Indirect stress ** 


Direct stress =* 


27,800 

3.0 

42,200 

4.06 


9,270 

8 , GOO 


* Total - 17,770#/a" excessive 

Try2 £ 5 X 3| X - 2 X 2.3 - 4.6" 1 , A - 6.10Q" 

c 

27 ftnn 

Indirect stress » - 6,040 

• 4.0 


direct stress 


42,200 

6.10 


6,920 


p - 16,000 


Total - 12,960#/a" 
70 X 8.25 X 12 


1.46 


11 ,240#/o" 


Not area required 


37,800 


2.360" 


16,000 

Try 2 l* 34 X 24 X A, gross area = 3.56 
2 holes out, each angle, 

- 2 X 2 X } X A * 109 

2.470" net O.K. 

Use 2 m 34 X 24 X A for Y- 1 and T-3. 

Member Y- *7. Maximum tension * 22,100# 

Kr . , 22,100 

Net area required = = 1.38n" 

Try 2 H 2J X 2 X A> gross area = 2.62 
2 holes out, each angle, 

- 2 X 2 X l X A = 109 

1.53a" net O.K. 

Use 2 in 2J X2 X A for Y- 7. 

Members 6-7, and 4-7, make in 1 length 
Max. stress - 23,200# 

Use 2 m 2} X 2 X A for £-7. 

Web members. Maximum compression = 10,800# ( = 3-4). 
7.5 X 12 


L = 7'-6". Min. r 


120 


0.75" 
0.78 


Try 2 li 21 X 2 X 1, min. r 
V = 10,000 - < ff, x 12 = 7940#/cT 


Area required 


0.78 

10,800 


1.360" 


7940 

Area available - 2.120" O.K. 

Use 2 m 24 X 2 X i for 3-4. 
Make 1-2 and 5-6 the same 
(the minimum desirable section). 
Members 2-3 and 4-5. Maximum tension ® 5,400# 

Use 2 m 24 X 2 X 1 

For members D-E and E'-E ", use 2 H 24 X 2 X }. 

For members E~E\ E'-F', and tie 7-8, use 1 L 24 X 2 X i. 
Knee brace. Maximum stress = 20,100# 


L - 8'-3"±. Min. r - — ^ 12 - 0.826" 
Try 2 £ 3J X 2J, min. r (ave.) - 1.11" 

V 


,6.000 - — 8^X12 . OT7Qf/o „ 


Area required 


1.11 
20,100 
1 9770 


- 2.06a" 


Maximum allowable - 1.25 X 11,240 « 14,040#/a" O.K. 

Use 2 £ 5 X 34 X | for top chord. 

Bottom chord . The member F-7 will be shipped loose, 
with the left and right hand remainders as shipping pieces. 
Maximum tension = 37,800#. 


Area 2 II 34 X 24 X i - 2.880" O.K. 

Use 2 £ 34 X 24 X 1 for knee braces. 

Side columns. From roof * 18,000 

Vertical component of stress in knee brace « 8,980 

Maximum load « 26,980# 

Maximum bending » 44,200'# (see previous calculations). 
Unbraced length 14'-3" * 14.25'. 

Minimum radius of gyration » ^ 


120 


- 1.43" 


Trial area 


2.700' 


26,980 

‘ 10,000 

Try 4 H 34 X 24 X i laced, 12" back to back. 
From properties of sections, A » 5.700" 


I 170 

c ” T " 28 - 3 "' 


/1-1 - 170" 4 


p - 16,000 - 


I‘2-2 = 
ri -2 (min.) - 
70 X 14.25 X 12 


direct stress = 
indirect stress * 


1.76 
26,980 
5.76 ~ 
44,200 
28.3 


12.7"« 

1.76" 

= 9240#/ □" 


4780 

1560 

6340#/a" O.K. 

Side columns 

Use 4 11 35 X 24 X \ Ijttccd 
2J X 1 Lacing. 


Load on end columns = 1/3.0 x 7.5 X 40 
From end frame = 15.0 X 21.25 X 15 


18.0 X 12 . _ 

Min. r — — = 1.80" 


= 4500# from roof 
- 4780 

9280# 


120 

Column braced in sidewise direction by girts 
ri-i - 2.86" for 7 1 15.3 

70 X 18 X 12 


16, (XX) - 


2.86 


10,710#/a" 


9280 
2 

Braced lx>th ways by girts. 


End columns 
Use 7 I 15.3 


Load on comer columns = — — 


- 4640# 

Comer columns 
Use L 6 X 6 X 4. 

Girts — maximum spacing = 3'-8". L » 1.V-0" 

Wind pressure « 25#/a' Ld./Ft. = 25 X 3.67 * 92# 

M * 1.5 X 92 X (15)* - 31,000"# 

/ ^ 3 LOOP = Use 4 C 5.4 girts 

c 16,000 4" 0 sag rods at mid-span 

Use #22 gauge corrugated siding. 
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Figures 587, 588, and 589 show typical line diagrams of 
the elevation of the end frame, partial elevation of the side 
framing, and j>art planB of the bottom chord and top chord 
bracing, respectively, with the relative locations and sizes 
of the memliers. The bracing in the top and bottom chord 
planes and in the side framing occurs in the 1st, 4th, 7th, and 
10th bays. 

Prob. 367b. Make a complete design for a mill building 
of the type of transverse section shown in Fig. 500. Length 
of building = 18 bays at 15'-0" each. Use corrugated 
sheets for ends and sides and for roof except at sawteeth. 
Total load = 40#/ □' of roof acting vertically. Wind load 
(for bracing, etc.) = 20 #/n\ No knee braces required and 
no Iwttom chord bracing is necessary. Calculate the bending 
in the outside columns due to the wind action. Draw line 
diagrams showing the locations and sizes of all members. 

Prob. 367c. Make a complete design for a mill building 
of the t.yiie discussed in the above illustrative example with 
the following variations: 

Length of building - 192'-0" center to center of end 
frames =12 bays at lO'-O" each. Width of building = 
50'-0" center to center of outside columns. Height 





Pa at Plan Of B.C.B&ac/ng 



CLevArtON Or Fnd Framf 

(o/far W- o/yroj*/* Aarrj) 

Fiu. 587 



Fio. 588 


Fkj. 590 

to eaves = Pitch of roof 30°. 

Monitor 7'-0" high, 14'-0" wide, to be 
in inside 8 bays. Roof and sides covered 
with corrugated sheeting. Knee braces 
connected to columns 4'-0" below 
trusses. Allow for snow load of 20#/ u' 
of roof surface, acting vertically. Allow 
5#/m' for weight of steelwork and 
2.0#/a' for weight of corrugated sheet- 
ing for roof. Assume wind load acts 
normal to roof, based upon a 30#/ n' 
pressure on a vertical plane (see Art. 
160). Draw typical line diagrams 
showing the locations and sizes of all 
members. 

368. 41 Standard ” Buildings. 

In recent years particularly, there 
has been a tendency to standardize cer- 
tain types of buildings, especially mill 
structures, when the conditions sur- 
rounding the project do not impose 
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special requirements of size and irregular framing, 
and when standard equipment is to lx* installed for 
a definite kind of manufacture. There are a few 
companies which specialize in this kind of work.* 
Advantages which are claimed are speed of erec- 
tion, tower costs, and possibility of lateral extension 
by combinations of interchangeable units. This is 
made possible by a permanent stock of fabricated 
structural steel, proofing lumber, steel sash, and so 
on, held subject to prior sale and ready for immediate 
shipment. Standard designs, specifications, and 
plans, on a quantity production basis, are used 
in so far as they can generally be made to conform 
with the majority of building codes. Figure 591 
illustrates typical structures of this kind. In these 
“ Standard Factory Buildings,” the walls are built 
of brick, clay tile, concrete- block or concrete tile, 


which of course are more enduring than when a light 
covering is* used. 

Another type of standardized truss which has lieen recently 
introduced on the market is the Massillon arc-welded unit. 
Figure 592 shows the characteristic features of such members. 
The top chords are curved to an arc so that uniform com- 
pressive stresses result in them. The bottom chord is made 
level with the 1 waring ^joints. All members are made of 
single angle sections, and the shop connections are electric 
arc-welded. Field connections aie made with lxilts. Stand- 
ard lateral bracing is provided to connect to standard punch- 
ings in the trusses, and the top chords are punched to receive 
purlin connections or those for other secondary members, 
such as joists. 

These trusses are made in two series of 5 trusses each, one 
designated as a *' light load ” series and the other as a “ heavy 
load ” group. These trusses are made to accommodate spans 
iroin 4<)'-0" to W)'-0' ' | by grouping a range of spans and load- 
ings into usable limits of a given structural section. Small 
changes in span may l)c suited by extending the trusses 


TABLE 93i 

MASSILLON STANDARD CURVED CHORD ROOF TRUSSES 
Total Safe Loads in Lba. per Sq. Ft. 

ruiformly Distributed 


IJght Load Series Heavy Load Series 

Bay width in feet (renter to renter of trusses) Bay width in foot (renter to rontrr of trusses) 

Truss Clour Truss Clear 



Designed in accordance with American Institute of Steel Construction’s 1923 Specifications. 

Decrease loads 10% if American Bridge Company's Specifications are used 

For special loadings due to shaft hangers, heating equipment, monorail, or other conditions — special designs are necessary. 


* One of the most prominent- in this type of construction is the Austin 60'-0" spans are shipped in two lengths, suitable splices being provided 
Company, Engineers and Builders, Cleveland, Ohio. for the erection of the latter. 

t Trusses for 40'-0" spans arc shipped in one piece, and trusses for t Massillon Steel Joist Co., Canton, Ohio. 
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bqyond the walls to build into the eave construction, or by 
cutting small portions of the ends off, as the case may be. 
This is possible because the end gussets anu bearing plates 
are especially designed for this purpose. Table 93 gives total 
safe loads, uniformly distributed, for this type of truss. By 
varying the spacing of trusses, any given uniform roof load 
capacity may be provided. Usually a L.L. of 25 #/d' of 
horizontal projection is sufficient for a curved roof of this kind, 
but the local building ordinance should be consulted. Con- 
centrated loading conditions require special designs, as 
noted at the foot of the table. A suspended ceiling of metal 
lath and cement plaster may be used for appearance or to 
reduce the fire hazard. 


ported by the building oolumns, as shown in Fig. 595. 
Cranes are designated by their capacity to lift loads 
as light, when 25 tons or less, and as heavy, when of 
larger capacity. 

The design of crane girders becomes a special 
problem, because lateral forces are exerted upon 
them by the cross-travel of the load, impact, and 
in attempts to lift loads obliquely. Cranes are also 
subject to misuse. Some operators will attempt to 
drag loads out of the side wings of a building until 
they are under the crane and then lift them. This 



369. Crane Girders. 

In the majority of mill buildings, travelling cranes 
are provided as a part of the equipment. Figure 
593 illustrates a typical example. The design of 
the crane itself is made by the manufacturers, but 
it is necessary for the structural engineer to provide 
sufficient supports upon which the crane may func- 
tion. The crane consists of a girder itself, t usually 
of varying depth, carrying a mechanism for lifting 
loads when the power is applied. The crane is 
supported at each end by end carriages which have 
two or four wheels each. These wheels run on rails 
provided on tops of the supporting girders (Fig. 594). 
The latter run lengthwise of the building and are sup- 

* Monition Stool Joist Co.. Canton, Ohio. 

t Care should be used in discriminating between the girders of the crane 
and the girders supporting the crane. 


abuse results in the horizontal component of the 
diagonal lifting force tending to act as a lateral force 
upon a crane girder. Such a force also tends to 
distort the bent of framing where it occurs, so that 
mill buildings in which cranes are used must be 
designed conservatively. The crane girders them- 
selves must also be designed for combined vertical 
and lateral bending. 

The loads from the crane occur as wheel loads. 
Hence the criterions for the maximum bending 
moment and the maximum shear must be determined 
for moving loads. Figure 596 shows dimension 
diagrams for four and eight-wheel cranes and Table 
94 gives the corresponding dimensions, } clearances, 

X Values of P may be approximated when data are lacking by using 
the capacity in tons divided by 10, plus 7'-0'\ 
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Dimension Diagram of Standard 4-wheel Suaw Cranes Dimension Diagram of Standard 8-wheel Shaw Cranes 


Fig. 696 
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, TABLE 94* 

DIMENSIONS OF STANDARD CRANES, 30-FT. HOIST (SEE FIG. 9H) 
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* Shaw Cranea — Manning, Maxwell A Moore, Inc. 

t These dimensions apply to O-wheel cranes, and are the wheel-bases of the equalising trucks. 
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and wheel loads. The action of cranes is accom- 
panied by vibration and impact, and 25% (the usual 
specification) should be added to the weights of the 
moving parts and loads as tabulated to obtain the 
design loads.* The clearances given are usually of 
more interest to the mechanical engineer than the 
structural engineer, although some of them are im- 
portant to the latter. The dimension J influences 
the elevation of the crane rails, and A, the distance 
between the centers of crane girders and conse- 
quently the final location of the supporting columns. 
Dimensions E and G affect limitations upon knee 
braces for the roof trusses. Wheel loads will vary 
slightly with different makes of cranes, but the above 
table gives average values. The height of hoist 
should be noted, which is usually a maximum of 
30'-0" or 32'-0". Higher hoists may increase wheel 
bases, and consequently the loads, to some extent. 
Auxiliary cranes, as noted in the table, are usually 
employed with large cranes. The dimensions R and 
J may be reduced slightly if necessary. It should 
be noted that the clearances L and M are not equal, 
as the hook is not in the middle of the trolley. 

The lateral loads are assumed to constitute 20% 
of the capacity of the crane, and to be distributed 
equally to each wheel. Thus, when there are four 
wheels, one-quarter is considered to act at each 

TABLE 90 


PROPERTIES OF I-BEAM CRAKE GIRDERS WITH LATERAL STIFFENING CHANNELS! 


Axis 1-1 

Axis 2-2 

Vi 

Vi 

Vi 

/ 

XI 

*1 

la 

/ 

4.4ft 

3.54 

1.54 

mm 

2.965 

5.17 

1 .035 

32.96 

4.547 

3.453 

1.453 


3.595 

6.54 




3.9ft 

1.9ft 

HIE - ? 

3.03 

5.28 


35.26 

5.22 

3.78 

1.78 


3.94 

7.37 

0.39 

104.47 

5.1ft 

3.84 

1.84 

94.25 

3.60 

6.71 

0.73 

75.06 


4.40 


133.8-1 

3.085 

5.40 

1 .575 


5.76 

4.24 


136.87 

3.035 

6.85 

1.025 

78.90 


4.11 

HJHH# 

139.84 

4.265 

8.22 

0.395 



6.09 

3.09 

245.81 

3.615 

7.06 

1.385 



4.91 

2.91 

251 .96 

4.175 

8. 50 

0.825 

156.75 

7.31 

4.69 

2.69 

259.35 

4.945 

9.73 

0.055 


8.54 

6.4ft 

4.46 

507.02 

3.645 

7.31 

1.855 


8.775 

ft. 225 

4.225 

521 .65 

4.125 

8.83 

1.375 

■RilRiHl 

iBirm 

5.93 

3.93 

539.30 

4.775 

10.18 

0.725 


9.58 

5.42 

3.42 

572.10 

6.135 

11.82 

0.635 

654.00 , 


7.885 

5.885 

911 .00 

3.73 

7.50 

2.27 

103.08 


7.61 

5.61 

938.40 

4.14 

9.09 

1.86 


10.73 

7.27 

5.27 

972.90 

4.70 

10.53 

1.30 

319.20 

11.38 

6.62 

4.62 

1038.8 

5.96 

12.27 

0.04 

698.3 

11.10 

8.90 

6.90 

1327.0 

3.765 

7.61 

2.485 

111.72 

11.395 

8.605 

6.005 

1367.4 

4.115 

9.26 

2.135 

194.17 

11.75 

8.25 

6.25 

1417.5 

4.625 

10.75 

1.625 

334.90 

12.40 

7.54 

5.54 

1516.2 

5.765 

12.61 

0.485 


13.18 

10.82 

8.82 

234K.0 

4.035 

7.715 

2.965 

128.12 

13.50 

10.50 

8.50 

2417.0 

4.34 

9.41 

2.66 

212.85 

13.91 

10.09 

8.09 

2506.3 

4.78 

10.97 

2.22 

358.05 

14.75 

9.25 

7.25 

2684.4 

5.81 

12.94 

1.19 

772.90 


point. The same criterions for the positions of the 
loads apply # as for the vertical wheel loads.f The 
top flange is the critical part of a crane girdpr, as 
additional compression is caused by the lateral loads. 
It is common practice to use additional metal in the 
top flange for this reason. Figure 597 shoiys some 
common types of sections used for crane girdera. 
Bethlehem girder beams alone (Aft. 3) may be 

limn 

<«) <N («) (4) M (0 

Fig. 597 

used for light cranes. Their wide flanges offer con- 
siderable lateral resistance. Channels may be 
riveted to the top flanges to supply additional area 
and sidewise resistance if necessary, or the section 
in (c) may be used. These save considerable fabri- 
cation. For large cranes, built-up sections, such as 
shown in Fig. 597, are usually required. The breadth 
of flange should not be less than of the span. 
Table 95, which refers to Fig. 598, gives properties of 
I-beam crane girders which may save time in making 
computations. There is usually no opportunity to 


* An engineer should make sure that the* tabulated wheel loads for a t The maximum lateral bending moment may be figured in proportion 
given type of crane do nut include an allowance for impact. If they do, to the ratio of the two loads if desired. 

of course no 26% increase has to be made. t From article by J. H. Sawkins, Engineering News Record, Jan. 0, 1021. 
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i C / fifitctl 


j /4%£Wtb/* 
[Jbiaphroqrn 


stay the top flanges sidewise except at the columns, 
unless a stiffening girder (Art. 85) is ufed. If two 
♦ . a girders, or a box girder 

^ * yH as in Fig. 597 (/) is used, 

i £ !p_ Jj», 'l the two parts may be 

I » » y, n Uj** ' ! kept & Axed distance 

*===* ^ apart by means of steel 

diaphragms. 

Fig. 598 The design of a crane 

girder must be made by “ cut and try ’’ methods. A • 
preliminary design may be based upon the vertical 
wheel loads to obtain approximate sizes. When the 
bottom flange is established on this basis, 20% may 
be added to the gross area to determine a trial section. 
The fibre stresses in the two rectangular directions 
may then be calculated for the vertical and horizontal 
moments and the maximum combined stress found. 
This should not exceed the usual allowable by more 
than 25%, — this being a common specification.* 
When cover plates are used, they should extend the 
full length of the girder in order to provide a support 
at a given elevation for the rails. Countersunk 
rivets must be used at such points. The maximum 
lateral shear should be 
calculated and the end M 

connections made strong 
enough to resist it. Sub- 
stantial diaphragms should : I 'rjTf 

be used to connect the ^ I • 

crane girders to the upper [ I *» 

sections of columns, as J — _Lft 

shown in Fig. 599. This . .. r3 

prevents the tendency ' — -1 

toward overturning which LI 1 

is caused by the lateral < art" w' 
forces. While the rail is U 
not a part of the top Fig. 599 

flange material, it pos- 
sesses a considerable amount of strength in bending 
and serves to distribute wheel loads. A common 
assumption when calculating the rivet spacing in 
the vertical legs of the flange angles is that each 
wheel load is distributed over a distance equal to 
the depth of the crane girder, with 30” as a maxi- 
mum. The usual rules for stiffeners for plate girders 
(Art. 57) apply here. 

When footwalks, stairways from the cage, trans- 
verse shafts, or bridge motor bases, are attached to 
the crane girder, the bending in a sidewise direction 
should lie provided for, as some torsion is introduced 
(Fig. 600). Recommendations for the shears in- 
duced are discussed in Art. 85. The rivets through 
the top plate should be carefully investigated. 

* Some designers prefer not to add any allowance for impact to the wheel 
loads (usually 26%, as previously discussed) and use the ordinary maximum 
allowable fibre stresses without increasing them. These practically offset 
each other, but not exactly in a theoretical sense, as the lateral forces are 
involved in the computations, which do not have any impact allowance 
added to them. 


Fig. 599 


Illustrative Prob. 309a. Design a typical crane girder to 
support a 20 ton crane on a 60'-0" span if the bents are 20'-0" 
on centers. 30'-0" hoist. Allow 25% for impact. Maxi- 
mum tension 16,000#/d" and maximum compression based 

on 16,000 - 150 g. 

From Table 94, wheel base =» 12'-4" 

Wheel load - 38,000# 

25% impact « 9,500 

Maximum wheel load =* 47,500# 

Lateral Forces. 

Crane cufiacity ■= 20 tons * 40,000# 

20% of 40,000 - 8000# to 4 wheels. 

8000 + 4 » 2000# lateral force on each wheel. 

From Table 94, Bide clearance * 10" + 2" = 12" 

Top of rail to underside of truBBcs = 3" -4- (6'-8") » 0'-ll" 
60# A.S.C.E. rails to be used. 



The criterion for maximum bending moment for two 
moving loads is that the center of gravity of the loads should 
be as far to one side of the center-line of the span as the larger 
load is to the other. The center of gravity of two 47,500# 
loads is one-half way lietweon them, so that for this case, 



Fin. 601 


one load is i of 12'-4" * 3'-l" to the right of the center-line 
of span, as shown in Fig. 601 (a). Taking moments about C, 

47,500 - 16,440 95,000 

47, 500 X ^ = 45,700 62,140 

62,140 -A 32,860 Rt 
Point of 0 shear at B. 

M - 32,860 X 6.92 - 228,000'# 
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When the wheel base is a large proportion of the span, one 
load at the center-line of span, with the other load off the 
span, may give a larger bending moment. For such a case, 


M 


PL 

4 


47.800 Xgp _ 237,500'# (controls) 

4 


Assume dead load * 150#/ft. 

w-V 160 X (20)» 
M * 8 8 
Maximum vertical moment 


7,500 

245,000'# 


The bending moment due to lateral forces is obtained for the 
same position as for maximum vertical moment. Hence 
one wheel at mid-span is the governing condition. 


M 


P • L 2000 X 20 
4 4 


10 , 000 '# 


Usual maximum allowable compression =* 
l 

10,000 - 150 r . Assume b = 12". 
b 


10,000 - 


150 X 20 X 12 
12 


13,000 


Maximum allowable compression for combined Btress 
- 1.25 X 13,000 = 10,200#/n". 

Try 24 BG 120. - (1-1) - 300.0" '. - (2-2) - 41.6"» 

c c 


* 0 - 1 ) 


245,000 X 12 
300.6 

10,000 X 12 
41.0 


9,780 

2,890 


Combined stress - 12,070 #/d" O.K. 

The 24 BG 120 is satisfactory, but jiossibly a smaller size 
may be used. 

Try 20 BG 112. - (1-1) = 234.2"* - (2-2) * 39.9"* 


8 (l-l) 

*( 2 - 2 ) 


245,000 X 12 
234.2 

10, 000 X 12 
39.9 


12,520 

3,000 

15,520#/n" O.K. 

Use 20 BG 112 


22.0" 3 


Other motions might, be used such as in Fig. 597 (b) or 
(c). Try section as in (c) with 24 1 80 and 10 C 15. Ke- 
ferring to Table 95 and Fig. 598 

— 2417" 4 , //* — 10.50" (compression fibres 

control), 

/ ( 2 — 2 ) = 212.S5" 4 and x 2 - 9.41". 

» 2417 ^ 7 = 21^85 

c 10.50 c ' ’ 0.41 

245,000 X 12 

*(1—1) 229 J2,H.h) 

10.000 x 12 

®(a-2) = - °> J1U 

18,100# excessive 

Try 24 I 80 and 12 C 20* 

^r 1 - Hsr - ms "'“ d ; a - 2 > - w - 


245,000 X 12 
«(l-i) - 248.6 

% ’l0,0Q0 x 12 
*(2—2) - 32 .« 


11,890 


3,680 




15,570#/a" O.K. 

Could use 24 1 80 and 12 C 20} as in Fig. 597 (c) . 

Maximum vertical shear occurs when one load is practically 
at one end. Referring to Fig. 601 (6), 

47,500 X , 7 ’ 67 


20.0 


■ 18,200 
47,500 
65,700# 


L.L. - 65,700 
D.L. of girder!0X112 1,120 


Max. shear « 66,820# 


Safe vertical shear on web of 20 BG 112 * 98,500#, or 
safe vertical shear on web of 24 I 80 (neglecting channel) -* 
120 , 000 #. 

By placing the 2000# lateral wheel forces in the same posi- 
tions as in Fig. 601 (6), 

7.67 

2000 X 200" 770 
2000 


2770# maximum horizontal shear. 

The end connections must be designed to resist this force. 
For either larger spans or a heavier crane, crane girders made 
of rolled shajies may not be sufficient and a built-up section 
such as in Fig. 597 ( d ) may be necessary. When the maxi- 
mum horizontal and vertical shears and moments are estab- 
lished, the design is similar to that of plate girders (Chap. 5). 

Prob. 369b. Design a typical crane girder to support a 
15 ton crane on a 50'-0" span if the bents are 22'-0" on centers. 
Follow the usual specifications. Select the most economical 
section (a) for a Bethlehem girder beam, (b) for a standard 
beam with a channel, as in Fig. 598. 

Prob. 369c. Design a typical crane girder to support a 
40 ton, 5 ton auxiliary crane on a fl()'-0" span if the bents 
are 20'-0" on centers. Follow the usual specifications. Use 
section similar to Fig. 597 (7/). Depth limited to 48"=fc. 
Refer to Chap. 5 for proportioning of parts. 


370. Crane Girder Details. 

There are a number of details which must be 
properly included with such work. The rails arc 
usually made a part of the structural steel contract. 
Standard A.R.C.K. railroad sections arc now quite 
universally used, and the size is made to vary with 
the crane, as shown in Table 94. The rails arc 
fastened to the girder by means of steel clips or hook 
bolts, as shown in Fig. G02. The latter arc used for 
narrow flanges, — chiefly for I beams — as the 
flanges are too narrow for clips. No punching is 
required in the flanges for these. For wide flanges, 
clips must be used. Both are spaced 2'-0" o.c., anil 
provide for adjusting small inaccuracies in the align- 
ment of the rails. The rails are joined by standard 
flat bar or rolled fish plates which bear against the 
webs and bases, as shown in Fig. 602. Angle splices 
should not be used as they are apt to interfere with 
the double flanged crane wheels. Standard crane 
stops (bumpers) are provided at the ends of the last 
rails. These are usually a casting or a combination 
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of boot steel pistes bolted in place, ss shown in Fig, 
602. All of the above fittings are standardized and 
vary»with the size of rail, as indicated. Gear guards 
and track clearers are supplied by the crane company. 

371. Crane Columns. 

• 

The design of tjie columns supporting the crane 
girders requires special considerations as far as the 
selection of a crogs-section is concerned. The upper 
section (that above the crane girders) may be de- 
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signed in the usual manner (Arts. 242 and 248). 
When the width of the upper section is established, 
the width of the lower section must be made such 
that proper end clearance is provided for the crane 
girder. End clearances are given in Table 94 and 




309«), making allowance for the dead weight, of the 
crane girders (if only one crane is provided for). 



Fra. 604*’ 


Fiu. 605* 


the method of allowing for them is illustrated in 
Fig. 599. 

The crane girders arc usually supported as shown 
in Fig. 599, by the use of scat angles and stiffeners 
combined with a partial column cap. The load from 
the crane is the maximum shear in the crane girder 
(similar to that computed in Illustrative Prob. 


This load is eccentrically applied, and the resultant 
combined stress must be obtained (Art. 243). t Any 


* Courtesy of the Shepard Electric Crone and Hoist Co., Montour 
Falls. N. Y. 

t Some designers make assumptions for sueh work. They assume that 
the upper column load is carried by the portion of the lower column directly 
under it and proportion the remainder of the lower column section to resist 
the load from the crane girders. Any bonding due to lateral or wind 
forces is assumed to be resisted by the whole section. 
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lateral forces due to wind must be considered (Art. 
363) in determining the resultant morilent, if they 
exist/ As stated in Art. 370, a substantial diaphragm 
should be used to connect the upper section of the 
column to the crane girders, as the upper column 
should be strengthened to resist any lateral forces 
from the crane (see Fig. 699). Figure 603 shows 
crane girder connections to crane columns. 

372. Trolley Beams. 

In mill handling systems, overhead transporta- 
tion is often supplied by trolley hoists which run on 
stationary I beam runways. The hoists are gener- 
ally of 1 or 2 tons capacity, and the weight of the 
hoist is roughly about 500#. Figure 604 shows a 
typical installation with curved sections as well as 
straight ones, with switches. The wheels may run 
directly on the lower flanges of the I beam, as shown 
in Fig. 605 (a) and (6), or T rail clamps may be 
clamped to the flanges by means of bolts and spreader 
castings, as shown in Fig. 605 (c). While the I beam 
shape is ideally suited to runway work, the flanges 
are too soft to be used continuously in active service 
to carry the wheels, and the T rails were developed 
for this purpose (Fig. 606). In addition, no punching 
is required in the I beams, and better bearing is pro- 
vided for the trolley wheels. Figure 607 shows a 
typical installation of the latter type with the trolley 
stop and incident structural framing, and the T-bar 
conductors for the electric current, the conductor 
supports, splices, and insulators near the top flange. 
The drum of the hoist may be mounted either paral- 
lel or at right angles to the track, — the former 
being common (Fig. 605 (a)). In some cases, trolley 
hoists arc run on the bottom chords of trusses. 
Here, the bottom chords are made of a pair of 
channels back to back between wliich the lower 
gusset plates may be inserted. 


In some instances, the structural engineer provides 
for the I beam track as a part of the structural steel 
work. In other cases, it is made a part of the me- 
chanical equipment. Either case requires that 
provision be made for its installation and that the 
members which carry the I beam track are properly 
designed to carry the loads. The trolley beams 
may be designed by the usual methods, once the 
proper loads are obtained from the hoist manufac- 
turer (load at mid-span for bending, and load at 
one end for shear). 

373. Shafting Hangers. 

In many cases, shafting for machinery must be 
carried by the structural frame, and allowances must 
be made for the loads. When the shafting runs at 
right angles to the beams, stringers may be used, as 
shown in Fig. 608 (a). When it runs parallel to the 
beams, the hangers may be attached directly to the 
beams or by the use of bolting blocks. Hangers for 
various other purposes may be employed also, such 
as for attaching an overhead motor, as in Fig. 
608 (6). For ordinary cases, the beam when de- 
signed for reasonably heavy floor loads is sufficient 
for such random loads, and such investigations are 
commonly not made, — in some cases when* they 
should be. 

374. Miscellaneous Equipment Supports. 

In many cases, the structural engineer must co- 
operate with the mechanical engineer in planning 
supports for many kinds of equipment, such as 
hoists, conveyors, and so on. Figure 609 illustrates 
two typical instances. While such problems are not 
ordinarily met with in architectural construction, yet 
the same principles of design may be employed. 
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A 

Allowable spans, cinder concrete slabs, 
223 

Allowable stresses, buckling, 30 
compression in cinder concrete, 223 
compression in concrete, 140, 141 
eccentric loads, 363 
elevator supports, 489 
flexure, 23 

laterally unsupported beams, 27 
rivets, 48, 49 
Bhcar, 28 

tension in reinforcement, 142 
tension in steel, 22 
Allowable tensile values, angles, 308 
Anchorage, taams, 37 
columns, 395-397 
cornice stones, 432 
gy|)sum slabs, 264, 266 
Anulvtical method, truss reactions 
281-284 

Anchors, for terra cotta, 437 
Anchor holt plans, 377 
Anchor holts, plate girders, 117 
trusses, 328 

Angle connections, l>eams to beams, 
56 

beams to columns, 381, 382 
Angle seats, columns 379-381 
Angle sections, 13 
Angle struts, general, 398-402 
double, 309 311 
single, 311, 312 
Angles, allowable tension, 308 
bulb, 13 
clip, 317, 318 
elements of, 18, 19 
gauges in, 45 
lengths of, 18 
opened and closed, 54 
radii of gyration, 309, 311 
Arch blocks, terra cotta, 208 
Arch construction, floors, brick, 214, 
216 

terra cotta, 200-216 
Arched trusses, 334, 335 
Arches, brick floor, 214 
concrete segmental, 217, 212 
terra cotta, window, 423 
three-hinged, 336-338 
trussed, 335 
two-hinged, 338 
window, 416, 417 
Areas, net, bolts, 396 


(Numbers refer to pages) 

Areas, reinforcing bars, 144 
shear, metal-tile joists, 183 
Asbestos protected metal, 529 
Automobiles, sizes, 519 
Awning transom bars, 496 

B 

Balconies, window, 428 
Balustrades, terra cotta, 433 
Bar joists, 171-177 
Bars, column lacing, 373, 376 
lengths of, 20 
rolling of, 12 
spacers in slal>s, 146, 156 
steel reinforcement, 142, 143 
Base prices, of steel, 21 
of reinforcement, 144 
BaseB, cast-iron columns, 411, 413 
concrete-filled columns, 407, 408 
steel columns, 387-390 
Bates floor joists, 161 
Bay, definition of, 526 
Bay windows, cantilevered, 428, 439- 
442 

Beams, anchorage, 37 
hearing, 34-37 
Bethlehem, 16 
blocking, 53 
buckling, 29-33 
carrying partitions, 424, 425 
compound, 59 
connection angles, 381, 382 
connections, to columns, 379-382 
to ginfbrs, 38-55, 244-246 
to plate girders, 114 
coping of, 52 
crane, 546-551 
deflection, 33, 34 
details, 5, .52 
fabricating shop, 7 
false, 126 

fire protection, 222 
flexure, 22, 223 
furred, 126 

haunches, terra cotta, 206 
1, 13, 14 

laterally unsupported, 25-27 
lengths, 16 
multiple, 56 
separators, 57-59 
shear, 27-29 
spandrel, 428, 431 
special connections, 53-55 
standard connections, 50 
557 


Beams, strut, 37 
tie, 37 

trolley, 551-553 
wall, 428-431 

Bearing, enclosed, on rivets, 48, 49 
of bolts, 48 
of rivets, 42 

Bearing plates, beams, 34-37 
trusses, 3264*29 
Bessemer convertor, 2 
process, 9 
Belt courses, 428 

Bend points, slab reinforcement, 145, 
155, 156 

Bethlehem beams, 13, 14, 16 
columns, 369 373 
girder Iwams, 16 
Billets, steel, 12 
Blocking of l>eams, 53 
Blocks, terra cotta, 189 
soffit, 190 

Bolted connections, use of, 38 
Bolts, anchor for trusses, 328 
general, 46, 48 
hook, rails, 550, 551 
screw threads, 396 
Bonanza tile, 270 
Bonding, ashlar to backing, 430 
Book tile, 270, 273 

Bottom chord bracing, trusses, 534, 535 
Bow’s notation, 288 
Box girders, 120-122 
Boxcb, wooden floor forms, 196, 198, 
199 

Bracing, details, 330-331 
gypsum floors, 240 
mill buildings, 532-536 
purlins, gypsteel slate, 266 
towers for tanks, 513, 514 
trusses, 299, 300 
wind, 459-472 

Brackets, cast-iron columns, 413 
wind bracing, 461-472 
Brick facing, lintels for, 420, 421 
floor arches, 214 
veneer, lintels for, 420, 421 
“ Buckeye ” steel floors, 235 
Buckling, beams, 29-33 
columns, 359 
end supports, 31 
interior loads, 31 
seat angles, 31 
Buildings, fireproof, 135 
miU, 521-553 
non-flreproof, 136 
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Buildings, one-story, 130 
“ Standard,” 042-546 
Bulb angles, 13 
tees, 13 

Bulkhead construction, terra cotta, 21 1 
storefronts, 494-496 
Busheled iron, 9 
Butt joints, 99 
Buttonhead rivets, 44 

c 

Calculations, column loads, 340-353 
Camber, 119 
Camliered trusses, 304 
Cantilever trusses, 332 
Cantilevered bay windows, 428, 439- 
442 

Capacity of tanks, 514 
Caps, concrete-tilled columns, 405-407 
steel columns, 385 
Carbon content, steel, 10 
Car building bulb angles, 13 
Car sizes, elevators, 482 
Cast-in-place gypsum slal>s, 239, 240, 
263 

Cast iron, manufacture, 9 
Cast-iron columns, 408-414 
lintels, 425, 426 
jjedestals, *393-395 
plates, 395 
separators, 57, 58 
Ceiling joists, wood, 267 
Ceilings, flat, 126 
suspended, 126, 127 
Centering, permanent, for slabs, 226 
Chairs, for reinforcement, 156, 157 
Channels, lengths of, 17 
properties of, 17 
shapes, 13 
Charcoal iron, 9 
Checkered plates, 13, 504-506 
Chemical content, steel, 9, 10 
Chords of trusses, 277 
Chute openings, mail, 518 
Cinder concrete blocks, tile-joist, 195 
Cinder concrete slabs, general, 223-227 
safe loads, 225, 226 
special forms, 226 
Circular plates, 20 
stairs, 455, 456 

('lasses of construction, 134-136 
( 'lay-tile joist construction, 188-195 
Clearances, elevator, 479, 481-484 
rivet, 45, 46 
track, 520 
Clevises, 335 
screw threads, 396 
Climax floor system, 235 
('lip angles, trusses, 317, 318 
('lips, corrugated steel sheets, 261 
rail supports, 550, 551 
Closed angles, 54 

Coefficient tables, trusB solutions, 295, 
296 

Columbian floor system, 236 
Columns, anchorage, 395-397 
bases, 387-301 
beam connections, 379-382 
Bethlehem, 369-373 


Columns, caps, 385 
cast-iron, 408-414 

concrete-tilled, 402-408 1 

connections, for trusses, 324 
“ constant-dimension,” 367-369 
crane, 551 
Crex, 404 

design of, 347, 360, 361 
details, 365, 370 
eccentric loads, 361-364 
fire-protection, 357-359 
formulas, 359, 360 
general theory, 348-353 
lacing, 373-376 
latticed, 371, 373-376 
loads on, 348-353 
loads on wall columns, 351-353 
patented sections, 357 
plate and angle, 364-367 
plate and channel, 371 
reduction of live load, 349-351 
riveting of parts, 379 
schedules, 355, 376, 377 
seat angles, 379-381 
splices, 385-387 
stay plates, 374, 375 
steel details, 378 
top clips, 380 
wall, fire-protection, 429 
wind bracing, 467, 468 
Combination construction, terra cotta 
arched floors, 208 
Combined roof loads, 257, 258 
stresses, trusses, 312, 313 
( 'ommon types of trusses, 303, 304 
Component parts of trusses, 276, 277 
Composite buildings, 135, 136 
trusses, 333, 334 
Compound beams, 59 
Fink trusses, 304 

Compression, allowable, cinder con- 
crete, 223 
concrete, 140, 141 
flanges, plate girders, 77, 78 
members, trusses, 309-312 
Concentrated loads, over opening?*, 
419, 420 

Conception of truss action, 275, 276 
Concrete, allowable compression, 140 
design factors, 142, 143 
flexure formula, 140 
girders, support on steel, 385 
segmental arches, 217, 218, 235 
slabs, fire-protection, 145 
general, 227-235 
roofs, 262, 263 
theory of, 140*158 
ultimate strength, 141 
Concrete-filled columns, 402-408 
Connections, beams, 38-55, 244-246 
l warns to columns, 379-382 
eccentric loads, 383 
purlins, 268, 329, 330 
special Iwam, 58-55, 114 
standard beam, 50 
steel struts, 402 
wind bracing, 469-472 
“ Constant-dimension ” columns, 367- 
369 

Construction, classes of, 134-136 


Control of floor loads, 182 
Conventional signs, rivets, 47 
Convertor, Bessemer, 2 
"Cooper's E-50 loading, 519 
Coping of beams, 52 
Cornices, furred, 126 
terra cotta, 428-439 
Corrugated plates, 13 
siding, 529 
steel sheets, 260, 261 
Cost estimates, 137, 138 
Cotter pins, 335 
Counter members, trusses, 276 
Countersunk rivets, 44 
Cover plates, lengths, 80-83 
splices, 105, 106, 112 
Crane columns, 551 
girders, 545-551 
Btops, 550, 551 
Crex columns, 404 
Crown of arch, 417 
thicknesses, concrete floor arches, 218 
Crucible steel, 9 

D 

Data for steel plates, 20 
Dead loads, definition, 126 
general, 127 
roofs, 252, 254 
Definition of loadB, 126 
truss action, 275-276 
Deflection, beams, 33, 34 
inetal lumber joists, 164 
plate girders, 79-81 
Deformed bars, reinforcing, 142, 143 
Depths of plate girders, 67, 68 
trusses, economic;, 251, 252 
Design factors, concrete, 142, 143 
methods, plate girders, 71 
Design of beams, 22 
box girders, 121, 122 
cast-iron columns, 410, 411 
columns, 347-414 
compression members, 309-312 
concrete-filled columns, 406 
plate girders, 64-67, 107-113 
steel columns, 360, 361 
stiffeners, 83-85, 109 
tension memlwrs, 306, 307 
truss details, 316-331 
truss joints, 299 
truss members, 298 
web plates, 70-71 
Details, l warn, 52, 244-247 
1k>x girder, 121 
bracing, 330, 331 

concrete-filled columns, 403, 406-408 

concrete slat)s f 155-158 

crane girders, 550, 551 

entrance framing, 428 

fillers, 115 

latticed girders, 123 

plate girders, 62, 67, 69, 114-119 

purlins, gypsteel roofs, 266 

steel columns, 365, 370, 378, 379 

steel struts, 398 

stiffeners, 115 

structural, 69 

trusses, 301-803, 314, 331 
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Diagonal bracing, mill buildings, 632* 
536 

Diagonals of trusses, 277 
Diagrams, truss solutions, 290-292 
Diaphragm separators, 58 
Diaphragms, crane girders, 549 
Dies, rivet, 46 
Dimensions, cranes, 547 
rivets, 46, 47 
Domes, 341-346 
Dome trusses, 341, €45, 346 
Doors, elevator, 491 
lintels over, 416-426 
Double-angle struts, 309-311, 399 
' Double shear, rivets, 42 
Drawings, elevator, 490 
shop, 246, 247, 315 
Drills, gang, 43 
Drum elevators, 478, 480 
Dumbwaiters, 493 

E 

Eaves, overhanging, gypstcel roofs, 266 
Eavc struts, mill buildings, 526 
Eccentric loads, columns, 361-364 
connections, 382-385 
struts, 400, 401 

Economic depths, trusses, 251, 252 
Edge distances, rivets, 46, 47 
Elements of angles, 18, 19 
beams, 15, 16 
Bethlehem beams, 16 
Bethlehem girders, 16 
channels, 17 
standard beams, 15 
ties, 18 
zees, 19 

Elevators, allowable stresses, 489 
architect’s plans, 473 
architect’s sections, 474 
clearances, horizontal, 479 
vertical, 482 
doors, 491, 492 
entrances, 491 
finish, 492 
frames, 485, 486 
framing, 476 
freight, 478 
hatchways, 491 
hydraulic, 478, 480 
impact, 484 
layouts, 475, 491 
loads, 475, 478, 484r489 
machine-rooms, 489-491 
passenger, 479 

penthouses, 482-484, 489-491 
pits, 482-484 
questionnaires, 476 
sheave beam supports, 488, 489 
sills, 491, 493 
skylights over, 489, 491 
thresholds, 491 
typos, 478, 479, 480 
Elongation of steel, 22, 23 
Enclosed hearing, rivets, 48, 49 
End, bearing, plate girders, 116 
construction, terra cotta arches, 208 
frame, mill buildings, 516, 532, 533 
rafter, mill buildingB, 526 


End, supports, buckling on, 31 
^ metal joists, 169, 170 
strut, mill buildings, 526 
tile, metal, 182, 184 
Entrances, elevator, 491 
Entrance framing, 428 
Equal legged angles, 13 
Equivalent uniform loads for Cooper’s 
E-50 loading, 519, 520 
Erection diagrams, floors, 243, 244 
seats, 53, 112 
Escalators, 457, 458 
Estimates, cost, 137, 138 
" Excelsior ” terra cotta arches, 214, 
216 

Exits, stair, 454-457 
Expansion of trusses, 327, 328 
Extension, future, for trusses, 300 
Exterior steel stacks, 515, 516 
Extrados, arches, 417 
Extras, prices of reinforcement, 144 
Eye-bar heads, gcncrul, 339 
screw threads, 396 

F 

Fabric, wire reinforcement, 147, 150 
Face, arches, 417 
Factors, concrete design, 142, 143 
Fagoted iron, 9 
Failure of beams, 8 
riveted joints, 41, 42 
False beams, 126 
Fan trusses, 304 

Fastening of sheathing to purlins, 260 
Federal tile, 270 
Field rivets, 48 
joints, plate girders, 68 
trusses, 318, 319 
Fillers, details, 115 
Fink trusses, 303, 305, 306 
Fire curtains, 525 
escapes, 454-456 
Fireplace framing, 509, 510 
Fireproof buildings, 135. 136 
Fire-protection, beams, 222 
concrete slabs, 145 
lintels, 420 

metal lumber floors, 164 
plate girders, 68 
spandrel teams, 429, 430 
steel columns, 357-359 
wall columns, 429, 430 
Fire tests, floors, 134 
First-class buildings, 134-136 
l ? ish plates, rail splices, 550, 551 
Fixed-end truss reactions, 284, 285 
Flagpoles, 499-503 
Flange angle splices 106, 107, 1 12 
’Flange-area formula, 72-74 
method, 71-72 

Flange holes, weakening effect of, 23-25 
parts, 76, 77 

Flanges, compression, 77, 78 
plate girders, 71-80 
Flat ceilings, 126 
roofs, 273 

terra cotta arches, general 206-213 
N. Y. system, 213, 214 
Johnson system, 214 


Flattened rivets, 44 
Flexnercrete, 529 
Flexocrete, 520 
Flexure, beams, 22, 23 
concrete, 140 
formula, concrete, 140 
steel, 22 

Floor arch construction, terra cotta, 
200-216 

beam reactions, Cooper’s E-50, 520 
joists, Bates, 161 
Massillon, 158 
load on lintels, 419 
loadings, control of, 132 
plans, 228 
tests, 133, 134 
systems, Columbian, 226 
" Excelsior,” 214, 216 
Guastavino, 214, 215 
Herculean, 214, 216 
Johnson, 214 
New York, 213, 214 
sectional, 235 
Floors, library stacks, 508 
on soil, 527, 528 
solid slab, 222-240 
steel form, 235 
wood, 223 
Flush beams, 52 
Formula, buckling, 30-33 . 
cast-iron columns, 410 
concrete-filled columns, 406 
deflection, 33, 34 
economic depth of girders, 68 
flange area, 72-74 
flexure, steel, 22 
concrete, 140 
shear, 27 

steel columns, 359, 360 
stiffeners, 86 

Frames, elevator, 485, 486 
Framing, around openings, 166-167, 
266 

elevators, 476 
fireplaces, 509, 510 
plans, floor, 221, 229, 230 
metal-tilc joists, 180 
roofs, 271, 272 
terra cotta tile joists, 201 
stairs, 449-456 
Freight elevators, 478 
Friction, riveted joints, 40 
Funicular polygon, tfuss solutions, 283 
Furred teams and Cornices, 126 
Furring lintels, 420/422 
Future extension, trusses, 300 

G 

Gable details, gypsteel roofs, 266, 267 
roofs, 271 

Gambrel roofs, 271 
Gang drills, 43 
Gauges for angles, 45 
Gearless traction elevators, 478, 480 
General design of truss joints, 299 
truss memters, 298 
trusses, 275-300 

General theory of trusses, 275-300 
Girders, team, 16 
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Girders, Bethlehem, 16 
box, 120-122 
crane, 645-661 
latticed, 122, 123 
{date, 60-119 
riveted beam; 124 
wind bracing, 468, 469 
Girts, mill buddings, 526, 531, 632 
Graphical method, truss reactions, 
282, 284 

truss stresses, 287-289 
Gratings, 604, 505 
Gravity tanks, 510-515 
Gray cast iron, 9 
Grey universal mill, 14 
Grillages for girders, 118, 119 
Ground floors, 527, 528 
Guastavino arches, 214, 215 
Gusset plates, trusses, 317-320 
Guyed steel stacks, 517, 518 
Gypsteel roofs, 263-267 
Gypsum slabs, 235-240, 263-267 
tile floors, 195, 198 

H 

H beam shapes, 13 
Hangers, for beams, 244 
for shafting, 552, 553 
Hatchways, elevator, 491 
Haunches, arches, 417 
beam, terra cotta, 206 
Headroom, for stairs, 446 
Heat grilles, lintels for, 418, 419 
Heating of rivets, 44 
Heavy lieam connections 53, 54 
Heavv-weight columns, concrete-filled, 
404 

Heel joints, trusses, 323 
Helical gear elevators, 478, 4*80 
“ Herculean ” terra cotta arches, 214, 
216 

Hipped roofs, 271, 280, 281 

Holes, slotted, 118 

Hook bolts, rail supports, 550, 551 

Horizontal shear, 27-29 

Howe trusses, 303 

Hydraulic elevators, 478, 480 

Hy-rib centering, 226 

I 

I beams, crane girder, 548, 549 
shapes, 13, 14 
Impact, elevators, 484 
loads, 132 

Incinerator framing, 516 
Inclined load reactions, 283, 286 
Ingots, steel, 10 

Inspection, cast-iron columns, 409 
Interior steel stacks, 515, 516 
Intermediate joints, trusses, 320, 321 
stiffeners 86-89, 109 
Intrados, arches, 417 
Iron ore, 9 

J 

J-bolts, 420 

Johnson system, floors, 214 


Joints, butt, 99 
field-riveted, trusses, 318, 319 
heel, trusses, 323 
intermediate, trusses, 320, 321 
lap, 99 

method of, trusses, 289, 293 
peak, trusses, 321-323 
pin-connected, 338-340 
trusses, 319-326 
welded, 55 

Joist construction, bar, 171-177 
clay-tile, 188-195 
metal lumber, 163-170 
metal-tile, 181-188 
reinforced concrete, 171-195 
Joists, bar, 171-177 
Bates, 171 
ceiling, 267 
clay-tilc, 188-195 
floor, 163-195 
Haveineyer, 171 
Massillon, 171-174 
metal lumber, 163-170 
metal-tile, 181-188 
reinforced concrete, 171-195 
rivet-grip, 175-177 

K 

Keystones, arches, 417 
Knee-braces, trusses, 299, 527 
wind bracing, 461 

L 

Lacing, columns, 373-376 
Ladders, 446, 457 
Lally columns, 404, 406, 407 
Lap joints, 99 

Lateral bracing, trusses, 399 
Laterally unsupported beams, 25-27 
girders, 78 

Lattice bars, 375, 376 
Latticed columns, 371, 373-376 
girdere, 122, 123 
Layouts, elevator, 475, 490 
library stacks, 507 
stair, 446-449 
Lengths, angles, 18 
channels, 17 
cover plates, 80-83 
1 beams, 16 
plates, 20 

Library stacks, 506-509 
Lifts, 493 

Light iron work, 494 
Lights, sidewalk vault, 503, 504 
Light-weight concrete-filled columns, 
404 

Limiting spans, corrugated sheets, 261 
safe deflection, 34 
wood sheathing, 260 
Lintels, cast-iron, 425, 426 
contrasted with archeB, 417 
design, 420 
fireproofing of, 420 
for brick veneer, 420 
for furring, 420, 422 
for partitions, 421 
general, 416-426 


Lintels, loads, 417, 419 
marks, 416 
steel, 420-424 
live loads, definition, 126 
dwellings, 128 
general, 127, 128 
human occupancy, 128 
industrial occupancy, 129, 130 
offices, 129 
public spaces, 129 
reduction of, flporg, 131 
columns, 349-351 
storage buildings, 130 “ 

Loads, Cooper’s E-50, 519 
cranes, 547 
dead, floors, 128 
roofs, 252, 254 
definition, 126 
eccentric, columns, 361-364 
elevator machinery rooms, 489 
elevators, 475, 478, 484-489 
engine, 519, 520 
impact, 132 
library stacks, 507 
live, 127-130 
movable partitions, 131 
over masonry openings, 417 
panels of trusses, 279-281 
reduction of, columns, 349-351 
floors, 131 

safe, Bethlehem columns, 372, 373 
cast-iron brackets, 413 
cast-iron columns, 412 
cast-iron pedestals, 395 
cinder-concrete slabs, 225, 226 
clay-tile floors, 192, 193 
concrete-filled columns, 406 
concrete slabs, 232 
“ constant-dimension ” columns, 
368 

flat terra cotta arches, 208 
gypsteel slabs, 265 
Massillon joists, 173, 174 
Massillon trusses, 543-545 
metal lumber joists, 1 65 
“ Natcoflors,” 197 
plate and angle columns, 366 
“ Republic ” floors, 196 
“ Rivet-grip ” joists, 176 
segmental terra cotta arches, 
212 

steel-tile joists, 186-187 
tension in angles, 308 
snow, 254, 255 
stairs, 450 

tabulation of, columns, 351 
floors, 139 
track, 519, 520 
trucks, 518, 519 
two-way slabs, 233, 234 
wall columns, 351-353 
wind, 255-257 
wind bracing, 462, 463 

M 

Machine-rooms, elevator, 489-491 
Mail chute openings, 518 
Malleable cost iron, 9 
Mansard roofs, 271 
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Manufacture, cast iron, 0 
cast-iron columns, 400 
concrete-filled columns, 404 
pigfiron, 0 
pipe, 11 
rods, 12 
steel, 9, 10 

structural shapes, 12, 13 
wrought iron, 0 
Marquises, 490-498 
Massillon bar joists, 171-174 
trusses, 643-545 • 

Materials for floor construction, 127 
roof construction, 254 
Maximum allowable shears, beams, 29 
spans, roof plank, 262 
wood ceiling joists, 267 
wood rafters, 267 

Maximum moments, Cooper's E-50, 
520 

floor beam reactions, Cooper's E-50, 
520 

shears, Cooper’s E-50, 520 
reactions, trusses, 298 
stresses, trusses, 297, 298 
Mesh, wire reinforcement, 147, 150 
Metal end tile, 182, 184 
lumber, 159-170 

Metal-tile joist construction, 181-188 
Methods of design, joints, trusses, 289, 
293 

moments, trusses, 294 
plate girders, 71 
shears, trusses, 294, 295 
trusses, 286 298 
Milford columns, 403-407 
Mill buildings, 521-553 
Minimum desirable pitches, roofs, 
251 

thicknesses of angles in girders, 
76 

Miscellaneous steelwork, 494 
trusses, 332-340 

Moment splices, 102-105, 111, 112 
Moments, maximum, Cooper’s E-50, 
520 

method of, trusses, 294 
resisting, plates, 36 
wind bracing, 464-468 
Monitors, 526, 528 
Movable partition loads, 131 
Muck bars, 9 
Multiple beams, 56 
punch, 37, 47 
steel slabs, 393 
“ Multiplex ” steel floors, 235 

N 

Nalecodc, 529 

“ Natcoflor ” system, 195-198 
Negative reinforcement, slabs, 145 
Net areas, bolts, 396 
web plates, 396 
Net sections, definition, 43, 44 
plate girders, 74-76 
“ New York ” reinforced arches, floors, 
213, 214 

Non-fireproof buildings, 136 
Normal wind pressure, 256 


INDfcX 
w O 

Or^g-story buildings, 136 
Opened angles, 54 
Open-hearth process, 9, 10 
Openings, for mail chutes, 518 
gypsteel roofs, 266 
in floors, 166, 167 
metal lumber framing, 166, 167 
walls, 416-426 

Overhanging eaves, gy])steel roofs, 266 

P 

Panel loads, columns, 348-353 
trusses, 279-281 
Panel widths, trusses, 279-281 
Parapet walls, 428, 429 
Partitions, beams under, 424, 125 
lintels for, 421 
movable, loads for, 131 
metal lumber, support of, 166, 167 
Passenger elevators, 479-481, 401 
Patented sections, columns, 357 
Peak joints, trusses, 321, 322 
Pedestals, cost-iron, 393-395 
Peele doors, 492 

Penthouses, elevator, 482-484, 489-491 
Perimeters of reinforcing rods, 144 
Permanent, centering, forms, 226 
steel tile, 182 

Phosphorous content, steel, 10 
Pig iron, manufacture, 9 
Pilasters, terra cotta, 436 
Pin-connected joints, 338-340 
trusses, 338 
Pin plates, 340 
Pins, cotter, 335 
Pipe, manufacture of, 10 
rolling of, 12 
steel tubular, 501 
wrought-iron, 10 
Pi]X! columns, steel, 414 
Pitched roofs, types of, 271 
Pitches of roofs, 251 
Pits, elevator, 482- 484 
Plank, wood, 262 
Plans, anchor bolt set ting, 377 
elevator, 473 
floor, 228 
framing, 229, 230 
library stacks, 507 
Plate and angle columns, 364-367 
Plate and channel columns, 371 
Plate girders, anchor lx>lts, 117 
camber, 119 
cover plates, 80-83 
depth of, 68, 69 
details, 62, 67, 69, 114-119 
end bearing, 117 
. flanges, 71-80 
general, 60-119 
grillage, 118, 119 
rollers, 118 
seating of, 116 
slotted holes, 118 
spans, 68 
special types, 64 
types, 63, 64 
usual types, 63, 64 
weight of, 68 


Plates, bearing, 34-37 
cast-iron, 395 
checkered, .504-506 
cover, 80-83 
gusset, 317-320 - 
pin, 340 
rectangular, 20 
rolling of, 12 
sole, 117, 326 
stay, 374, 375 
thickness of, 20 
universal, 20 
wet>, 69-71 
widths of, 20 

Plunger elevators, 478, 480 
Pneumatic riveter, 45 
Poles, flag, 499-503 
truss solutions, 282 
Pore to, 529 

Portal wind bracing, 461 
Porticos, 428 
Pouring steel, 2 ' 

Pratt trusses, 303 

Pre-cast gypsum slabs, floors, 235-239 
roofs, 263, 264 
Pressure tanks, 510-515 
Pressure, wind, 255-257 
Prices, base, reinforcing rods, 144 
steel, 21 

Propert ies of angles, 18, 19 
Ixmins, 1 5 

Bethlehem girder Ihmutih, 16 
Bethlehem 1 beams, 16 
channels, 17 
crane girders, 548, 549 
I beams, 15, 16 
metal lunilwr. 162 
standard Iknuiis, 15 
steel, 10 

steel-tile joists, 183 
tees, 18 
77CS, 19 

Proportions, for rivets, 44, 45 
Protection, fire, steel tx'tuns, 222 
steel columns, 357-359 
Punching, multiple, 37 
Purlins, connections, 268, 329, 330 
details, gvpsteel roofs, 266, 267 
general, 267-270, 530, 531 

Q 

Questionnaires, elevator, 416 

R 

Radii of gyration, steel struts, 400, 401 
two equal angles, 309 
two unequal angles, 309, 311 
Rafters, wcxxl, 267 
Railroud ties, 13 
Rail sections, 13 
Rail splices, 13 
Ramps, 446 

Rays, truss solutions, 282 
Reactions, maximum for trusses, 298 
truss, 281-286 
Recessed pin nuts, 335 
Rectangular plates, 20 
Reduct ion of live load, columns, 349-351 
floors, 131 
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Redundant members, tmeses, ti76 
Reinforced concrete slabs, 140^58 
terra cotta arches, 213, 214 • 
Reinforcement, allowable tension^ 142 
Removable steel tile, 182 
Requirements, riveted joints, 41 
roofs, 250 

Ribbed domes, 342-346 
Rise, arches, 417 
terra cotta arches, 209 
Kisers, stairs, 447, 448 
Rivet clearances, 45, 46 
dies, 46 

dimensions, 46, 47 
heater, 44 
sizes, general, 45 
plate girders, 74 
Riveted beam girders, 124 
connections, requirements, 41 
use of, 38 

steel bases, columns, 387-391 
Rivet-grip bar joists, 175-177 
Riveter, pneumatic, 45 
Riveting, columns, 379 
cover plates, 94-4)7 
flanges, plate girders, 89-94 
plate girders, 89-119 
stiffeners, 97, 98 
theory of, 38-41 
trusses, 319-326 

Rivets, allowable stresses, 48, 49 
bearing, 42 
conventional signs, 47 
field, 48 

proportions, 44, 45 
shear, 41 
sizes, 45 
stitch, 321 
tearing out, 42 
Rockers, trusses, 328 
Rods, data for, 144 
spacing in slabs, 146 
steel reinforcing, 142, 143 
Kochi ing segmental arches, 218 
Rolled steel slabs, 391-393 
Rollers, plate girders, 118 
truss reactions, 285, 286 
trusses, 327, 328 
Rolling mill, 3 
structural similes, 11-14 
Roof frames, select ion of, 252 
simple, 271-274 
framing plans, 271, 272 
loads, combined, 257, 258 
general, 254-256 
materials, weights of, 254 
purlins, 267-270 
Roofs, flat, 273 
hi p)iod, 280, 281 
pitches of, 251 
requirements for, 250 
Rough bolts, 48 
Rules, stair proportions, 448 

s 

Safe end reactions, beams, 32 
interior loads, buckling, 31 
Safe loads, Bethlehem columns, 372, 373 
brackets, cast-iron columns, 413 


Safe loads, cast-iron columns, 412 
cast-iron pedestals, 393 
cinder concrete slabs, 225, 226 f 
clay-tile joists, 192, 193 
concrete-filled columns, 406 
concrete slabs, 232 
“ constant-dimension ” columns, 
368 

flat terra cotta arches, 208 
gratings, 505 
gypstccl slabs, 265 
iiilly columns, 406 
Massillon joists, 173, 174 
trusses, 543-545 
metal lumber joists, 165 
metul-tile joists, 185-187 
Milford columns, 406 
“ Natcoflors,” 197 
plate and angle columns, 366 
Republic floors, 196 
Rivet-grip joists, 176 
segmental terra cotta arches, 212 
stone concrete slabs, 232 
tension in angles, 308 
two-way clay-tile joists, 194 
Safe strength, clay-tile, 205 
Sag tics, girts, mill buildings, 531 
trusses, 277 

Sash curbs and heads, gypsteel roofs, 
267 

Sawtooth ends, gypsteel roofs, 266, 267 
roofs, 528 
trusses, 332, 333 
Schedules, column, 355, 376, 377 
steel reinforcement, 156 
Screw threads, 396 
Seat angles, buckling on, 31 
columns, 379-381 
use of, 53 

Seating of plate girders, 1 16 
Secondary stresses, truss joints, 323, 
324 

Second-class buildings, 134-136 
Sectional areas, terra cotta, 205 
floor systems, 235 

Sections, cast-iron columns, 407, 410 
caHt-iron lintels, 425 
concrete-filled columns, 404 
elevator, 474 
net, 43-44 

steel columns, 356, 357 
Segmental concrete arches, 217, 218, 
235 

terra cotta arches, 207, 209-213 
Selection of floor panels, 135 
Self-sustaining steel stacks, 517 
Separators, beam, 57-59 
Service stairs, 454 
Shafting hangers, 552, 553 
Shapes, plate girders, 98-107 
rolling of, 13, 14 
Shear, allowable stress, 28 
areas, metal-tile joists, 183 
lieams, 27-29 
formula, 27 

maximum, Cooper's fi-50, 520 
metal lumber joists, 163 
method in trusses, 294, 295 
web plates, 79-71 
working stress, 28 


Sheathing, wood, 259, 260 
Sheet pi iling, 13 
^ Sheets, rolling of, 12 
Ship building channels, 13 •' 

Shop drawings, beams, 246, 247 
columns, 365-379 
stairs, 451, 456 
trusses, 315 4 

fabricating, 7 
marks, lintels, 416 
template, 5 
wind bracing, 4(fe, 467 
Side construction, terra cotta arches, 
208 

framing, mill buildings, 533, 534 
Sidewalk vault lights, 503, 504 
Siegwart floor system, 235 
Sills, elevator doors, 491, 493 
Simple roof framos, 271-274 
Single angle struts, 311, 312, 399 
Single shear, rivets, 41 
Sizes, cast-iron pedestals, 395 
metal lumber, 163-165 
reinforcing rods, 144, 146 
rivets, 45 

rolled steel slabs, 393 
Skewhack, arches, 417 
Skew connections, 54-55 
Skylights, penthouses, 489-491 
Sky-signs, 518 

Slabs, bend points of steel, 145, 155, 156 
cinder concrete, 223-227 
concrete, 140-158, 262, 263 
details, 155-158 
fire-protection, 145 
floor, 222-240 
gypsum, 235-240, 263-267 
negative reinforcement, 145 
reinforced concrete, 140-158 
rolled steel, 391-393 
rolling of, steel, 12 
simple concrete, 144, 145 
spacers, rods, 146, 147 
stone concrete, 140-158, 227-235 
two-way, 152-155, 233, 234 
Sleeve nuts, general, 335 
screw threads, 396 
Slotted holes, plate girders, 118 
trusses, 327 

Smokeproof towers, 454 
Smokestacks, exterior, 515, 516 
interior, 515, 516 
Snow loads, 254, 255 
Socket caps, concrete-filled columns, 
406 

Soffit blocks, clay-tile joists, 190 
Sole? plates, plate girders, 117 , 
trusses, 326 

Solid slab floors, 222-240 
Solutions, stresses in trusses, 286-298 
Spacers, in slabs, 146, 156 
Spacing, intermediate stiffeners, 87-89 
rivets, 46, 47 
slab rods, 146 
trusses, 279 

Spandrel lieams, 428-431 
Spandrels, terra cotta, 434 
Spans, corrugated sheets, 261, 262 
plate girders, 68 
roof plank, 262 
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Spam, safe, cinder concrete slabs, 223 
safe, deflection, 34 
vqpod ceiling joists, 267 
wood rafters, 267 
wood sheathing, 260 
Special connections, beams, 53-66 
floon, cinder concrete, 226 
separators, 58 

Splices, cast-iron columns, 413 
columns, 385-387 
cover plates, 105, 106 
flange angle, 106, 107, 112 
gefleral, 98 
moment, 102-105 
rails, 13 
shear, 99, 102 
trusses, 325, 326 
web, 100-105 
Springers, arches, 417 
Stacks, library, 506-509 
smoke, 515, 516 
Stagger of rivets, 74-76 
Stairs, circular, 455, 456 
escalators, 457, 458 
exits, 454-457 
framing, 449-456 
general, 446-456 
headroom, 446 
ladders, 446,1457 
layouts, 446, 448, 449 
loads, 450 
ramps, 446 
risers, 447, 448 
service, 454 

smokeproof towers, 454 
steel Nul)-trcud, 450-454 
treads, 447, 448 
types, 446 
widths, 447, 448 
Standard lieurns, 13-15 
beam connections, 56 
“ Standard ” buildings, 542-545 
Standpipe design, 511 
Starred angle struts, 399, 400 
Stay plates, latticed columns, 374, 375 
Steel, base prices, 21 
beams, 15-18 
protection of, 222 
billets, 12 

chemicnl content, 9, 10 
columns, anchorage, 395-397 
bases, 387-389 
Bethlehem, 369 373 
“ constant-dimension,” 367-369 
design of, 360, 361 
details, 365-390 
eccentric loads, 361-364 
fire-protection, 357-359 
formulas, 359, 360 
latticed, 371, 373- 376 
plate and angle, 364-367 
plate and channel, 371 
riveting, 379 
sections, 356, 357 
splices, 385-387 
form floors, 235 
lintels, 420-424 
pipe columns, 414 
properties of, 10 
rafters, 272, 273 


Steel, reinforcement, allowable tension, 

Reinforcing schedule, 156 
rolling of, 11, 12 
sash, lintels for, 422 
sheets, corrugated, 260, 261 
slate, 391, 393 
struts, design, 398-402 
double angle, 309-311 
single angle, 311, 312 
sub-tread stairs, 450-454 
tension requirements, 22 
tubular pipe, 501 
water-tanks, 510-515 
“ Steel deck ” roofs, 529 
Steel-tile joist s, 185-187 
Stiffeners, at concentrated loads, S3- 
85 

at end l wirings, 85, 86 
design, 84-85 
details, 115 

intermediate, 86-89, 109 
purpose of, 85 
Stiffening girders, 549 
Stitch rivets, trusses, 321 
Stockyard, 4 

Stone concrete slabs, 227-235 
Stop-angles, gvpsteel roofs, 266 
Storefront construction, 494-496 
Strength of clay-tile floors, 205 
concrete, ultimate, 141 
eoncrcte-filled columns, 404, 405 
terra cotta blocks, 208 
Stresses, allowable, eccentric loads, 303 
combined, trusses, 312, 313 
Fink trusses, 305, 306 
maximum in trusses, 297, 298 
secondary, truss joints, 323, 324 
transverse tents, 535, 536 
Strings, truss solutions, 282 
Structolitc, 529 
Structural details, 69 
shapes, 12, 13 
shop, 241 
Strut lawns, 37 
Struts, steel angle, 398-402 
trusses, 277 
Sub purlins, 270 
Sulphur contqpt, steel, 10 
Support of concrete girders, 385 
cornices, 431-439 
partitions, metal lumber, 160, 167 
sheave beam, 488, 489 
Suspended ceilings, 126, 127 
Sway bracing, trusses, 299 
wind bracing, 461 

T 

Tabulation of loads, columns, 351 
floors, 139 

Tanks, steel, 510-515 
Tearing, through rivets, 42 
Tees, 13, 18 

Temperature reinforcement, slabs, 146 
Template shop, 6 
Tension, allowable for angles, 308 
allowable for flexure, 22 
flanges, plate girders, 71-80 
members, trusses, 306, 307 


Tension, reinforcement, 142 
splices, 99 

Terra cotta, arch blocks, 208 
arch construction, 200-216 
arches, windows, 423 
anchors, 437 
balustrades, 433 
cornices, 433-438 
“ Excelsior,” 235 
flat arches, 206-213 
floors, 188-105 
Guastavino, 214, 215 
“ Herculean,” 214, 216 
pilasters, 436 

reinforced arches, 213, 214 
spandrels, 434 
weight of, 190 
Tests, beam, 8 
floors, 133, 134 
tension of steel, 22 
Theory of columns, 348-353 
floor arches, 203 
riveting, 38-41 
trusses, 275-300 

Thickness of cinder concrete slabs, 
223 

gusset plates, 319, 320 
plates, 20 
web plates, 69 

Third-class buildings, 135, 136 
Three-hinged arches, 336-338 
Thrust in floor arches, 204 
Tic teauiH, 37 

Tie plates, latticed columns, 378 
Tic rods, floor arches, 204 
gypstoel slabs, 206 
purlins, 530, 531 
roofs, 270 

segmental floor arches, 212 
Tile, gypsum, floors, 195 
terra cotta, floors, 188-195 
Tjilet room details, gypsum slabs, 
238 

Top chords, bracing, 534 
trusses, 277 

Top clips, beams at columns, 380 
Torsion, in box girders, 120 
Towers, smokeproof, 454 
tank, 514, 515 
Track clearances, 520 
loads, 519, 520 

Transverse bents, 526, 535, 536 
bracing, trusses, 299 
Treads, stairs, 447, 448 
T-rib ehanclath centering, 226 
Trolley beams, 551-553 
Trough plates, floors, 13, 235 
Truck loads, 518, 519 
Trussed arches, 335 
Trusses, action of, 275, 276 
anchor bolts, 328 
arched, 334, 335 
tearing, 326-329 
bracing, 299, 300, 330, 331 
cantilever, 332 
coefficient tables, 295, 296 
combined stresses, 312, 313 
com|>oncnt parts, 276, 277 
composite, 2133, 334 
design, general, 540, 541 



mom 


m 


L 


Trumm, design of compression' kn- 
ben, 809-311 

design of tension members, 3$6» WT 
details, 301-303, 314-331 
domical, 341, 345, 346 
drawings, 246, 247 
economic depths, '251, 252 
i expansion of, 327, 3ji8 
for floors, 332 
future extension, 300 
general design of joints, 299 
members, 298 
general theory, 276-300 
gusset plates, 319, 320 
joints, 319-326 
kinds of members, 306 
Massillon, 543-545 
maximum reactions, 298 
4 stresses, 207, 298 
method of joints, 289, 293 
moments, 294 
shears, 294, 295 
miscellaneous, 332-340 
padel loads, 279-281 
widths, 278, 279 
pin-oonnocted, 338 
reactions, 281-286 
rollers, 327, 328 
sawtobth, 332, 333 
slotted holes, 327 
spacing, 279 
spttoto, 32$ 826 
stress magnums, 290-292 
methods, 286-298 
three-hinged, 386*338 
two-hinged, 338 
types, 253, 277. 278, 303, 304 
weight, 304, 305 
working lines, 316, 317 
points, 316 

Tubular pipe, steel, 501 
Turnbuokles, general, 335 
screw threads, 396 
Turned bolts, 48 
Two-hinged arches, 338 
Two-way construction, clay-tile, 191 
Repuhlic, 191, 194-196 
slabs, 150-155, 233-234 
steel-tile, 188 
Tympanum framing, 428 
Types of concrete-filled columns, 402 


404 

elevators, 478, 479 
floor panels, 136- 138 
intermediate stiffeners, 86 
mill buildings, 524-526 
pitched roofs, 271 
plate girders, 63, 64 
ribbed slabs, 178 
splices, 99 


6 

Types of *tei**» 446 
' steel trusses, 393, 304 
terra cotta arches, 20% 203 
truss members, 306 * ' 

trusses* 253, 277, 303 
web splices, 100-102 
wind bracing, 460-462 


U 

Ultimate strength, concrete, 141 
steel, 22 

terra cotta tile, 205 
Unequal legged angles, 13 
Universal plates, 20 
Unsupported beams, laterally, 25-27 


V 

Vault lights, 503, 504 
Velocity of wind, 255 
Vent ducts, lintels for, 418, 419 
Views of mill buildings, exterior, 522 
interior, 523 
Voussoirs, arches, 417 


W 

Waite floor system, 235 
Wall beams, fire-protection, 429, 430 
columns, fire-protection, 429, 430 
column loads, 351-353 
frames, 428-439 
spandrel beams, 428-431 
supports, trusses, 326-324) 

Walls, parapet, 439 
weights of materials, 352 
Washers, column anchors, 397 
Water tanks, steel, 510-516 
Watson floor system, 235 
Ways of failure, lieanis, 8 
columns, 347 
riveted joints, 41 

Weakening effect, flange noles, 23-25 
Web plates, 69-71 
splices, 100-105 
system of trusses, 277 
Weight of beam fire-proofing, 222 
clay-tile joists, 190 
concrete floor arches, 218 
materials, floors, 127 
roofs, 254 
plate girders, 68 
snow, 254 
trusses, 304, 305 
£ wall materials, 352 
f Welded joints, 55 

Wluel loads, cranes, 547 
I " engine, 519, 520 


White*** kto* 9 
Widths of cow plates, 76 
r panels, trusses, 278, 279 
plates, 20 
stain. 447. 448 

Wind towing, anaiynti, 483-480 
beams. 468 
brackets, 461-472 
columns, 467, 468 
connections, 469-472 
general, 459-472 
girders, 468, 4<ft 
knee, 461 
loads, 462, 463 
moments, 464-468 
portal, 461 
pressure, 462, 463 
shears, 462, 463 
sway rod, 461 
tanks, 513, 514 
theory of, 463-467 
trusses, mill buildings, 532-536 
types of, 460-462 
Wind loads, 255-257 
Window poles, 503 
Windows, lintels over, 416-426 
Wind pressure, on bracing, 462, 468 
on flags, 500, 501 
Wind reactions, 283-286 
Wire, drawing of, 12 
Wire fabric, reinforcement, 147-149 
mesh, reinforcement, 147, 150 
Wood ceiling joists, 267 
floors and steel frame, 223 
rafters, 267 
sheathing, 259, 260 
Wooden boxes, floor forms, 193, 198 
Working lines, trusses, 3*16, 317 
jxjints, trusses, 316 
Working stress, eccentric loads, 363 
flexure, 23 

laterally unsupported beams, 2 1 
rivets, 48, 49 
shear, 28 

Worm gear traction elevators, 47 
480 

Wrought iron, manufacture^ 9 

X 

X-bracmg, trusses, 299 
wind bracing, 461 

Y 

Yield point, steel, 22 

Z 


Zees, 18, 19 








